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PREFACE

Recently new tendencies have been formed in construction practice being typical for many 
countries, viz.: 

− construction of high-rise buildings and underground structures; 
− congesting construction in urban conditions using new dredged areas; 
− development of modern urban transport infrastructure including highways, bridges and 

tunnels;
− preservation and reconstruction of historic buildings. 
It may be noted that irrespectively of a city or a country, numerous technical problems re-

lated to realization of the above tendencies arise in connection particularly with the geotechnical 
element in any simple or complicated project. 

Rather effective methods of calculations for structures including foundations and their sub-
soils had been developed in previous years. Unfortunately, the theories behind these methods 
does not handle properly the complicated systems that are being constructed nowadays. There is 
a call and a need for necessary inclusion of combined soil-structure interaction (SSI) calcula-
tions. At the design stage such calculations enable one to optimize dimensions of structures 
while utilizing the mechanical resources of soil in full. Undoubtedly, a whole range of problems 
appears in that respect that should be solved by common efforts of specialists in site investiga-
tion, geotechnical engineering and superstructure engineering. It is only by such common effort 
that the possibility will arise to implement modern architectural fantasies such as super-tall 
buildings, super-long bridges, and super-large underground structures. Complications tend to 
amass suddenly and profusely, like an avalanche, and the level of research both theoretical and 
applied does not always appear to be adequate. Undoubtedly, private construction companies are 
eager to finance research that will give quick results for certain projects. Global Fundamental 
studies, however, should be taken care of by public agencies capable of solving such a kind of 
universal problems, providing their people with dignified life in "full accordance with nature".  
Now it is time when geotechnics and geotechnologies should embody this important principle at 
all stages of project implementation. The time when people tried to get everything possible from 
nature to provide for their momentary needs is passed. The world pays dearly for indifference to 
nature and for negligence in preserving its wealth for next generations. 

All papers, lectures and reports submitted for inclusion into the proceedings meet the re-
quirement for such 'environmental reasonableness'. Environmental issues are crucial to survival 
of human beings. 

What are the problems that should elicit special attention from scientists, designers and all 
engineers who take part in creation and implementation of construction projects? 

1. Site investigation should primarily be carried out as requested by designers, or even 
specialists in construction calculations and numerical modeling of complicated construction 
situations. Soil mechanics has actually become a data base for combined calculations of the 
entire system "subsoil – foundation – superstructure". It is obvious that the procedure of sample 
taking will benefit from an improvement and a system of laboratory modeling should be devel-
oped with the purpose of getting main strength and deformation parameters of soil to enable 
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reliable predictions. The pressing need for obtaining universal rheological soil parameters for all 
specialists in geotechnics and calculations is upon us. Otherwise, 17 calculation teams from 
different countries will calculate 17 different sets of values on stress-strain condition of soils and 
stress parameters of structures. And all of them will differ from the measured ones, as was the 
case related to a well known construction pit in Berlin. Moreover, the main calculated parame-
ters in that case differed by a factor of one magnitude from the measured values, what is cer-
tainly dangerous and adds uncertainty to the theory of numerical modeling. 

2. Global licensing system of all construction software seems absurd. Tested and  
calibrated individual software products should be used. Calculations should be assigned to a 
purposefully designated specialist who will be vested with a right to choose from software 
products either available on the market or one of his own making. A system of monitoring will 
help to confirm whether calculation results conform to the actual data and if necessary will help 
correcting the design. In all cases geotechnical science is provided with a real tool for risk 
management. A principle of interactive monitoring based on the observational method remains a 
reliable base for safe construction and risk minimization. 

3. A multitude of problems, primarily of geotechnical nature, are discussed in the present col-
lection of papers. These problems are the focus of work dealt with by the ISSMGE  
Committees, including -38 "Soil-structure interaction" and -41 “Geotechnical Infrastructure for 
Megacities" that organized this conference. 

It is not a coincidence that in such city as St. Petersburg – famous for its architectural ensem-
bles and well known for its complicated ground conditions – soil-structure interaction calcula-
tions and active monitoring are being developed so actively. Nowadays in St. Petersburg and 
Moscow, as also in many other world cities, 3-D SSI calculations, including analyses of non-
linear behaviour of subsoil and foundations, are being included into day-to-day design practice. 

We hope that the conference held in the oldest Russian educational institution of engineering 
and transport (which is 200 years old) will promote fruitful interchange of SSI calculation 
experience in cities of the world, including unique megacities. 

Chairman of ISSMGE Technical Committee 38 "Soil-Structure Interaction" 

       Professor V. . Ulitsky (Russia) 

Secretary of ISSMGE Technical Committee 38 "Soil-Structure Interaction" 

       Dr. .B. Lisyuk (Russia) 

Chairman of ISSMGE Technical Committee 41

"Geotechnical Infrastructure of Megacities and New Capitals" 

       Dr. . Negro (Brazil) 
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Underground construction in areas of soft soils 
distribution is viewed as one of the most com-
plicated geotechnical challenges, especially so, 
when building underground structures in con-
gested city areas. 

Safety of existing buildings must be viewed 
as the defining condition for design of any 
building or structure to be built in a historically 
established architectural environment. 

This condition is normally quite heavily im-
posed, much less leniently compared with usual 
design requirements for a building to be con-
structed away from any structures already in 
place. St.Petersburg specialists in soil mechan-
ics devised geotechnical design codes which 
have introduced a considerable degree of order 
into design and construction in St. Petersburg. 
The codes are governed by a systematic ap-
proach catering for all possible risk factors 
associated with construction in congested city 
areas. Owing to sequential application of those 
codes by all project participants failures and 
collapses have recently become an unlucky 
exception, rather than a regularity. 

St.Petersburg local foundation design codes 
likewise contain basic requirements to under-
ground construction. 
In cases of most complex reconstruction and 
new development in adjacency to existing 

buildings the following should be considered 
the principal risk factors: 
• machinery generated impact during founda-

tion construction; 
• increase of subsoil loads and development 

of corresponding foundation settlements; 
On the whole, underground construction fea-

turing deep open excavation is associated with a 
significantly wide range of risk factors, viz.:
• machinery generated impact during installa-

tion of retaining structures; 
• machinery generated impact during (bulk) 

excavation;
• possible ground water level fluctuation 

around an underground structure; 
• change in static response of subsoil during 

excavation.
The last of the above-enumerated factors is a 

multicomponent one. It is related to e.g. prox-
imity of existing buildings, stiffness of retaining 
and shoring structures, duration of works, and, 
last but not least, the adopted concept of con-
struction organization. Thus the official docu-
ment detailing construction schedule and 
organization, these days not infrequently treated 
with a tinge of carelessness, acquires defining 
character when dealing with underground 
construction. It contains a specific and detailed 
schedule of the entire underground construction 

ABSTRACT: Ground conditions in the centre of St.Petersburg owe much of their specificity to a considerable 
presence of soft structurally unstable soil strata. Open-cut underground construction in such ground conditions 
becomes a geotechnical task of multiple factors. The complicacy of this task is more often than not aggravated 
by poor condition of existing buildings, which are normally listed. To bring risks to the minimum it is suggested
to broaden the information pool by means of instrumented test pits on actual underground construction sites. 
This caters for proper corrections of numerical modelling parameters and serves designers with a possibility of
relevant optimizations. Additionally, this creates a substantiated working schedule whose quality and integrity 
may be controlled by means of monitoring during construction. All these enable geotechnical specialists to 
manage risks using a reliable research background, which is especially important for complicated ground 
conditions. Practical examples of such works on sites of St.Petersburg are described. 

Underground Construction in Cities on Soft Soils

V.M. Ulitsky 
Saint Petersburg State Transport University, Russia 

A.G. Shashkin 
NPO «Georeconstruction-Fundamentproject», Saint Petersburg, Russia 
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concept – starting from general layout of works 
and down to individual joints and details of e.g.
mounting braces on a cofferdam. 

To ensure safety of existing buildings vis-à-
vis so big a number of risk factors each of them 
has to be minimized. 

St.Petersburg geotechnical codes pivot on a 
basic principle of ensuring acceptable risk: the 
sum of all risk factors should not be in excess of 
a permissible limit either defined through a 
calculation, or governed by a coded value 
derived from accumulated experience. The 
criterion of risk in such a situation is additional 
deformations of existing buildings (including 
absolute settlements, tilts and skews). 

Deformations resulting from earthworks of 
any kind are defined either through appropriate 
calculations or by performance tests. 

We believe St.Petersburg geotechnical codes 
to have contributed a lot towards preservation of 
the city’s historic structures introducing checks 
on irresponsible approaches to design and
construction in the historic centre. This guardian 
role of the codes is likewise effective as far as 
underground construction is concerned. 

It is quite obvious that a modern megacity 
development is unthinkable without an active 
use of underground spaces. For places like 
St.Petersburg, being architecturally unique, 
development of underground spaces is the only 
opportunity of preserving its historical 
appearance while trying to breathe a new life 
into this “open air museum city”. 

It is not to be forgotten, however, that 
design errors in underground construction may 
be much more detrimental than those committed 
in respect of above-ground developments. 
Those errors might lead not only to settlement 
increase and opening of cracks in adjacent 
structures but also to potentially calamitous 
repercussions involving collapse of buildings. 

The challenge of underground space devel-
opment in urban areas throughout the civilized 
world is answered by geotechnical science and 
practice. In view of the fact that Russian 
construction science has suffered lack of 
government financing for more that two 
decades it would be unusual if it could provide 
any ready prescriptions for resolving this 
problem. It is unfortunate but should one look 
elsewhere in the world for research and 
expertise in this area, one would hardly be able 

to find a standard solution for specific ground 
conditions in St.Petersburg. A number of sad 
examples could be adduced at this point 
wherewith to illustrate the work of arguably the 
most famous European geotechnical contractors 
leading to complete fiascos resulting in 
demolition of existing historic structures. It 
would suffice to quote such sites as Nevsky 
Prospekt 57 (Nevsky Palace Hotel) and the 
Transportation and Commercial Centre near 
Moscow Railway Station. 

Thus we conclude that simple importation of 
geotechnologies from elsewhere in the world 
without their due adjustment to complicated 
ground conditions of the area is doomed from 
day one. 

In this situation, strongly redolent of a dead-
lock, St.Petersburg geoengineering specialists 
have done an enormous amount of educational 
work amongst investors, explaining to them all 
complications and risks involved in under-
ground construction. In the situation of no 
governmental financing being available it is the 
investors who are vested with the duty of 
conducting fundamental geotechnical research, 
without which no underground construction in 
the city may begin. This principled stand only 
began yielding results two years ago. 

Currently in St.Petersburg under the guid-
ance of the present writers unprecedented in situ 
studies are being implemented. Below we shall 
briefly enumerate the sites where this field 
research is being done: 
• Trade and Commercial Centre on Komen-

dantskaya Ploshchad, featuring the first ever 
underground structure in St.Petersburg, a 
circle of 78 m diameter and 18 m depth, 
successfully built using “slurry trench wall” 
method (The Client: “Adamant”, The Con-
tractor/Designer: “Geoizol” and “Franki”; 
geotechnical supervision including model-
ling and calculations ‘Georeconstruktsiya-
Fundamentprojekt’) – year 2006; 

• Sections of open cut tunnelling on the left 
bank of the Neva for Orlovsky Tunnel pro-
ject where monolith slurry trench wall was 
constructed for the first time in 
St.Petersburg, using T-shaped panels (The 
Co-ordinator PSO ‘Systema GALS’, The 
Conractor ‘Geoizol’, The Designer – ‘Geo-
reconstruktsiya-Fundamentprojekt’) – year 
2006;
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• Test pit for construction of a 8.5 m deep 
underground structure with sheet-piled cof-
ferdam near Moscow Railway Station (The 
Client – ‘BRIZ’; The Designer – ‘Grogoriev 
i Partnery’; geotechnical research – ‘Geore-
construktsiya-Fundamentprojekt’) – October 
2007;

• Test pit for construction of an 11.5 m deep 
underground structure with sheet-piled cof-
ferdam on Mariinsky Theatre Extension site 
(The Client: Governmental Agency ‘North-
west Directorship for construction, recon-
struction and restoration’; The Main Con-
tractor – ‘GSK’; design and geotechnical 
research – ‘Georeconstruktsiya-Fundament-
projekt’) – October - December 2007; 

• Test pit provided to research the influence of 
the slurry trench wall constructed in imme-
diate adjacency to existing residential build-
ings, the occupants of which had been pre-
viously moved to new premises; the site is 
located on Zoologiichesky Pereulok (The 
Client– ‘Vozrozhdenie St.Petersburg’, the 
contractor - ‘Geoizol’, geotechnical research 
– ‘Georeconstruktsiya-Fundamentprojekt’) – 
December 2007 – January 2008. 
The sites on which to conduct the in situ re-

search were chosen by us so as to rule out any 
possible influence of our experiment on the 
existing buildings, thereby insuring absence of 
any risk for the residents. 

Considering the methodology of our re-
search it is important to note the sequential 
nature of the conducted studies featuring grad-
ual increase of complicacy as far as the geo-
technical problems were concerned. 

The minds of all design and construction 
participants of the project on Komendantskaya 
Ploshchad were somehow dominated by an-
other, not altogether fortunate, slurry trench 
wall situation experienced during construction 
of an underground station vestibule, which also 
happened to be unreasonably protracted in time 
(exceeding three years). The main problem 
presented itself as ensuring stability of the 
trench under Bentonite protection. Therefore 
‘Franki’ initiated application of heavy Ben-
tonite-cement slurry with density reaching 1.5 
t/m³ to keep the walls of the trench in place. A 
reasonable outcome of that approach was that 
concreting was dispensed with as it was likely 

that the concrete would get mixed with the 
slurry.

Thus a reinforced concrete structure of the 
wall was substituted for steel sheet piles intro-
duced into the Bentonite-cement slurry. Such 
solution was able to guarantee stability of earth 
works as well as the integrity of the wall. 
However, a considerable advantage of a mono-
lith slurry trench wall was missing viz. its high 
stiffness.

In the above case the underground structure 
was more than 50 m removed from the existing 
buildings and therefore presented no danger in 
terms of their stability. Instrumented research 
based on the network of inclinometers con-
firmed that such retaining structure, though 
applicable for the conditions of that particular 
project, possessed considerable deformability 
and was therefore unsuitable for construction in 
congested city areas with established historical 
architecture.

Within the cofferdam a test pit was exca-
vated from the initial surface level, in which the 
slurry trench wall was constructed with strict 
adherence to the standard method. Visual 
examination of the constructed fragment during 
bulk excavation proved that in principle con-
struction of the slurry trench wall was practica-
ble in soft clays. The quality of the wall was 
ensured by adherence to the standard method 
and application of state-of-the-art equipment 
(Fig. 1). 

The next step to fine-tune the slurry trench 
wall method was the construction of an open-
cut tunnelling section for Orlovsky Tunnel 
project on the left bank of the Neva. That site 
was uncommon for the ground conditions of St. 
Petersburg. Its distinguishing feature was the 
combination of sand strata with thickness 
exceeding 20 m deposited up to the ground 
surface level. However, such stratification was 
quite convenient for further developing of the 
slurry trench wall method, as rich positive 
experience of its application in such conditions 
was available throughout the world. Addition-
ally in such ground conditions all deficiency of 
retaining structures manifested itself clearly in 
the form of leakages. The site in question 
therefore was highly useful for educating the 
working personnel, identification of the desir-
able density of Bentonite slurry, as well as for 
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the adjustment of the nuances of the slurry 
trench wall method. 

Contemporaneously with adjustment of the 
slurry trench wall method on the two sites (near 
the Moscow Railway Station and Mariinsky 
Theatre) full-scale in situ research was carried 
out to identify the specificity of soft clay re-
sponse to bulk excavation. The ground condi-
tions of both sites were typical for the central 
historic part of the city. 

The cofferdams for test pits were built of 
steel sheet piles. Monitoring instrumentation 
was installed immediately along the line of 
sheet piles and throughout the area 15 m away 
from the pits. The instrumentation provided the 
data on both vertical and horizontal displace-
ment of the sheet piles, movements of ground 
surface and surrounding soil in-depth, as well as 
the information on the ground water level 
fluctuations and stress values in the braces 
installed sequentially as the bulk excavation for 
test pits was progressing. (Fig. 2.3) 

Considering the volume and comprehensive 
character the above in situ studies were posi-
tively unique for the Russian geotechnical 
practice, corresponding also to the cutting edge 
of international geotechnical research. 

First and foremost, the in situ tests played a 
convincing role confirming the accuracy of 
calculated predictions in respect of sheet piled 
cofferdams' behaviour in soft soils. 

Indeed, the idea of sheet piles cofferdams 
appeals strongly to Russian contractors, who 
have in their possession a wide range a high-
frequency resonance-free sheet piling hammers. 
Additionally, there is a wide range of sheet piles 
with variable profiles available on the market. It 
might be said that two years ago there was no 
available alternative to sheet piling in construc-
tion practice. 

Attempts at another technology, being that 
of cofferdam construction using secant bored 
piles, led to critical situations which resulted in 
demolition of existing buildings. It will suffice 
to mention such location as Nevsky Prospekt 55 
and 59, Michurinskaya Ulitsa 8, Ligovsky 
Prospekt 26 and 30, as well as a recent critical 
situation in Murusi House on Liteiny Prospekt, 
which fortunately was checked in time to 
preserve the building. In all those cases struc-
tural failures of adjacent houses was due to over 
drilling of spoil during bored piling, a danger 
particularly difficult to avoid when constructing 
secant pile walls. 

a           b 

Fig. 1. First favourable experience of constructing a large scale slurry trench wall based underground structure in 
St. Petersburg: a – view of the underground structure; b – a finite element calculation profile on "Design" stage. 

Thickness 0.8 m

Thickness 1 m

Ribs

Sheet piles 
Larsen V 
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High frequency resonance free sheet piling 
method was carefully fine-tuned and adjusted in 
ground conditions of St.Petersburg owing

primarily to long standing research conducted 
by Larissa Glossmann first in VNIIGS institute 
and then in ‘Georeconstruktsiya-Fundament-

Fig. 2. Test pit on Mariinsky Theatre extension construction site (2008).
General outlook of pit. Excavation completed. 

Fig.3. Load development curves in test pit braces, according to instrumentation. 
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projekt’. According to that research sheet piling 
with vibration hammers is permissible in 
relative proximity to existing buildings provided 
that it is accompanied by constant active moni-
toring of vibration acceleration. 

However, sheet piles certainly lose signifi-
cantly to monolith slurry trench walls as far as 
stiffness is concerned. For example, a sheet pile 
wall constructed of the habitual Larsen V 
profiles is equivalent to a reinforced concrete 
slurry trench wall only 40 cm thick, which is, of 
course, insufficient for a deep excavation 
cofferdam. Should one try to increase thickness 
of sheet piles, dynamic impact during installa-
tion rises dramatically, thus putting the adjacent 
existing structures at a great risk. This means 
that application of sheet piled cofferdams for 
deep excavations is significantly limited. 

Sheet piles prove ineffective at distances to 
existing buildings less than 1-1.5 excavation 
depth even with profuse bracing throughout the 
visible extension of the sheet pile wall. 

According to the theoretical and in situ re-
search conducted by the present writers, as bulk 
excavation is progressing and braces are being 
installed the biggest deformation occurs bellow 
the bottom of excavation, i.e. where installation 
of braces is yet impossible (See fig.4). An 
effective solution to this predicament would be 
provision of a preventive stiffening disc at the 
necessary depth in the underlying bulk of soil 
by means of jet grouting. It is this solution that 
is currently being realised on Mariinsky Theatre 
Extension construction site. 

In situ research of ground response using 
test pits allowed (for the first time in 
St.Petersburg reality) to furnish an instrumented 
and totally realistic study of soft soil response 
during bulk excavation. Based on this research 
certain methods have been developed providing 
the most adequate prediction of "soil-
cofferdam-existing buildings" system behav-
iour. The studies also provided the background 
for the design of the underground parts of 
Mariinsky 2 building. The value of the con-
ducted research extends beyond this project 
only, opening a perspective for successful 
development of underground spaces in the city 
in general. 

One of the most significant results of the 
studies was our ability to define regularities of 
unremoulded natural soils' behaviour. It was 

proved beyond any reasonable doubt that cores 
of soil manually sampled from an excavation 
respond to loading differently to the cores 
sampled from boreholes using the usual method. 
The natural structure was clearly retained even 
in such soils that are traditionally referred to as 
liquid. Under triaxial loading such soils undergo 
brittle failure with deformations of several per 
cent and formation of a slip circle (instead of 
"habitual" barrel–like deformation relevant for 
cores sampled from boreholes). It is notable that 
such soil response quite corresponds to the 
assumptions prevalent in geotechnical schools 
in the West considering behaviour of soft soils. 
This situation is demonstrative of a considerable 
deficiency present in the established Russian 
site investigation practice during which, owing 
to unavailability of sophisticated soil samplers, 
the natural structure of a soil core is totally lost 
during sampling procedure, i.e. the characteris-
tic reserves of St. Petersburg soils are not 
realized during testing. 

A logical extension of same research was 
yet another test pit (on Zoologichesky Pereulok) 
where influence of slurry trench wall technique 
on adjacent buildings was studied. It is a regret-
table fact that until recently research of new 
geotechnologies has been done mostly in the 
wake of errors committed by contractors and 
designers. The hostages, as it were, of such 
unscrupulous experimentalists were residents of 
the building adjacent to construction sites. 

Our in situ experiment on Zoologichesky 
Pereulok was significantly different to that 
unfortunate situation. The "Guinea pig" build-
ings were the soon-to-be-demolished ones from 
which the occupants had been moved. The test 
pit was constructed between those buildings in 
immediate adjacency to the walls. On that site 
we studied influences of slurry trench wall 
construction on existing buildings with various 
panel configurations. It is to be noted that it is 
practically impossible to recreate conditions 
equivalent to an influence of real buildings on 
their subsoil. There is no experience of such 
modelling in international geotechnical practice. 

The protective slurry trench wall was con-
structed at 1.8 m from the existing multi-storey 
buildings. Panels of various plan configurations 
were used: X-shaped in the corners of the pit, 
flat panels in adjacency to one of the buildings 
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and T-shaped panels in adjacency to the 
other(see Fig. 5). 

During slurry trench wall construction ob-
structions were encountered in several loca-
tions. They, therefore, had to be broken up and 
extracted. Thus the test pit in question featured 
a whole complex of extremely unfavourable 
conditions: densely constructed buildings on 

sub-soils containing vast bulk of structurally 
unstable clays accompanied by boulders in the 
moraine deposit. Nevertheless the result proved 
rather hopeful, as during slurry trench wall 
construction the settlements of the buildings 
were kept within the range of 18 mm, which did 
not exceed permissible values according to the 
local codes. Horizontal movement of soil were 

Horizontal movement (mm) 

Fig. 4. Horizontal movement (mm) of soil against excavation depth (m) from inclinometer readings. 

D
ep

th
 (m

) 

9



insignificant (see Fig. 6). 
Excavation of the test pit down to the level 

of 10 m in soft clay revealed internationally 
acceptable resulting quality of the slurry trench 
wall. It is also quite important to mention that it 
was on the site in question that T-shaped panels 
were executed for the first time in soft 
St.Petersburg clays. Despite the fact that con-
struction of such panels is normally associated 
with a longer duration of works and high risks 
of soil fallouts in inner corners along the exca-
vation, the influence on the neighbouring 
buildings was commensurable with that of flat 

panels (based on the instrumented measure-
ments). This experience paved the way for 
potential design application of low-
deformability slurry trench walls with abut-
ments for underground structures. Stiffness of 
such structures at thickness of the wall being 
800 mm and abutment extending 2.5 m is 
equivalent to a 2.5 m thick flat slurry trench 
wall.

Owing to that experiment designers and 
contractors received new perspectives for 
underground developments using a whole new 
spectrum of modern technical solutions, leading 

Fig. 5. View of test pit following completion of excavation. (St.Petersburg, Zoologichesky Pereulok 2-4) 
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to creation of stiff retaining structures. 
Nonetheless underground construction 

should not be used overenthusiastically. 
We envision a rather thorny path for the de-

signers trying to make use of our calculation 
and design methodology for underground 
structures with account of their interaction with 
existing buildings. Ahead of us lies a need for 
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radical change of the established site investiga-
tion practice where careful undisturbed soil 
sampling and representative laboratory research 
shall prevail. Contractors will have to follow in 
the footsteps of the leaders, primarily ‘Geoizol’, 
undertaking to educate themselves in the area of 
demanding earth works conditions in soft 
St.Petersburg soils. This lacking, development 
of underground space of the city shall remain 
either an impossible dream or a highly risky 
venture.

It is obvious that for calculations associated 
with design of underground structures to be 
constructed using an open method in congested 
urban conditions, state-of the-art numerical 
methods of "soil-foundation-structure" calcula-
tions should be used. This should allow evalua-
tion of risks on all stages of a project insuring 
also safety of existing buildings. Thereat com-
parison of actual monitoring data with calcula-
tion results will accommodate design modifica-
tions, with geotechnical monitoring becoming 
an active tool for minimizing risks. 
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Pile foundations design of new Tagus bridge and Guadiana bridge

Pedro S. Sêco E Pinto 
National Laboratory of Civil Engineering (LNEC) and University of Coimbra, Portugal 

ABSTRACT: In this paper the foundation system and soil-structure interaction are referred. The serviciability 
limit states are introduced. The potentially liquefiable soils and remedial measures are addressed. Two case stud-
ies related with pile design of New Tagus bridge and the liquefaction potential evaluation of Guadiana bridge foun-
dations are presented. Some conclusions are drawn. 

1. INTRODUCTION

The foundation system with particularly empha-
sis to soil-structure interaction is analysed. The 
serviciability limit states are introduced. The liq-
uefaction assessment of sandy, silty sandy mate-
rials is discussed. The remediation techniques 
are addressed. Two case studies related with the 
foundations design of New Tagus bridge and the 
liquefaction potential assessment of Guadiana 
bridge foundation are presented. 

2. FOUNDATION DESIGN

For the pile foundation each geotechnical design 
situation shall be verified that no relevant limit 
state is exceeded. Limit states can occur either in 
the ground or in the structure or by combined 
failure in the structure and the ground. Limit 
states should be verified by one or a combination 
of the following methods: design by calculation, 
design by prescriptive measures, design by loads 
tests and experimental models and observational 
method (Eurocode 7, 1997). 
 For the pile design the following limit states 
shall be considered (Eurocode 7, 1997): 

(i) – loss of overall stability; (ii) – bearing 
resistance failure of the pile foundation; (iii) – 
uplift or insufficient tensile resistance of the pile 
foundation; (iv) – failure in the ground due to 
transverse loading of the pile foundation; (v) – 
structural failure of the pile in compression, 
tension, bending, buckling or shear; (vi) – 
combined failure in ground and in the pile 

foundation; (vii) – combined failure in ground 
and in the structure; (viii) – excessive settlement; 
(ix) – excessive heave; (x) – excessive lateral 
movement of the ground; and (xi) – unacceptable 
vibrations.
 In general for the Soil-Structure Interaction 
(SSI) the design engineers ignore the kinematic 
component, considering a fixed base analysis of 
the structure, due the following reasons: (i) in 
some cases the kinematic interaction may be 
neglected;(ii) aseismic building codes, with a 
few exceptions e.g. Eurocode 8 do not refer it; 
(iii) kinematic interaction effects are more 
difficult to assess than inertial forces. 
 There is strong evidence that slender tall 
structures, structures founded in very soft soils 
and structures with deep foundations the SSI 
plays an important role. 
 The Eurocode 8 states:” Bending moments 
developing due to kinematic interaction shall be 
computed only when two or more of the 
following conditions occur simultaneously: (i) 
the subsoil profile is of class D, S1 or S2, and 
contains consecutive layers with sharply 
differing stiffness; (ii) the zone is of moderate 
or high seismicity, α>0.10; (iii) the supported 
structure is of important category I or II. 
 Piles and piers shall be designed to resist the 
following action effects: (i) inertia forces from 
the superstructure; and (ii) kinematic forces 
resulting from the deformation of the 
surrounding soil due the propagation of seismic 
waves.
 The complete solution is a 3D analysis very 
time demanding and it is not adequate for 
design purposes. The decomposition of the 
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problem in steps is shown in Figure 1 and 
implies (Gazetas and Mylonakis, 1998): i) the 
kinematic interaction involving the response of 
the base acceleration of the system considering 
the mass of superstructure equal to zero; (ii) the 
inertial interaction that involves the 
computation of the dynamic impedances at the 
foundation level and the dynamic response of 
the superstructure. 
 For the computation of internal forces along 
the pile, as well as the deflection and rotation at 
the pile head, both discrete (based in Winkler 

Spring model) or continuum models can be 
used.
 The lateral resistance of soil layers 
susceptible to liquefaction shall be neglected. 
In general the linear behaviour is assumed for 
the soil.

The following effects shall be included: (i) 
flexural stiffness of the pile; (ii) soil reactions 
along the pile; (iii) pile–group effects; and (iv) 
the connection between pile and structure. 

Figure 1. Soil-structure interaction problem (after Gazetas and Mylonakis, 1998)  
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3. SERVICEABILITY LIMIT STATES 

The foundation movements shall not reach 
certain limit values to avoid the occurrence of an 
ultimate limit state or a serviceability limit state. 
 Burland and Wroth (1974) proposed a 
consistent set of definitions based on the 
displacements, that are illustrated in Figure 2: 
- rotation (θ) is the change in gradient of a line 
joining two reference points;

- the angular strain (α), defined in Fig (2a), is 
positive for upward concavity (sagging) and 
negative for downward concavity (hogging); 

- relative deflection (Δ) is the displacement of 
a point relative to the line connecting two 
reference points on either side (see Fig. 2.(b); 

- deflection rate Δ/L, where L is the distance 
between the two reference points defining Δ;

- tilt (w) describes the rigid body rotation; 
- relative rotation (ℜ) – is the rotation of the 

line joining two points; 
- average horizontal strain (en) is defined as 

the change of length δL over the length L. 
The selection of design values for limiting 

movements shall take account of the following: 
(i) – the confidence with which the 

acceptable value of the movement can be 
specified; (ii) – the type of structure; (iii) – the 
type of construction material; (iv) – the type of 
foundation; (v) – the type of ground; (vi) – the 
mode of deformation; and (vii) – the proposed 
use of the structure. 
 Table 1 presents a summary of allowable 
deformations proposed by different authors and 
EC7.
 The allowable displacements for shallow 
foundations and raft foundations for sand and 
clay materials are summarised in Tables 2 and 3. 

 EC7 recommends that settlements for pile 
foundations for ultimate limit of states and 
serviceability limit of states shall include: 

-the settlement of a single pile; 
-the additional settlement due to group of 

action.

Bozozuk (1981), based on a study related 
with the allowable displacements in foundation 
bridges piles after the observation of 150 cases 
has proposed the limits for vertical settlement Sv

and horizontal SH defined in Table 4. 
 A recent study performed by Moulton (1986) 
based on 314 bridges located in United States and 
Canada has confirmed the proposal of Bozozuk 
(1981).
 Burland et al (1977) have proposed 6 
categories for damages in buildings related with 
Table 5 where categories 0, 1 and 2 are related 
with stetic damages, categories 3 and 4 are related 
with serviceability limit of states and category 5 
with ultimate limit of states (stability).

 Burland et al (1977) the concept of limit 
tension deformation elim to define the ultimate 
limit state. 
 Boscardin and Cording (1989) develop the 
concept of different levels of strain and have 
proposed, based in the analysis of 17 cases, the 
Table 6 to establish the relationship between 
category of damage and limiting tensile strain.
 Burland (1995) proposed three levels of risk 
for buildings: (i) preliminary evaluation; (ii) 
evaluation of second level; (iii) detailed 
evaluation.

For preliminary evaluation of buildings a 
value of θ less than 1/500 or settlement less than 
10 mm are considered of degree of severity 
negligible.
 For buildings of damage category 3 or higher a 
detailed evaluation shall be performed.
 A limit value for deformation is related with 
the occurrence of an ultimate limit state or of a 
serviceability limit state. 
 The differential settlements and relative 
rotations of foundations shall be established in 
order to avoid the occurrence of an ultimate limit 
state or a serviceability limit state (like cracking). 
 The computation of the differential 
settlement shall take into consideration: (i) - the 
variations of the ground properties; (ii) - the 
distribution of loads; (iii) - the construction 
methodology; (iv) - the stiffness of the structure.
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Figure 2. Definition of foundation movements 

Table 1. Allowable deformations 

A – Concrete buildings and reinforced walls 

Allowab.
values
for
rotations

Skemp
ton
and
MacD
onald
(1956)

Meyer
hof
(1956)

Polshin
et Tokar 
(1957)

Bjerrum
(1963)

EC7
(1994)

Structure
Damages
& cracks
on walls 

1/150
1/300

1/250
1/500

1/200
1/500

1/150
1/500

1/150
1/300

B – Wall without reinforcement 

Deflect.
ratio �/L 

Meyer
hof
(1956)

Polshin e Tokar 
(1957)

Burland e Wroth 
(1975)

Deform.
∪ 1/2500

L/H < 3 1/3500 
to 1/2500; 
L/H > 5  1/2000 
to 1/1500 

1/2500  L/H = 1 
1/1250  L/H = 5 

Deform.
∩ -- -- 

1/5000  L/H = 1 
1/2500  L/H = 5 

Table 2. Allowable settlements (in mm) for shallow foundations 

Allowable values  for isolated 
foundations

Burland et al. 
(1977)

Skempton e 
MacDonald (1956) 

EC7
(1994)

Total settlements in sands. 
Differential settlements in sands

25
20

40
25

50
20

Total settlements in clays. 
Differential settlements in clays 

45
25

65
40 High values 

 Table 4. Allowable values for bridge foundations Table 3. Allowable values for raft 
foundations settlements (mm)  Damage classification  Limit values  
Allowable
values for 
raft
foundations
settlements

Terzaghi
and Peck 
(1948)

Skempton
and
MacDonald
(1956)

Burland et al 
(1977) EC7  Allowable or acceptable  

SV < 50 mm 
SH < 25 mm 

Sandy soils 50 40 to 60 High values 50  With acceptable 
damages

50 mm = SV = 100 mm 
25 mm = SH = 50 mm 

Clay soils  65 to 100    Non acceptable  
SV < 100 mm 
SH > 50 mm 
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Table 5. Damages categories in 
buildings (after Burland et al, 1977) 

Table 6.  Categories of damages 
in buildings (after Boscarding and Cording, 1989) 

Damage
category

Degree of 
severity Description of damage Category of 

damage
Degree of 
severity

Limiting
tensile strain 
(%)

0 Negligible Hairline cracks 0,1 mm 0 Negligible 0 - 0,05 

1 Very light Fine cracks ,easily treated 1 Very slight 0,05 - 0,075 

2 Light Cracks easily filled 2 Slight 0,075 . 0,15 

3 Moderate Cracks required some opening  3 Moderate 0,15 - 0,3 

4 Severe 
Extensive repair working 
involving breaking and 
replacement

4 to 5 Severe to very 
severe >0,3

5 Very
Severe

Major repair involving partial or 
complete rebuilding 

    

4. POTENTIALLY LIQUEFIABLE SOILS 

An evaluation of the liquefaction susceptibil-
ity include SPT or CPT tests and grain size 
distribution. Normalisation of the overburden 
effects can be performed by multiplying SPT 
or CPT value by the factor (100/ σ’vo)1/2

where σ’vo (kPa) is the effective overburden 
pressure. This normalisation factor should be 
taken not smaller than 0.5 and not greater than 
2.

The seismic shear stress τe can be esti-
mated from the simplified expression: 

τe= 0,65 αgrγf S σvo                                 (1)

where αgr is the design ground accelera-
tion ratio, γf is the importance factor, S is the 
soil parameter and σvo is the total overburden 
pressure. This expression should not be ap-
plied for depths larger than 20 m. The shear 
level should be multiplied by a safety factor 
of [1.25].
 The magnitude correction factors in EC8 
follow the proposal of Ambraseys (1988) and 
are different from the NCEER (1997) factors. 
A comparison between the different proposals 
is shown in Table 7. 

Table 7. Magnitude scaling factors 

Magnitude
M

Seed & 
Idriss
(1982)

Idriss
NCEER
(1997)

Ambraseys
(1988)

5.5 1.43 2.20 2.86 
6.0 1.32 1.76 2.20 
6.5 1.19 1.44 1.69 
7.0 1.08 1.19 1.30 
7.5 1.00 1.00 1.00 
8.0 0.94 0.84 0.67 
8.5 0.89 0.72 0.44 

Empirical liquefaction charts are given with 
seismic shear wave velocities versus SPT 
values to assess liquefaction. A comparison 
between NCEER (1997) and EC8 proposal for 
pre-standard is shown in Figure 3. It is 
important to refer that the proposal for EC8 is 
based on the results of Roberston et al. (1992) 
and the proposal of NCEER(1997) 
incorporates very recent results. 

However the EC8 standard version con-
siders that these correlations are still under 
development and need the assistance of a spe-
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cialist. The importance of this topic has in-
creased and the assessment of liquefaction re-
sistance from shear wave crosshole tomogra-
phy was proposed by Furuta and Yamamoto 
(2000).

For the assessment of post liquefaction 
strength the following variables are important: 
fabric or type of compaction, direction of 
loading, void ratio and initial effective confin-
ing stress (Byrne and Beaty, 1999). 

A relationship between SPT N value and 
residual strength was proposed by Seed and 
Harder (1990) from direct testing and field 
experience (Figure 4). 

Ishihara et al.(1990) have proposed a rela-
tion of normalized residual strength and SPT 
tests, based on laboratory tests compared with 
data from back-analysis of actual failure cases 
(Figure 5). Also Ishihara et al. (1990) by as-
sembling records of earthquake caused fail-
ures in embankments, tailings dams, and river 
dykes have proposed the relation of Figure 6, 
in terms of the normalized residual strength 
plotted versus CPT value. 

By combination of cyclic shear stress ratio 
and normalized SPT N-values Tokimatsu and 
Seed (1987) have proposed relationships with 
shear strain (Figure 7). 

To assess the settlement of the ground due 
to the liquefaction of sand deposits based on 
the knowledge of the safety factor against liq-
uefaction and the relative density converted to 
the value of N1 a chart (Figure 8) was pro-
posed by Ishihara (1993). 

Following EC8 ground improvement 
against liquefaction should compact the soil or 
use drainage to reduce the pore water pressure. 
The use of pile foundations should be 
considered with caution due the large forces 
induced in the piles by the liquefiable layers 
and the difficulties to determine the location 
and thickness of these layers. 

Figure 3. Liquefaction potential assessment by 
NCEER (1997) and EC8 (pre-standard) 

Figure 4. Relationship between (N1) 60 and 
undrained residual strength (after Seed and Harder, 
1990)

The remedial measures against liquefac-
tion can be classified in two categories (TC4 
ISSMGE, 2001; INA, 2001): (i) the preven-
tion of liquefaction; and (ii) the reduction of 
damage to facilities due to liquefaction. The 
measures to prevent of occurrence of liquefac-
tion include the improvement of soil proper-
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ties or improvement of conditions for stress, 
deformation and pore water pressure.
 The measures to reduce liquefaction induced 
damage to facilities include supported by firm 
ground, strengthening of foundation, reduction 
of lift of structure for ground deformation and 
control of deformation after liquefaction. 

Figure 5. Relation of normalized residual strength 
and SPT tests (after Ishihara et al., 1990)

Figure 6. Normalized residual strength plotted ver-
sus CPT values (after Ishihara et al., 1990)

Figure 7. Correlation between volumetric strain 
and SPT (after Tokimatsu and Seed,  1987) 

Figure 8. Post cyclic liquefaction volumetric strain 
curves using CPT and SPT results (after Ishihara, 
1993)
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5 NEW TAGUS BRIDGE

5.1. Introduction

With the construction of the new 18 km Tagus 
bridge Lisbon, capital of Portugal, will double 
the road access across the Tagus river into the 
city.
 The bridge is composed by a number of 
structures. From the Sacavém interchange on 
the west bank of the estuary traffic will cross 
the north viaduct, the Expo viaduct, the cable 
stayed bridge, the central viaduct and, finally, 
the south viaduct (Figure 9). 

Foundations for the bridge structures are a 
mixture of bored and driven piles. 

The central viaduct, with 6.5 km long, will 
be supported on 648 driven piles up to 60 m 
long. Eight piles with a diameter of 1.7 m will 
be installed below each pier on all the central 
viaduct piers except those next to shipping 
channels.

Three channels pass below the Tagus 
crossing; the main thoroughfare under the cable 
stayed bridge, and two smaller channels under 
the central viaduct. Piles supporting these piers 
are 2.2m in diameter, to protect against 
possible ship impact. 
 Driven piles were installed by joint venture 
subcontractor Volker Stevin - Ballast Nedam. 
Large barge mounted cranes were used to drive 
each pile as one piece. A handling capacity 
around 58 t was necessary by the cranes and 
the hammer to drive the piles into position. 

 Foundations on the cable stayed bridge 
with 0,83 km long and the south viaduct, with 
3.9 km long were bored piles installed by 
Italian contractor Trevi. Some 148 piles with 
2.2 m diameter were used on the cable stayed 
bridge and on the south viaduct there will be 60 
piles with 2 m diameter and 280 with 1.8 m 
diameter.

 For the north viaduct, with 1.4 km long, 
and for the Expo viaduct with 0.7 km long, 

some bored piles, with 1.8 m diameter installed 
by Teixeira Duarte were used. 

 One of the most important considerations 
for designers is the risk of earthquakes since 
Lisbon was wiped out by an earthquake in 
1755 of 8.5 of Ritcher magnitude. In the event 
of serious seismicity activity the new Tagus 
bridge will be the main access for emergency 
vehicles crossing the estuary. 

5.2. Main geological conditions

Taking into account the geological data 
obtained from two site investigation 
programmes (TEJOPROJECTO (1993a), the 
ground is composed by the following two main 
units (Figure 10): a) Alluvial deposits (Al), 
aged Holocene and Pleistocene; b) The 
bedrock under alluvial deposits, formed by 
Plio-Pleistocene materials. 
 The maximum observed thickness of this 
unit is around 78 m. In average, its thickness 
varies between 60 and 70 m. 

Five sub-units were defined, named a0, a1,
a2a,, a2b and a3. The a0 to a2b units show the 
common geological structure of alluvial 
deposits, with lenticular or interstratified 
layers, with some lateral variations sometimes 
even inside each sub-unit. 

At the bottom of the alluvial deposits there 
is a gravel layer (a3), made of fine to coarse 
gravel, with sand, cobbles and occasionally 
boulders. The coarser elements (cobbles and 
occasionally boulders) appear scattered or 
concentrated in some areas, making in this last 
case difficult the drilling equipment to go 
through the a3 layer.

In the following paragraphs will be 
presented the general description of each type 
of the differentiated alluvial deposits: 
a0  This unit is formed by silty to very silty 

clay (mud), dark grey, locally greyish 
brown, sometimes with fine to medium 
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sand bands and lenses, some shells and 
shell fragments. 

 Usually, a0 is the overlying alluvial unit. 
Its maximum thickness is around 35 m. 

a1 Fine to medium (occasionally coarse) 
sand, usually slightly muddy to muddy, 
dark grey to dark brown, with shells and 
shell fragments. 

a2a Silty clay to clayey silt, occasionally with 
sand bands and lenses, dark grey to 
yellowish brown, sometimes with some 
scattered fine to coarse gravel. 
Occasionally black organic matter. Shell 
fragments presence. 

a2b Yellowish brown to grey medium to 
coarse (occasionally fine) sand, with fine 
to coarse gravel (rounded to angular). 
Sometimes with shells and shell 
fragments. Usually, there is an a2b layer
that makes the transition to the a3 layer. 

a3 Fine to coarse gravel, rounded to angular, 
with sand, cobbles and occasionally some 
boulders, with brown colour. 

 This unit makes transition of the deposits 
to the Plio-Pleistocene materials of the 
bedrock.

 Its maximum thickness reaches around 10 
m, with an average thickness between 4 
and 7 m. 

The bedrock under the alluvial deposits 
consists in Plio-Pleistocene materials. 

Figure 9. New Tagus crossing site 

5. 3. Pile load tests

5.3.1 Introduction
Pile load tests were performed with the 

following purposes (Tejoprojecto, 1993 b): 
i) to determine the response of a 

representative pile and the surrounding 
ground to load, both in terms of 
settlement and limit load; 

ii) to check the performance of individual 
piles and to allow judgement of the 
overall pile foundation; 

iii) to assess the suitability of the construction 
method.

Load tests were carried out on several test 
piles and the test locations were representative 
of the site of the pile foundation and one test 
pile was located where the most adverse 
ground conditions are believed to occur. 

Load tests were carried out on trial piles 
which were built for test purposes before the 
final design. 

The results of load tests should be used to 
calibrate the design parameters and so to 
optimise the suggested values for pile lengths, 
based only on the interpretation of site 
investigation and laboratory and in situ test 
results (Sêco e Pinto and Oliveira, 1998). 

5.3.2 Vertical pile load tests 

Vertical load tests were performed on 3 piles 
located at main bridge (P8), central viaduct 
(P31) and South viaduct (P79). 

The construction of bored piles had the 
following steps: 

(i) installation by vibrodriving with a 
SOILMECH VTE 12000 of a permanent 
casing with an outside diameter: 1216 mm, a 
thickness of 8 mm and 16 mm at the shoe level 
and a length of 40 m;

(ii) excavation of the soil inside the casing 
with a bucket of 1180 mm diameter and a 
SOILMECH rotary machine RT - 3ST;
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(iii) boring below the bottom of the casing 
for a length higher than 19 m with a bucket 
using a polymeric drilling fluid  GEOMUD - 
15 mixed with salty Tagus water with the 

following composition: 2 kg of polymer per 
1000 l of water. The mixture had a Marsh 
viscosity 40” and a density 1.035. 

Figure 10. Simplified geological profile 

For the vertical load test the following 
equipments were installed: 8 electrical 
displacement transducers, 2 mechanical dial 
gauges, 2 strips of LCPC removable 
extensometers, with a resolution of 10-6, 1 
temperature sensor, 1 high precision pressure 
transducer, 1 hydraulically operated  pump, 4 
hydraulic jacks and 1 optical level (AGISCO, 
1995). The loading program consisted in 
reaching 20000 KN with 8 load increments. 

The load - settlement curves for piles P8, 
P31 and P 79 are shown in Figure. 11 (LCPC, 
1995).

 Failure loads were defined as settlement 
equal to 10% of the pile diameter, i.e. at 120 
mm settlement. Table 8 gives the values of 
predicted failure loads based from CPT tests 
and the observed values. The latter are lower 
than the predicted loads, with the exception of 
P79 (the length of this pile was increased 10 m) 
and the difference were attributed to the lower 
shaft friction values. The effect of grouting on 
the soil gave insufficient gain in bearing 
capacity, as can be assessed by P31i. 
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Table 8. Failure loads 

P8 P31 P79 P31i 
m p m p m p m 

15 20.3 15 21.4 
>21.15

24.5
>22.7 >17.5

m – measured p – predicted loads in MN 

5.3.3 Horizontal pile load tests 

Horizontal load tests were performed on 2 piles 
located at main bridge (P8) and south pylon. 

The construction of the piles has followed 
the same procedure already described. 

For the horizontal load tests the following 
equipments were installed: (i) - horizontal 
displacement; (ii) - load cell; (iii) - strain along 
the shaft using strain gauges; (iv) - 
displacement along the vertical using 
inclinometer tubes; (v) - temperature. 

The loading program consisted of: 10 load 
increments from 50 kN to 500 kN. 

For the south pylon, after 10 hours, a 
second series of load increments were applied, 
form 500 kN to 1 000 kN, to evaluate the effect 
of ship impact. 

The load displacement curve measured at 
0.95 m below load level is shown in Figure. 12. 

The computed values for pile 
displacements, bending moments and shear 
forces are shown in Figure 13.

5.3.4 Dynamic pile tests 

In order to have a better characterisation of the 
dynamic behaviour of the alluvial material for 
a bridge foundation a forced vibration test of a 
group of two piles was performed. A 3D finite 
element model was developed for the 
interpretation of the observed behaviour.

Figure 11. Load settlement curves for vertical test (adopted from Agisco, 1995)
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The piles with 1.20 m of diameter and 60 m 
long were connected by a cap with 5.5 x 3.5 x 
1.2 m. 

The soil - pile system was discretised with 
3D finite elements of the second degree (cubic 
with 20 nodal points). The numerical results 
are compared with the observed values, in 
terms of displacement transfer functions. 

In the dynamic test a shaker built in LNEC 
was used to impose on the pile cap, harmonic 
horizontal loads, with different amplitudes and 
frequencies (LNEC, 1995 b). 

The excitation frequencies were applied in 
steps of 0.1 Hz in the range from 0.5 to 20 Hz 
approximately. The dynamic response of the 
structure, for the various frequencies of 
excitation, was measured by means of velocity 
transducers and accelerometers. These 
equipments were placed in several points in 
order to monitoring the horizontal and vertical 
displacements.
 Time series of velocity were recorded on 
several points, during the test. The digital 
treatment of this time series was performed by 
a computer program developed at LNEC 
(Portugal, 1990). Treated series are transported 
for frequency domain and the displacements 
were obtained by integration. 

´

Figure 12. Measured load displacement curve for 
horizontal tests (adopted from Terrasol, 1995) 

Figure 13. Computed values for pile displacements, 
bending moments and shear forces (adopted from
Terrasol, 1995)

For the interpretation of the test results a 
3D model was used, to represent the soil, the 
two piles and the cap.

It was assumed that the piles were 
composed of a continuous, homogenous and 
isotropic material with a linear and elastic 
behaviour. The soil was considered a 
continuous material, with elastic behaviour, 
and composed of various homogeneous layers. 

The configuration of the two first modes of 
vibration and respective frequencies (observed 
and computed) is presented in Figure. 14. The 
first vibration mode corresponds to the bending 
of both piles following a direction 
perpendicular to the vertical plan that encloses 
both of them. The second mode corresponds to 
the bending of both piles in the vertical plan 
that contains them. 

The modal damping values used in the 
mathematical model were the ones that were 
best adjusted to the transfer functions observed 
in the test. The adopted values are presented in 
Table 9.
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Figure 14. Configuration of the two first vibration 
modes. Observed and computed frequencies 
(adopted from Oliveira et. al., 1996). 

Table 9. Modal damping values adopted in the 
mathematical model 

Vibration Modes 1 2 3 
Damping modal in % 
of the critical damping 7 13 20 

 The observed and calculated frequencies by 
the mathematical model are presented in Table 
10. There is a good agreement for the two first 
vibration modes. 

Table 10. Frequencies of the first vibration modes 

Vibration
Modes 1 2 3 4 

Observed
Frequencies 1.7 2.7 - - 

Calculated
Frequencies 1.76 2.29 8.78 11.70 

Figure 15. Displacement transfer functions. Com-
parison between computed and observed values 
(adopted from Oliveira et al., 1996)

Figure 16. Variation with depth of maximum dis-
placement of piles. X and Y directions (adopted 
from Oliveira et al., 1996)
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The results observed in the test and those 
computed by the mathematical model in terms 
of displacement transfer functions of the force 
applied by the shaker are shown in Fig. 15. 
 The good obtained agreement shows that the 
mathematical model is well calibrated for 
simulation of the behaviour of the soil piles 
system. The variation of maximum 
displacements of piles with depth according to 
directions X and Y, as well as some 
displacement transfer functions computed at 
different depths is shown in Fig. 16. 

6. GUADIANA BRIDGE

6.1.General description

The international bridge over the Guadiana 
river between Vila Real de Stº António 
(Portugal) and Ayamonte (Spain) is a cable-
stayed structure with five spans 36-135-324-
135-36 m long. It has two towers that are 324 
m apart. 

 The deck structure consists of a 
triangular box-girder with two inclined webs 
and interior stiffening provided by inclined 
struts and is, on one hand, suspended by cables 
from two towers and on the other hand it is 
supported on the tower beams, on pillars 
existing at the end of the lateral spans and also 
on the abutments (Câncio Martins, 1986). 

6.2. Geotechnical characteristics

The valley is filled by alluvia material, which 
in some places reach a thickness of 80 m, lying 
on rock of a schist and graywacke formation 
(Figure 17). The geotechnical characteristics of 
the alluvial material were determined by in situ 
tests (geophysical tests, SPT and CPT and vane 
tests) and also laboratory tests (index 
properties, dynamic tests and consolidation 
tests) (LNEC, 1976, 1978, 1985a, 1985b) 

whose principal characteristics are described in 
Table 15

The area exhibits a stratigrafic sequence 
with units from Holocenic to Triassic. The 
sandy materials are predominant and the rivers 
are filled with alluvia material composed by 
sands and muds. 

Three complexes were identified: (I) 
complex 2A composed by mud materials with 
some incrustation’s of sand material; (ii) 
complex 2B predominantly composed by sandy 
material; (iii)complex 2C composed by silty - 
sandy materials with gravels. 

The bedrock is composed by shale and 
grawackes formations. 

6.3. Instrumentation purposes

The instrumentation had the following 
purposes: (i) validation of the design criteria; 
(ii) evaluation of the interaction effects for the 
pile groups with a high stiff pile cap. 

Two types of tests were performed: (i) type 
A test in which two independent piles were 
separated by application of horizontal loads; 
and (ii) type B test in which the two caps of 16-
pile groups were approached together using the 
prestressed cables before the concreting 
operation of the beam (Sêco e Pinto and 
Coutinho, 1991). 

The latter test reproduces the situation of 
restrained pile heads. The pile cap was 
disconnected from the surrounding soil before 
the test. 

6.4. Measurements performed and type of 
instruments

Based on past experience the measurements 
and the type of instruments were selected. 

Taking into account that the distribution of 
the bending moments would be important in 
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Figure 17. General view and foundation section 

Table 15. Summary of the principal geotechnical characteristics of alluvial material 

Type
SPT
(N)

CPT
(kPa)

P wave 
Velocity
(m/s)

S wave 
velocity
(m/s)

Deformability
Modulus
(MPa)

cu-undrained
strength
(kPa)

cV - coefficient 
 of consolidation 
(m2/s)

Muddy
Complex

2 600 1400 110 1,8-3,0 20-40 5x10-7

Sandy
Complex

10-15 2500 1300 170 4   

Silty-
sandy
gravelly
complex

20-40 10000 1600 260 15-20   

the first fifteen meters of the piles, the 
electrical strain gages and inclinometer tube 
were located in this zone. 

The surface displacements of the pile heads 
and cap were determined using electronic 
theodolytes with a distanciometer and 
appropriate reflectors. 

The rotation measurements of pile heads 
and cap were determined by clinometers with a 
sensitivity of two sexagesimal seconds. 

The rotation measurements and the 
determination of horizontal displacements 
along the shaft were performed by introducing 

of the digitilt in inclinometer tubes attached to 
the reinforcement of the pile. 

The strains were measured by electrical 
strain gages placed inside two metallic tubes 
bonded to the reinforcement and installed at 
diametrically opposite positions on the plane 
of the acting forces. For the initial 10 m the 
electrical strain gages were 1 m apart and for 
the remaining length 2 m apart. 

Taking into account the great number of 
strain measurements needed in a short interval 
of time an automatic acquisition system was 
used with one microcomputer, a rigid disk of 
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40 Mbyte, one channel selector and one 
printer.

6.5. Characteristics of piles and caps

 The piles were cast-in-place using a steel 
tube with an external diameter of 2,0 m and 12 
mm in thick. The material was desagregated 
using a shopping bit and the cleaning was done 
by a clamp shell.
 After the opening of the hole the 
reinforcement of the pile was placed consisting 
of 84 longitudinal irons φ32 mm for the corner 
piles and 60 longitudinal φ32 mm for the 
central piles. An underwater concrete was used 
for the piles. 

The piles cap had the following dimensions 
16,5 x 16,5 x 5,0 m. 

6.6. Test program

The tests were performed using loading and 
unloading steps taking into account that the 
tensile strain should never reach the level 
100x10-6 which is considered to correspond to 
initial cracking of the concrete. Moreover the 
cap residual deformation should be less than 8 
mm.

In each loading or unloading step readings 
of electrical strain gages were performed and 
only in some steps measurements with 
clinometers, topographic equipment and 
inclinometers were taken. Type A test was 
conducted in 125 steps, with a duration of 6,5 
hours. The ultimate load was 800 kN. 

Type B test was conducted in 41 steps, 
with a duration of 9 hours and the ultimate 
load was 11520 kN. 

6.7. Interpretation of the results

A comparison between the rotations of pile 
head nº 33 given by the clinometers and the 
value observed by means of the inclinometer is 

shown in Figure 18. A good agreement was 
found between these two methods. 

Based on strain records the distribution of 
bending moments, shear forces, rotation and 
displacement of the shaft and soil reactions 
were determined (Sêco e Pinto et al., 1989, 
LNEC, 1990a). These diagrams will not be 
presented here owing the limitations of space. 
Only the bending moments diagram is 
presented in Figure 19. 

The lack of space does not allow us to 
show the whole strain distribution and Figure 
20 only presents the strain values for the 
maximum load 11520 kN. A detail analysis is 
presented elsewhere (LNEC, 1990b). 

With the recorded strain values the 
distribution of bending moments, shear forces, 
shaft rotations, shaft displacements and soil 
reactions were obtained. In Figure 21 the 
diagram of bending moments for the ultimate 
load is presented 

Figure 18. Pile head 33. Comparison between to-
pographic and inclinometer displacements.
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Figure 20. Recorded of observed strains in piles 

Figure 21. Distribution of bending moments 

Figure 19. Distribution of bending moments for piles 
32 and 33 
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6.8. Conclusions

The following conclusions can be drawn: 
(i) A good behaviour of the instruments 

designed was obtained. 
(ii) For type A test good agreement was 

obtained for the pile head rotations 
given by the clinometers and the 
inclinometers.

(iii) The maximum value recorded by the 
distanciometer was 14.02 mm for 
11520 kN. 

(iv) The values recorded by the electrical 
strain gages allowed us to obtain the 
distribution of bending moments, shear 
forces, shaft rotations, shaft 
displacements and soil reactions. 

6.9. Liquefaction Assessment  

Liquefaction potencial was performed using 
Grade - 3 method recommended by the Manual 
for Zonation on Seismic Geotechnical Hazards 
(TC4, 1993). 

 A typical grain size distribution curve for 
the sandy materials is shown in Figure. 22. 

 The seismic response was obtained by a 
computer finite element program developed at 
LNEC (Vieira, 1995). The shear stress 
distribution for near source and far source is 
presented in Figure 23. 

 A comparison between the soil resistance 
(obtained by SPT and CPT tests), the cyclic 
stresses computed by Seed method and 65% of 
the shear stresses computed by the code is 
shown if Figure 24. A more detailed analysis 
can be found elsewhere (Sêco e Pinto et al. 
1997).

It can be noticed that for the initial depths 
the computed stress by the two approaches are 
similar but for depths higher than 10 m the 
values computed by Seed method are higher 

than the shear stress obtained by the computer 
code.

For the complex 2B considering an average 
value N1= 12 a stress ratio value of τe//σvo = 
0.17 obtained from the dynamic analysis, the 
post-liquefaction volumetric strain estimated is 
2.5% following the Tokimatsu and Seed (1984) 
procedure. Assuming for the procedure 
proposed by Ishihara (1996), is estimated to be 
about 2.8%. Thus the surface settlement is 0.50. 

Figure 22. Grain size distribution 

 For these settlement values extensive 
damages will occur on ground surface with 
large cracks, spouting of sands, large offsets 
and lateral movements. 

 To mitigate the detrimental liquefaction 
effects densification and inclusions as 
countermeasures were used. 

7. CONCLUSIONS  

The following conclusions can be drawn: 
 (i) For the pile foundations each geotechnical 
design situation shall be verified that no 
relevant limit state is exceeded. 
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Figure 23. Shear stress distribution 

Figure 24. Liquefaction assessment for near source 
.

(ii) Limit states should be verified by one or a 
combination of the following methods: design 
by calculation, design by prescriptive 
measures, design by loads tests and 

experimental models and observational method 
(Eurocode 7, 1997). 
(iii) In other to improve the pile behaviour field 
tests with instrumented piles are highly 
recommended for design purposes. 
(iv) The results of load tests performed in 
Guadiana bridge and New Tagus bridge for 
design purposes have shown how they should 
be used to calibrate the design parameters, to 
check the performance of individual piles and 
to allow judgement of the overall pile 
foundation, and to assess the suitability of the 
construction method. 
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1. INTRODUCTION

The Structural Eurocodes are design codes for 
buildings, bridges and other civil engineering 
structures. They are based on the Limit State 
Design (LSD) approach used in conjunction 
with a partial factor method. They consist of 10 
sets of standards: 'Eurocode: Basis of structural 
design' (EN 1990) and Eurocodes 1 to 9 (EN 
1991 to EN 1999; EN is for ‘European Norm’) 

Eurocodes 2, 3, 4, 5, 6 and 9 are ‘material’ 
Eurocodes, i.e. relevant to a given material 
(reinforced concrete, steel, etc.). EN 1990 
(Basis of design), Eurocode 1 (Actions), Euro-
code 7 (Geotechnical design) and Eurocode 8 
(Earthquake resistance) are relevant to all types 
of construction, whatever the material.

Eurocode 7 should be used for all the prob-
lems of interaction of structures with the ground 
(soils and rocks), through foundations or retain-
ing structures. It allows the calculation of the 
geotechnical actions on the structures, as well 
the resistances of the ground submitted to the 
actions from the structures. It also gives all the 
prescriptions and rules of good practice for 
conducting the geotechnical part of a structural 
project or, more generally speaking, a purely 
geotechnical project.

Eurocode 7 consists of two parts: 
EN 1997-1 Geotechnical design - Part 1: 

General rules (CEN, 2004) 
EN 1997-2 Geotechnical design - Part 

2: Ground investigation and testing (CEN, 
2007)

In this paper, only Eurocode 7 – Part 1 on 
'General rules' is mentioned.

The development of Eurocode 7 – Part 1 has 
been strongly linked to the development of EN 
1990: ‘Eurocode: Basis of structural design’ 
(CEN, 2002) and the format for verifying 
ground-structure interaction problems is, of 
course, common to both documents.

After describing shortly the history of the 
development of Eurocode 7, and giving the 
main contents of the document, this Paper 
comments some aspects directly linked to soil-
structure interaction, without recalling all the 
principles of LSD and of the partial factor 
method used. 

2. DEVELOPMENT OF EUROCODE 7 AND 
MAIN CONTENTS 

2.1. History and implementation

The first Eurocode 7 Group, in charge of draft-
ing a European standard on geotechnical design, 
was created in 1981. It was composed of repre-

ABSTRACT: Eurocode 7 on 'Geotechnical design' is now actively being implemented throughout Europe. In 
particular, Part 1 devoted to the 'General rules' (Part 1) was published by CEN in 2004 and National Annexes 
have been prepared for final implementation in the various European countries. After describing shortly the 
history of the development of Eurocode 7, and giving the main contents, some aspects of particular interest to 
the soil-structure interaction modelling are described: design approaches (DA1, DA2 and DA3) for ULS verifi-
cations in persistent and transient design situations, SLS verifications and allowable movements of foundations. 

Some aspects of soil-structure interaction according to Eurocode 7
'Geotechnical design' 

R. Frank 
Université Paris-Est, Navier, Ecole nationale des ponts et chaussées –CERMES, France 
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sentatives of the National Societies for Geo-
technical Engineering of the 10 countries 
forming the European Community at that time. 
A first model code on general rules for geotech-
nical design (corresponding to Eurocode 7- Part 
1) was published in 1990. 

In 1990, the task of drafting design codes for 
buildings and civil engineering works was 
transferred to the Comité Européen de Normali-
sation (CEN, European Committee for Stan-
dardization) and CEN/TC 250 (Technical 
Committee 250) in charge of all the ‘Structural 
Eurocodes’ was created. In particular, SC 7, 
Sub-Committee 7, is in charge of Eurocode 7 on 
‘Geotechnical design’. Note that CEN is com-
posed of the national standard bodies of a 
number of European countries (in April 2008, 
30 countries are members, i.e. the 27 countries 
of the European Union, plus 3 countries of the 
European Free Trade Association ; 3 countries 
are affiliates).

In 1993, SC 7 adopted the ENV 1997-1 pre-
standard: ‘Geotechnical design - Part 1: General 
Rules’. It was clear, at that time, that (much) 
more work still needed to be done before 
reaching a full European standard (EN) accept-
able to all members of CEN. An important fact 
helped in obtaining a positive vote for the 
conversion into an EN (May 1997). It was the 
recognition by CEN/TC 250 that geotechnical 
design is unique and cannot be considered to be 
the same as other design practices needed in the 
construction industry. The models commonly 
used vary from one country to the other and 
cannot be harmonised easily, simply because 
the geologies are different and form the ration-
ale for the so-called ‘local traditions’… This 
recognition is confirmed by a resolution taken 
by TC 250 (Resolution N 87, 1996): ‘CEN/TC
250 accepts the principle that ENV 1997-1 
might be devoted exclusively to the fundamental 
rules of geotechnical design and be supple-
mented by national standards’.

The work for the conversion of ENV 1997-1 
into EN 1997-1 ‘Geotechnical design – Part 1: 
General rules’ was performed from 1997 to 
2003. The positive vote on the versions in the 3 
working languages of CEN (English, French 
and German) was obtained in 2004 (the vote 
was nearly unanimous: 26 countries out of 28 
expressed a positive vote). CEN finally pub-

lished Eurocode 7 – Part 1 (EN 1997-1) in 
November 2004 (CEN, 2004).

The publication of a Eurocode Part by each 
national standardisation body, in the official 
language(s) of the country, is to be accompa-
nied by a National Annex. The role of the 
National Annex is to indicate the decisions 
corresponding to the so-called "Nationally 
Determined Parameters (NDPs)". The National 
Annex can also give a ' normative' status to one 
or to several of the 'informative' Annexes, i.e. it 
(they) will be mandatory in the corresponding 
country.

As mentioned above, each country is also 
free to supplement the general rules of Euro-
code 7 by national application standards, in 
order to specify the calculation models and 
design rules to be applied in the country. What-
ever their contents they will have to respect in 
all aspects the principles of Eurocode 7.

The ‘legal’ status of standards/norms is dif-
ferent in each country and the regulatory bodies 
of the various countries have an important role 
to play for the implementation of the Euro-
codes. A ‘Guidance Paper’ has been elaborated 
by the European Commission to co-ordinate the 
implementation of the Eurocodes into the 
national regulations. (CE, 2003a). The Euro-
pean Commission has also issued a strong 
recommendation to the Member States inviting 
them to adopt the Eurocodes in their regulations 
(CE, 2003b). 

2.2. Contents of the document 

Eurocode 7 - Part 1: 'General rules’ is a rather 
general document giving only the principles for 
geotechnical design inside the general frame-
work of LSD. These principles are relevant to 
the calculation of the geotechnical actions on 
the structural elements in contact with the 
ground (footings, piles, basement walls, etc.), as 
well as to the deformations and resistances of 
the ground submitted to the actions from the 
structures. Some detailed design rules or calcu-
lation models, i.e. precise formulae or charts are 
only given in informative Annexes. Eurocode 7 
– Part 1 includes the following sections (CEN, 
2004):

Section 1    General    
Section 2    Basis of geotechnical design 
Section 3    Geotechnical data 
Section 4    Supervision of construction 
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monitoring and maintenance 
Section 5    Fill, dewatering, ground 

improvement and reinforcement 
Section 6    Spread foundations 
Section 7    Pile foundations 
Section 8    Anchorages
Section 9    Retaining structures 
Section 10  Hydraulic failure 
Section 11  Overall stability
Section 12  Embankments 
A number of Annexes are included. They 

are all informative, except for Annex A which is 
'normative' (i.e. mandatory). They are the 
following : 

Annex A  (normative) Partial and correlation 
factors for ultimate limit states and recom-
mended values 

Annex B  Background information on par-
tial factors for Design Approaches 1, 2 3 

Annex C  Sample procedures to determine 
limit values of earth pressures on vertical walls 

Annex D  A sample analytical method for 
bearing resistance calculation 

Annex E  A sample semi-empirical method 
for bearing resistance estimation 

Annex F  Sample methods for settlement 
evaluation

Annex G  A sample method for deriving 
presumed bearing resistance for spread founda-
tions on rock 

Annex H  Limiting values of structural de-
formation and foundation movement

Annex J   Checklist for construction super-
vision and performance monitoring 

Annex A is important, as it gives the partial 
factors for ULS in persistent and transient 
design situations ('fundamental combinations'), 
as well as correlation factors for the characteris-
tic values of pile bearing capacity. But the 
numerical values for the partial or correlation 
factors given in Annex A are only recom-
mended values. These values can be changed in 
the National Annex. All other Annexes are 
informative (i.e. not mandatory in the normative 
sense). Some of them, though, contain valuable 
material which can be accepted, in the near 
future, by most of the countries. 

3. SOME ASPECTS OF SOIL-STRUCTURE 
INTERACTION

3.1. General

It can be argued that the whole of Eurocode 7 is 
devoted to soil-structure interactions, as its first 
role is to provide the geotechnical rules for the 
structures designed with the so-called system of 
'Structural' Eurocodes (see Introduction above).

From the viewpoint of the structure, Euro-
code 7 provides the principles for determining 
the geotechnical actions (noted P in Figures 1 to 
3 in section 3.2 below, where only vertical 
equilibrium is considered). The geotechnical (P) 
and structural (G and Q)  actions and the "reac-
tions" from the ground (noted E), in turn, allow 
to check the resistance and/or the deformation 
of the structural element in contact with the 
ground. From the viewpoint of the ground, 
Eurocode 7 deals not only with the geotechnical 
actions on the structural element (P), but also 
with the deformations of the ground and its 
resistances (R) corresponding to the "reactions" 
(E).  The "reactions" (E) are the forces provided 
by the ground, which equilibrate both the 
structural actions (G and Q) and the geotechni-
cal actions on the structure (P) (E = -V in 
Figures 1 to 3). The values of the resistances of 
the ground correspond to the limiting values for 
the "reactions" in ultimate limit states verifica-
tions (ULS), i.e. E  R must be satisfied.

This assumes that the loads on the structural 
element have been determined previously. Soil-
structure interaction studies, in the pure sense, 
aim precisely at determining the loads and the 
displacements of the structural elements in 
contact with the ground. They take into account, 
of course, both the stiffness of the ground and 
the stiffness of the structure (see, for instance, 
Frank, 1991). Most often they use numerical 
methods (finite element method, load transfer 
functions, etc). The way to apply numerical 
methods in geotechnical engineering is not 
really the subject of Eurocode 7. Nevertheless, 
it comprises a large number of recommenda-
tions relevant to their use. It can even be noted 
that many of the requirements of Eurocode 7 are 
not practicable without recourse to numerical 
modelling, e.g. those relevant to the determina-
tion of the displacements of foundations.  
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In the following, the approaches advocated 
by Eurocode 7, for the ultimate limit state 
(ULS) verifications are described (i.e. sets of 
partial factors to be used for G, Q, P and R). 
The requirements for serviceability limit state 
(SLS) verifications and allowable movements of 
foundations, which are relevant to the displace-
ments of foundations, are also considered. 

3.2. ULS verifications 

The ultimate limit states (ULS) to be checked 
are defined, in the following manner, by Euro-
code 7 – Part 1, consistently with ‘Eurocode: 
Basis of structural design’ (CEN, 2002) (clause 
2.4.7.1 in EN 1997-1) : 

‘(1)P Where relevant, it shall be verified 
that the following limit states are not exceeded: 

– loss of equilibrium of the structure or 
the ground, considered as a rigid 
body, in which the strengths of struc-
tural materials and the ground are in-
significant in providing resistance 
(EQU);

– internal failure or excessive deforma-
tion of the structure or structural ele-
ments, including footings, piles, 
basement walls, etc., in which the 
strength of structural materials is sig-
nificant in providing resistance (STR); 

– failure or excessive deformation of the 
ground, in which the strength of soil 
or rock is significant in providing re-
sistance (GEO); 

– loss of equilibrium of the structure or 
the ground due to uplift by water 
pressure (buoyancy) or other vertical 
actions (UPL); 

– hydraulic heave, internal erosion and 
piping in the ground caused by hy-
draulic gradients (HYD). 

NOTE: Limit state GEO is often critical to 
the sizing of structural elements involved in 
foundations or retaining structures and some-
times to the strength of structural elements.’

The ultimate limit states should be verified 
for the combinations of actions corresponding 
to the following design situations (see EN 1990, 
CEN, 2002) : 

- permanent and transient (the corre-
sponding combinations are called 
‘fundamental’ );

- accidental ;

- seismic (see also Eurocode 8 - Part 5, 
i.e. EN 1998-5). 

The design values of the actions and the 
combinations of actions are defined in EN 1990 
(partial factors γ for the actions and factors ψ
for the accompanying variable actions).

For the soil-structure interaction, STR and 
GEO are the relevant ultimate limit states (in 
the case of foundations submitted to uplift by 
vertical  forces, UPL must also be checked). For 
STR/GEO, EN 1997-1 writes (clause 
2.4.7.3.1(1)P) : '… it shall be verified that 
Ed ≤ Rd (2.5) 
where: Ed  is the design value of the effects of 
all the actions, Rd is the design value of the 
corresponding resistance.' 

The debate about the format for checking 
the STR and GEO ultimate limit states was 
relevant to the persistent and transient design 
situations. This debate follows from the formu-
lation in the pre-standard ENV 1997-1 which 
inferred that STR and GEO had to be checked 
for two formats of combinations of actions, i.e. 
for Cases B and C, as they were called at that 
time. B was aimed at checking the uncertainty 
on the loads coming from the structure, and C 
the uncertainty on the resistance of the ground. 
Some geotechnical engineers were in favour of 
this double check, as others preferred having to 
use only one single format of combinations of 
actions (for more details, see, for instance, 
Frank and Magnan, 1999).

The consensus reached opened the way to 
three different Design Approaches (DA 1, DA 2 
and DA 3). The choice is left to national deter-
mination, i.e. each country can state in its 
National Annex, the Design Approach(es) to be 
used for each type of geotechnical structure 
(spread foundations, pile foundations, retaining 
structures, slopes or overall stability). 

The three Design Approaches are the fol-
lowing (clause A1.3.1 in EN 1990) : 

‘(5) Design of structural members (footings, 
piles, basement walls, etc.) (STR) involving 
geotechnical actions and the resistance of the 
ground (GEO) should be verified using one of 
the following three approaches supplemented, 
for geotechnical actions and resistances, by EN 
1997 : 

Approach 1: Applying in separate calcula-
tions design values from Table A1.2(C) and 
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Table A1.2(B) to the geotechnical actions as 
well as the other actions on/from the structure. 
In common cases, the sizing of foundations is 
governed by Table A1.2(C) and the structural 
resistance is governed by Table A1.2(B) ;

Note : In some cases, application of these 
tables is more complex, see EN 1997. 

Approach 2 : Applying design values from 
Table A1.2(B) to the geotechnical actions as 
well as the other actions on/from the structure ; 

Approach 3 : Applying design values from 
Table A1.2(C) to the geotechnical actions and, 
simultaneously, applying partial factors from 
Table A1.2(B) to the other actions on/from the 
structure. Note : The use of approaches 1, 2 or 
3 is chosen in the National annex.’

Tables 1 and 2 give, in a simplified manner,  
the recommended values for buildings taken 
from Tables A1.2(B) and A1.2(C) of EN 1990 
(CEN, 2002). The recommended values given 
may also be modified by National decision. 
Note that, for continuity with the ENVs, the sets 
of partial factors are noted 'Set B' and 'Set C'. 

Table 1. Recommended values for partial factors for 
actions on buildings (STR/GEO, Set B) 

Action Symbol Value 
  Eq. 

(6.10)
Eq.

(6.10a)
Eq.

(6.10b)
Permanent
-unfavour(1)

- favour(1)
γGsup
γGinf

1.35
1.00

1.35
1.00

1.15(2)

1.00
Variable 

- unfavour 
- favour 

γQ 1.50
0

1.5ψ0
0

1.50
0

(1) all permanent actions from one source are 
multiplied by γGsup or by γGinf.

(2) value of ξ is 0.85, so that 0.85γGsup = 0.85 ×
1.35 ≅ 1.15. 

Note 1 : choice between expression 6.10 or ex-
pressions 6.10a and 6.10b used together, is by 
National decision 

.Note 2: γG and γQ may be subdivided into γg and 
γq and the model uncertainty factor γSd. γSd = 1.15 is 
recommended.

Table 2. Recommended values for partial factors for 
actions on buildings (STR/GEO, Set C)

Action Symbol Value 
Permanent actions 

- unfavourable 
- favourable 

γG,sup

γG,inf

1.00
1.00

Variable actions 
- unfavourable 
- favourable 

γQ 1.30
0

In other words, Design Approach 1 (DA1) is 
the double check procedure coming from the 
ENV 1997-1 (B+C verification). Design Ap-
proaches 2 (DA 2) and 3 (DA 3) are new 
procedures using a single format of combina-
tions of actions. DA 2 is elaborated with ‘resis-
tance factors’ for the ground (RFA), as DA 3 
makes uses of ‘material factors’ for the ground 
(MFA).

Whatever the Design Approach selected, it 
is to be noted that STR and GEO ULS are 
checked with the same values of partial factors, 
i.e. with the same combinations of actions. 

Two important remarks should be made at 
this point :

- with regard to the choice between Eq. 6.10 
or Eqs 6.10a and 6.10b of EN 1990 (see table 1 
for set B),  Eurocode 7 only mentions Eq. 6.10 
(table A.3 in the note to paragraph A.3(1)P of 
Annex A in EN 1997-1). This derives from the 
fact that there is no experience on the use of 
Eqs 6.10a et 6.10b in geotechnical engineer-
ing…

- for DA 2 and DA 3, the partial factors can 
be applied either on the actions or on the effects 
of the actions (they are noted γF and γE , respec-
tively). This is relevant to the factors of set B 
and of set C (unfavourable variable actions).

Table 3 gives the link between Sets B and C 
and the corresponding sets of factors for geo-
technical actions and resistances : Sets M1 and 
M2 for material properties (e.g. shear strength 
parameters c', φ', cu, etc.) and Sets R1, R2, R3 
and R4 for total resistances  (e.g. bearing 
capacity, etc.). These sets are defined in Annex 
A of Eurocode 7 – Part 1. As mentioned above, 
Annex A also gives their recommended values 
which may be set differently by the National 
Annex. Note that the recommended values for 
the partial factors γM on material properties in 
Set M1 are always equal to 1.0. 
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Table 3. STR/GEO limit states. Partial factors to be 
used according to EN 1997-1 

Design
Approach

Actions
on/from the 

structure

Geotechnical

  Actions Resistances 

1
B B and M1 M1 and R1 

C C and M2 
M2 and R1 

or
M1 and R4* 

2 B B and M1 M1 and R2 
3 B C and M2 M2 and R3 

*for piles and anchorages 

Figures 1, 2 and 3, as well as their captions, 
illustrate the situation for each of the three 
Design Approaches. On these figures, index 'd' 
indicates a design value with a partial factor γ
different  from 1.0 and index 'k' indicates a 
value equal to the characteristic value. The 
values recommended by EN 1997-1 are used 
and, for simplicity, only vertical equilibrium is 
considered and only unfavourable actions have 
been shown in these figures.  

In DA 1, the first format (combination 1, 
former case B) applies safety mainly on actions, 
while the factors on resistances have recom-
mended values equal to 1.0 (Sets M1 and R1) or 
near 1.0 (Set R1 in the case of axially loaded 
piles and anchorages) ; in the second format 
imposed by DA 1 (combination 2, former case 
C), the shear strength parameters are always 
factored for the calculation of geotechnical 
actions and sometimes factored for the calcula-
tion of resistances (Set M2); in the case of 
axially loaded piles and anchorages, the total 
resistance is directly factored by applying Set 
R4. In DA 2, safety is applied both on the 
actions (Set B) and on the total ground resis-
tance (Set R2). In DA 3,  safety is applied both 
on the actions (Set B for the actions coming 
from the structure and Set M2 for the properties 
of the ground acting on the structure, i.e. for the 
geotechnical actions) and on the geotechnical 
resistances (Set M2 for the elementary proper-
ties; the recommended values for Set R3 for the 
total geotechnical resistance is always equal to 
1.0, except for piles in tension  and anchorages 
for which they are equal to 1.1). 

More details on the use of the three Design 
Approaches for persistent and transient situa-
tions are given, for instance, in Frank et al. 
(2004).

Figures 1 to 3 also show some specific fea-
tures of geotechnical design compared to 
structural design:

- some geotechnical actions depend on the 
ground resistance (e.g. earth pressures against 
retaining walls; downdrag on piles);

- some geotechnical resistances, on the other 
hand, depend on the actions (e.g. bearing 
capacity of shallow foundations under eccentric 
or inclined loads).

Thus, actions and resistances, cannot always 
be completely separated. 

With regard to the design values for acci-
dental situations, Eurocode 7 only states that 
(clause 2.4.7.1 in EN 1997-1) : '(3) All values of 
partial factors for actions or the effects of 
actions in accidental situations should normally 
be taken equal to 1,0. All values of partial 
factors for resistances should then be selected 
according to the particular circumstances of the 
accidental situation. 

NOTE The values of the partial factors may 
be set by the National annex.'

3.3. Verification of serviceability limit states 
(SLS)

The main discussions during the development 
of Eurocode 7 were about the format for verify-
ing ULS in permanent and transient situations. 
However, the verification of serviceability limit 
states (SLS) is an issue equally important in 
contemporary geotechnical design. This issue is 
fully recognised by Eurocode 7 which indeed 
often refers to displacement calculations of 
foundations and retaining structures, while 
common geotechnical practice mainly sought so 
far to master serviceability by limiting the 
bearing capacity or by limiting the shear 
strength mobilisation of the ground to relatively 
low values.

The verification of SLS in the real sense 
proposed by Eurocode 7 (prediction of dis-
placements of foundations) is certainly going to 
gain importance in the near future. For the time 
being, it is an aspect which is too often ne-
glected in common geotechnical practice.
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Note : for simplicity, only vertical equilibrium is considered and only unfavourable actions are shown. 

Figure 1. Design Approach 1 - Combination 1 (left), Combination 2 (right) (after Frank et al., 2004) 

Note : for simplicity, only vertical equilibrium is considered and only unfavourable actions are shown. 

Figure 2. Design Approach 2 - Factoring the actions at the source (left), factoring effects of actions (right; 
Design Approach DA2*) (after Frank et al., 2004) 

Eurocode 7 - Part 1 repeats the formulation 
of EN 1990 (clause 2.4.8, EN 1997-1) :  

'(1)P Verification for serviceability limit 
states in the ground or in a structural section, 
element or connection, shall either require that: 
Ed ≤  Cd                  (2.10)
or be done through the method given in 2.4.8(4).
(2)Values of partial factors for serviceability 
limit states should normally be taken equal 
to 1,0. 

NOTE The values of the partial factors may 
be set by the National annex.'

with Ed the design value of the effect of ac-
tions and Cd the limiting value (serviceability 
criterion) of the design value of effect of actions. 
At the same time, Eurocode 7 introduces imme-
diately the possibility to keep the traditional 
approach mentioned above (clause 2.4.8) : 
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Figure 3. Design Approach 3 (after Frank et al., 2004)

'(4) It may be verified that a sufficiently low 
fraction of the ground strength is mobilised to 
keep deformations within the required service-
ability limits, provided this simplified approach 
is restricted to design situations where: 
— a value of the deformation is not required to 

check the serviceability limit state;
— established comparable experience exists 

with similar ground, structures and applica-
tion method.' 
This clause is to be linked to the one dealing 

with the design methods of spread foundations 
(paragraph 6.4(5)P in EN 1997-1) : 

'(5)P One of the following design methods 
shall be used for spread foundations: 
— a direct method, in which separate analyses 

are carried out for each limit state. When 
checking against an ultimate limit state, the 
calculation shall model as closely as possible 
the failure mechanism, which is envisaged. 
When checking against a serviceability limit 
state, a settlement calculation shall be used; 

— an indirect method using comparable experi-
ence and the results of field or laboratory 
measurements or observations, and chosen in 
relation to serviceability limit state loads so 
as to satisfy the requirements of all relevant 
limit states; 

— a prescriptive method in which a presumed 
bearing resistance is used (see 2.5).' 
Indeed, the indirect method 'chosen in rela-

tion to serviceability limit state loads' comes to 
applying the traditional method of designing the 
bearing capacity of spread foundations, i.e. a 
simple calculation comparing the applied loads 
for serviceability limit states to a limit load 
divided by a global factor of safety high enough 
(usually around 3). Of course, as indicated in 

Eurocode 7, this can only be valid if there is no 
need to assess the settlement of the foundation 
and if conventional structures with well known 
ground conditions are dealt with.

Paragraph 2.4.8(2) of Eurocode 7 – Part 1, 
reproduced above, indicating that partial actors 
for SLS are normally taken equal to 1.0 (in other 
words that the design values of the various 
quantities are taken equal to their characteristic 
values), applies to the actions in the characteris-
tic, frequent or quasi-permanent combinations 
(see EN 1990), as well as to the geotechnical 
properties, such as the modulus of deformation. 
It should be noted that, for determining the 
differential settlement for instance, sets of lower 
characteristic values and upper characteristic 
values can be chosen in order to take account of 
the ground variability.

With regard to the use of the combinations of 
actions for SLS, EN 1990 provides (in editorial 
notes) some guidelines which are summarised in 
table 4 (clause 6.5.3 in EN 1990). 
Table 4. Recommended combinations of actions for 
checking serviceability limit states SLS 

When applying equation 2.10 of Euro-
code 7 - Part 1 (see paragraph 2.4.8(1)P repro-
duced above), it appears that the frequent and 
quasi-permanent combinations should be rec-
ommended ; on the contrary, in the case of the 
alternative method allowed by 2.4.8(4), the 
characteristic (or 'rare') combination should be 
used, because the experience gained in the past 
was rather for loads near this type of combina-
tion.

The last general paragraph in Eurocode 7 –
 Part 1 about SLS, deals again with the 'dis-
placement approach'. It states that (clause 2.4.8 
in EN 1997-1) : 

' (5)P A limiting value for a particular de-
formation is the value at which a serviceability 
limit state, such as unacceptable cracking or 
jamming of doors, is deemed to occur in the 
supported structure. This limiting value shall be 

Combination of 
actions

Use according to EN 1990 

Characteristic Irreversible limit states 
Frequent Reversible limit states 

Quasi permanent Long term effect and 
appearance
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agreed during the design of the supported 
structure.'

The application of these general clauses is 
detailed further down in Eurocode 7 - Part 1 for 
each geotechnical structure (in the Sections for 
spread foundations, pile foundations, retaining 
structures, overall stability and embankments). It 
is interesting to note that the document insists on 
the difficulty to predict displacements with 
accuracy (in the present state  of geotechnical 
engineering knowledge, of course!). 

3.4. Limiting values of displacements of founda-
tions

The knowledge of limiting allowable displace-
ments of foundations is a subject of prime 
importance, even though it is not often explicitly 
addressed. These limiting values depend primar-
ily on the nature of the supported structure, but it 
has also been a point of interest for geotechnical 
engineering for a long time, as well (a summary 
of data collected for buildings and bridges is 
given e.g. by Frank, 1991).

The limiting values of movements of founda-
tions is the subject, in particular, of clause 2.4.9, 
as well as of Annex H (informative) of Eurocode 
7 – Part 1. It is noted that clause 2.4.9 contains 4 
rather strong principles, i.e. paragraphs (1)P to 
(4)P. The first one says : 

'(1)P In foundation design, limiting values 
shall be established for the foundation move-
ments.

NOTE Permitted foundation move-
ments may be set by the National annex.'

Furthermore, it seems that not only  SLS are 
concerned (see above) but also ULS…(because 
movements of foundations can trigger an ULS in 
the supported structure).

Eurocode 7 lists a number of factors which 
should be considered when establishing the 
limiting values of movements. It is important 
that these limiting values are established in a 
realistic manner, by close collaboration between 
the geotechnical engineer and the structural 
engineer. If the values are too much severe, they 
will usually lead to uneconomical designs.

Figure 5 defines the parameters used to quan-
tify movements and deformations of structures. 
This figure, originally proposed by Burland and 
Wroth (1975) for buildings is reproduced in 
Annex H of Eurocode 7 – Part 1. 

smax

δ 
s 

m
ax

a) definitions of settlement s, differential 
settlement δs, rotation θ and angular 
strain α

b) definitions of relative deflection Δ and 
deflection ratio Δ/L

c) definitions of tilt ω and relative rota-
tion (angular distortion) β

Figure 4. Definitions of foundation movements and 
deformations of structures (CEN, 2004,  after Burland 
and Wroth, 1975) 

Annex H (informative) quotes the following  
limits  after Burland et al. (1977):

- for open framed structures, infilled frames 
and load bearing or continuous brick walls : 
maximum relative rotations between about 
1/2000 and about 1/300 to prevent the occur-
rence of a  SLS in the structure ;

- for many structures, a maximum relative 
rotation β = 1/500 is acceptable for SLS and 
β = 1/150 for ULS ; 

- these figures are for a  for a sagging mode 
(as in figure 4) ; for a hogging mode they should 
be halved;
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- for normal structures with isolated founda-
tions, total settlements up to 50 mm are often 
acceptable.

Obviously these values can only serve as a 
guide, in the absence of other indications on the 
limiting values for the deformation of the struc-
ture. They apply to routine buildings with 
uniform loading intensity. They should be used 
with great caution when the structure is not 
ordinary (i.e. the case of most bridges) or when 
the loading is not uniform. 

4. CONCLUSION

The implementation of the 'Structural' Eurocodes 
in the various countries will prove to be very 
important for the whole construction industry. 
Eurocode 7 is devoted to all the geotechnical 
aspects of structural design. It is meant to be a 
tool no only to help European geotechnical 
engineers speak the same technical language, but 
also a necessary tool for the dialogue between 
geotechnical engineers and structural engineers.

It is felt that Eurocode 7 will promote re-
search, in particular in the field of soil-structure 
interactions. One of the great challenges of 
contemporary geotechnical engineering is 
precisely the development of rational methods 
for predicting the movements of foundations, in 
order to design safe and more economical 
structures.
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1.  INTRODUCTION 

Osaka is the second largest city in Japan. When 
and if metropolitan Tokyo is not able to func-
tion as the capital, Osaka has to act as the 
economic center of Japan. There are known 
active faults in Osaka of significance not only to 
Osaka but also to all Japan. We have recently 
confirmed another active fault system under-
neath the soft ground of the Osaka region that 
will result in very high intensity ground mo-
tions. Historically, it was understood from the 
geomorphology that a fault runs north-south in 
the center of the city as shown in Fig.1. There is 
a terrace extending in this north-south direction. 
The west boundary of this Uemachi terrace 
forms a steep slope of some 20m in height. The 
geology of the terrace consists of much harder 
and denser soils compared to those in the west 
lowland where the surface geology consists of 
very soft clay and loose sand layers. The cause 
of the Uemachi terrace is considered as caused 
by fault action. 

However, boring studies for subway exten-
sion of the Kintetsu Railway line from Uehon-
machi to Namba station showed clear folding 
structure of geological formation. As shown in 
Fig.1, the flexure structure was found in the 
Pleistocene formation underneath the Holocene 

deposit at about 700m west of the inclined slope 
of the Uemachi Terrace. It was considered that 
the original cliff of the fault was eroded away 
and the terrace edge has progressively moved 
towards the east (Takenaka, 1969). 

2. SEISMIC IMAGE OF UEMACHI FAULT 

In the late of 1980’s, a seismic survey was 
carried out along the Dojimagawa river, a 
branch of the Ohkawa river, as shown in Fig.1. 
Bedrock was recognized at GL-800m in the east 
side but not in the west section where the base 
rock was expected at the level of GL-1500m. 

The flexure structure is clearly identified 
with a fault band of about 750m that is of the 
same order as at the section of the Kintetsu 
Namba extension line. 

The sedimentary layer of west low land in 
Osaka consists of Holocene formation with one 
clay layer at the top surface with a thickness of 
about 30-40m and Pliocene formation of alter-
native sand and clay layers down to the 700m 
with 13 clay layers. The alternating clay and 
sand layers were placed by the cyclic changes 
of sea level caused by glacial and inter glacial 
climate as well as steady settlement of crust 
movement in the Osaka Bay.

ABSTRACT: This paper describes an active fault system, the Uemachi Fault, in the Osaka region, Japan. The 
fault is covered by very thick Quaternary deposits. In addition to the known “Uemachi fault” along the west edge 
of Uemachi terrace, another fault system has recently been found. The hidden fault has no geomorphologic 
expression on the ground surface, however, it was anticipated based on evidence from a geotechnical boring data 
base and further confirmed by a seismic reflection survey. The vertical deformation is estimated based on 
normalization of the deformed soil layer in the seismic profile. The normalized vertical displacement was 
expressed by a hyperbolic tangent function. Deformations are estimated to be about 4m in the next event. An 
railway system crosses the fault at 15 points, and the need for countermeasures has been identified. One of the 
new subway lines that has been under construction and expected to open in October 2008 is shown here how the 
aseismic design has been made. 

Subway construction above an active fault in a mega city, Osaka

Y. Iwasaki 
Geo Research Institute, Itachi-bori, Nishi-ku, Osaka, Japan 
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Fig.1. Uemachi Fault along the edge of Uemachi upland Terrace 

The marine clay layers in Osaka Bay have 
been named as Ma0, Ma1, Ma2,------Ma13 
when the deep geological drilling was studied; 

later an additional layer was found below the 
Ma0 and was named as Ma-1. 

Fig. 2. Seismic profile of along Dojima River crossing over Uemachi Fault 

3. BORING DATA BASE IN OSAKA 

An extensive body of boring data in Osaka 
and nearby regions has been collected together 

since 1960 and arranged in a data base structure, 
as seen in Figure 3. The number of boring is 
about 35,000 at present on land. 
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Fig.3.
Boring point collected in
Osaka Region by 

Fig.4 West-east section of geotechnical structure based on boring data from the Osaka boring database 

4. SEISMIC SURVEY FOR DEEP 
GEOLOGICAL STRUCTURES IN 
OSAKA AND FAULT MOVEMENT 

Two lines are selected so as to show typical 
sections that are related to the active fault. One

is shown in Fig.4 where we recognize some 
surface expressions that suggest the existence of 
the fault based upon fault characteristics in 
geomorphology. Another is shown in Fig.5 
where we cannot recognize any fault effect on 
ground surface. 
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Fig. 6. Surface Geology and Seismic Profile along N-N’ 

Fig.6 Shallow and deep geological structure 
by boring data and reflection seismic sections 

Fig.4 shows a section from west to east that 
contains the Uemachi fault at the center. There 

is hilly shape upland approximately 20m in 
height and 2km in width. The fault is 
recognized at the western boundary of this 
upland where sharp bending exists in the 
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geological formations. In the east side of the 
upland, no flexure is recognized in the 
geological layers but very gentle inclination 
continues towards the east.

Fig.5 shows a section in west lowland from 
north to south. The ground surface is flat in the 
area. The underground structure from the boring 
data shows some inclination within a limited 
span of about 1000m. The flexure was named as 
“Shiomi-bashi” Flexure.  A seismic survey is 
planned to confirm the structure of the lower 
formations.

Fig.6 shows a comparison between the 
upper portion of the seismic survey and boring 
data. The shallow structure as shown in Fig.5 is 

displayed at the top portion and a deep boring 
log at left top in Fig.6. Seismic profile clearly 
shows the fault system at the same point as the 
Shiomi-bashi flexure. 

The deep boring KT was performed at Kita 
Tsumori, Nishi-ku, Osaka to study the geologi-
cal structure in Osaka after the 1995 Kobe 
Earthquake.  The boring was 250m deep, near 
the south end of the seismic line. The full length 
of sampling was carried out and detailed geo-
logical study revealed that the sequence of the 
clayey deposits in marine environment were 
identified from surface Ma13 in Holocene to 
Ma12, Ma11, Ma10, Ma9, and Ma8 as shown in 
the Fig.6. 
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Fig.7 Present level of Ma layers vs. Deposited time for northern and southern sides of the fault 

Each marine clay layer was considered to 
have been deposited during interglacial periods. 
The relation between each marine clay, and 
estimated age that is shown in the right side of 
Fig.7, is shown for the northern and southern 
sides. Fig.8 shows the difference in the height 
of the same clay layers for each side. Fig.7 
shows the sedimentation rate of the two blocks. 
The northern block settles more than the 
southern block. with settlement rate of about 
250-450m per million years. 

Fig.8 shows the resultant offset 
displacement of dip slip movement caused by 
the fault. It is interesting to note that the rate of 
the absolute settlement has decreased with time, 
however, the rate of the height difference is 
found to have increased from 1m per 10,000 
years to 2m per 10,000 years at about 0.5 
million years before the present.
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Fig.8 Height difference of the same clay layer 
between the north and south layer 

Fig.9 shows traces of the base surface of 
each Ma-clay layer. Base rock as well as ‘Fu-
kuda’(key volcanic ash layer).   Ma0, and Ma1 
are found sheared off with a sharp discontinuity. 
From Ma2 to Ma10, the traces are found to be 
folded continuously. The trace of each folding 
was digitized and the vertical dip distances were 
normalized by each dip distance. 

The group of trace lines were gathered and 
compared with a function of hyperbolic tangent 
as shown in the top of the Fig.9.  The distance 
between the two points with sharp curvature 
along the trace may be termed the characteristic
distance of the flexure, or, flexure distance. The 
characteristics distance was about 600m for the 
Shiomi-bashi flexure. 

Fig.9 Normalized dip slip 
deformation for “Shiomi-
bashi” flexure 
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5. WHEN AND HOW MUCH DOES THE 
FAULT MOVE? 

The recurrence time of the fault is not 
known. If several events including the last one 
were known to correspond to a known amount 
of dip, and also the corresponding occurrence 
times were known, we could estimate the time 
remaining for the next event and the amount of 
the displacement to anticipate. However, in 
Osaka area, there is only one trenched site at 
Uemachi Fault, where the dip was estimated at 
about 2m and the last event to have been around 
9,200-9,500 year BP. There is no trench site at 
Shiomi bashi flexure line. 

Fig.10 shows an expanded figure of the 
Fig.8 for the time range less than 500,000 years 
BP. The reading of the vertical axis at which the 
level difference line crosses is -4m. The reading 
of the horizontal axis at the same line is about 
20,000 years BP. These values may be 
understood as to imply that the last event was 
around 20,000 years BP and the anticipated dip 
amount may be assumed as about 4m. 

Based upon the preceding discussions, we 
may assume several key index values by which 
we can estimate the effects of fault movement 
upon life lines. 
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Fig. 10. Enlarged level difference of Fig.8 

6. DISTRIBUTION OF LIFELINES AND 
ACTIVE FAULTS IN OSAKA 

Osaka has been developed on the Uemachi
terrace developing north to south and then 
widening to east and west by developing rice 

paddy land and reclaiming Osaka Bay. As a 
result, the Uemachi fault lies underneath the 
heart of the Osaka urban district, at the edge of 
the Uemachi terrace.  Overlying this fault 
system is a major metropolitan region, served 
by an extensive dense network of lifelines.  We 
will see examples of lifelines in its relation to 
the fault system identified in the previous 
discussion. 

Figure 11 shows an example of the dense 
distribution of lifeline systems, in this case the 
rail way transportation system. Figure 11 also 
shows the typical crossing point of fault and 
flexure system by rail lines of the JR line, 
Keihan line, Hankyu-line, Hanshin-line, Nankai 
line, and Kintetsu line, as well as Osaka’s 
subway lines. In total, the Uemachi fault crosses 
these transportation lines at 8 points, the 
Shiomi-bashi flexure at 5 points, and the Sumi-
yoshi flexure at 2 points.  There has been no 
attempt to take into account the effects of the 
fault movement in the transportation system in 
Osaka. Currently, the construction of two new 
lines began in 1995 and railway parts are 
completed(as of May, 2008). 

Fig.11 Railway lines and Active faults with number 
of crossing fault points 
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7. ASEISMIC DESIGN FOR 
NAKANOSHIMA-LINE

One of these is the Nakanoshima new line, 
an extension of Keihan Railway line, which 
crosses the Uemachi fault at point 4 in Fig.11. 
The shield tunnel for this line is being designed 
to accommodate the displacement anticipated 
due to the fault. To consider any countermea-
sure against fault displacement, we should 
clarify three parameters of the fault type, 
characteristic length and the expected displace-
ment of the fault. Fault type is reversal type and 
assumed only for vertical displacement. The 
characteristic length is estimated as about 500m 
based upon the seismic profile as shown in 
Fig.12. The conventional boring only gives 
geological information shallower than about 
50m that did not show any continuity of the 
geological strata for the both sides of the fault. 
To obtain the geological deposit at the same 
period for both sides, much deeper borings were 
carried out to obtain the amount of the fault 
displacement. Since the same geological forma-
tion had deposited at the same period, the 

present any difference of the depth of the same 
layer is considered as the vertical fault dis-
placement of the fault. 

Fig.13 Deep boring for fault study 

Fig.12 Seismic profile at Nakanoshima subway line 
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As shown in Fig.13, Ma7 and Ma6 have 
been identified for both sides of the fault. The 
offsets of the fault displacements for these 
layers are 256m and 272m respectively. These 
geological layers are estimated as the deposits 
of 0.557My and 0.621My before present 
respectively. The rate of the fault displacement 
is about 0.44m/1000y. The last event of the 
earthquake caused by Uemachi-fault is 
estimated as 9,000years before present and the 
probable fault displacement expect by the next 
movement is about 4m. 

The seismic design of railway system 
against earthquake in Japan is classified into 
four levels of damaged states as follows, I. No 
damage, II. Light damage, III. Medium damage 
that is not structural failure and recoverable by 
emergent counter measure, and IV. Heavy 
damage that needs long period to recover

The damage level III was assigned for the 
displacement caused by the Uemachi 
earthquake.

The present tunnel is designed as 40 ‰ as 
the maximum possible inclination that is 
anticipated to be increased as 45‰ that is larger 
than the standard design specification. 

The tunnel design of the Nakanoshima-line 
aims to keep the tunnel structure as to avoid at 
least complete failure of the structure that may 
result in casuality. The shield segment used for 
the curvature parts was selected as ductile steel 
segment than concrete one used for other 
common part. 

CONCLUSIONS

The conclusions obtained are as follows: 
1. There are two types of active faults found in 

the Osaka region. One is associated with ter-
race formation. The other is a completely 
blind fault. 

2. Deep borings with geological dating, com-
bined with seismic surveys of the shallow 
structure were very effective to find, con-
firm the existence, and extract the key fea-
tures of the active faults. This information 
has been very useful to prepare possible 
countermeasures.

3. A subway line of Nakanoshima-line Osaka 
is planned to run across above the Uemachi-
Fault and designed as to avoid the structural 
failure of the tunnel structure against the ex-
pected increase of the curvature caused by 
flexure of the fault. 
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1. INTRODUCTION

Design and proofs of safety and serviceability 
of geotechnical constructions always rely on the 
information about the subsoil gained by soil 
investigation. Within the soil investigation, even 
if it is performed in an extensive way, only a 
small part of subsoil which will be influenced 
by the intended construction can be directly 
examined e.g. by drilling. In order to resolve 
this geotechnical problem of limited knowledge 
on the material properties an observation in 
sense of monitoring of the planed geotechnical 
construction measures must be performed if the 
geotechnical construction belongs to the highest 
Geotechnical Category, i.e. the Geotechnical 
Category GC 3 due to Eurocode 7 (EN 1997-1). 
The aim of the monitoring is the verification of 
the theoretical model as well as to prevent 
damage on the construction itself and adjacent 
buildings and to guarantee economic efficiency.

2. OBSERVATIONAL METHOD 

The monitoring of subsoil and structure is in 
case of Geotechnical Category GC 3 during the 
construction process and, in some extend, after 
the completion of the construction a central 
element of the safety concept in the context of 

the observational method (Peck 1969, Clough et 
al. 1989). 

In Eurocode 7: Geotechnical design - Part 1: 
General Rules (EN 1997-1:2004) the following 
rules for the application of the observational 
method are stated: 

“When prediction of geotechnical behaviour 
is difficult, it can be appropriate to apply the 
approach known as ‘the observational method’, 
in which the design is reviewed during con-
struction.

The following requirements shall be met be-
fore construction is started: 

• Acceptable limits of behaviour shall be 
established;

• The range of possible behaviour shall be 
assessed and it shall be shown that there is 
an acceptable probability that the actual be-
haviour will be within the acceptable limits; 

• A plan of monitoring shall be devised, 
which will reveal whether the actual behav-
iour lies within the acceptable limits. The 
monitoring shall make this clear at a suffi-
cient early stage, and with sufficiently short 
intervals to allow contingency actions to be 
undertaken successfully; 

• The response time of the instruments and the 
procedures for analysing the results shall be 

ABSTRACT: In dense urban areas the construction of e.g. deep excavations, foundations for heavy high-rise 
buildings or geothermal facilities requires adequate monitoring measures due to multiple reasons. Complex 
geotechnical structures need to be monitored in order to check whether they perform economically and with the 
expected safety and sustainability. In order to protect adjacent structures from damages caused by the construc-
tion and to prove the suitability of the construction method monitoring is indispensible. By means of three very 
typical examples in Frankfurt am Main, Germany the relevance of monitoring of geotechnical constructions in 
urban areas is shown. 

Monitoring of geotechnical constructions – an indispensable tool for
economic efficiency and safety of urban areas 

R. Katzenbach, G. Bachmann,
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Technische Universität Darmstadt, Institute and Laboratory of Geotechnics 
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sufficiently rapid in relation to the possible 
evolution of the system; 

• A plan of contingency actions shall be 
devised, which may be adopted if the moni-
toring reveals behaviour outside acceptable 
limits.

During construction, the monitoring shall be 
carried out as planned. 

The results of the monitoring shall be as-
sessed at appropriate stages and the planned 
contingency actions shall be put into operation 
if the limits of behaviour are exceeded. 

Monitoring equipment shall either be re-
placed or extended if it fails to supply reliable 
data of appropriate type or in sufficient quality.” 

The German National Standard DIN 
1054:2005 “Subsoil - Verification of the safety 
of earthworks and foundations” defines the 
cases in which the observational method has to 
be applied: 

• “Very complex construction projects (Geo-
technical Category 3); 

• Construction projects with pronounced soil-
structure interaction, e.g. mixed (shallow 
and deep) foundations, raft foundations, 
flexibly anchored retaining walls; 

• Construction projects with substantial and 
variable water pressure action, e.g. trough 
structures or waterfront structures in tidal 
areas;

• Complex interaction systems consisting of 
ground, excavation structures and neigh-
bouring buildings; 

• Construction projects in which pore-water 
pressures may reduce stability; 

• Construction projects on slopes.” 

The observational method is always a com-
bination of the common geotechnical investiga-
tions together with the theoretical modelling 
and a plan of contingency actions (Figure 1). 
Sole monitoring to ensure the stability and the 
serviceability of the structure is not sufficient 
and, according to the standardisation, for this 
purpose not permitted. 

Overall the observational method is an insti-
tutionalised controlling instrument to verify the 
soil respectively rock mechanical modelling 
(Rodatz et al. 1999, Katzenbach et al. 2005). 

Observational Method

Computational
Model

(PREDICTION)

Modification of
the computational

model

Measurement based
Controlling

(MONITORING)

Execution of the project

NOYES

Definition of
actions

Adaptation of the
building process

Comparison
prediction / monitoring

Actions necessary?

Figure 1. Principle of the observational method 

3. EXCAVATION “SKYPER” COMPLEX 

Especially in cases of excavation pits which are 
situated in city centres the complex interactions 
between the retaining structure, the subsoil and 
the surrounding buildings implies the applica-
tion of the observational method. Soil-structure 
interactions by high-rise buildings in urban 
environment are shown exemplarily in Katzen-
bach et al. (2006). 

Skyper

Deutsche
Bundesbank

Dresdner
Bank

Figure 2. “Skyper” complex, h = 151 m 

In the following example of the excavation 
for the 151 m high high-rise building “Skyper” 
(Figure 2) it is shown that the continuous 
monitoring of deep excavation pits is not only a 
part of the observational method with the goal 
of an optimisation of the design but also an 
instrument to prevent or to minimise damage 
via adaptation of the construction process in 
terms of contingency actions to changing 
boundary conditions. 
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3.1. Description of the project 

The office complex “Skyper” in Frankfurt am 
Main comprehends a 151 m high tower consist-
ing of 40 levels above ground surface and an 
adjacent office and residential building consist-
ing of 6 levels. 

The soil strata at the site consist of a 6 m 
thick filling underlain by about 7 m thick 
quaternary deposits. This strata consists of 
loam, gravel and sands. The quaternary deposits 
are underlain by the overconsolidated tertiary 
deposits of the Frankfurt Clay. 
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The whole complex has a 3 levels deep 
basement beneath the subsurface which leads to 
an excavation depth up to 14 m in the area of 
the tower and up to 11 m in the remaining part. 
The total area of the building pit is about 

5,200 m². In order to minimise deformations, 
the excavation pit was supported by a 3 level 
anchored secant bored pile wall. The distance 
from the secant bored pile wall in the northern 
side of the “Skyper” excavation to the head 
office of the “Deutsche Bundesbank” was 
between 6 m and 18 m. The anchors of the 
retaining wall in the northern area of the exca-
vation extend beneath the foundation raft of the 
“Deutsche Bundesbank” (Figures 3 and 4). 

Because of the complexity of the construc-
tion works and the presence of settlement 
sensitive adjacent buildings, the project is 
classified within the Geotechnical Category 3 
according to EC 7. 

The total structural load of the tower is 
transferred by a Combined Pile-Raft Foundation 
(Katzenbach et al. 2004) into the ground 
whereas the remaining building is founded 
shallowly on a raft. To ensure the stability of 
the bottom of the excavations against uplift, 
several relieving wells were constructed within 
the excavation pit. 

The “Deutsche Bundesbank” flanks with its 
whole length of 120 m in the south to the 
“Skyper” complex (Figure 3). The “Deutsche 
Bundesbank” has 3 levels beneath the surface 
with a foundation level of 86 m above sea level 
(Figure 4) and 5 levels above the surface. It is 
founded shallowly on a raft foundation at a 
depth of 11.5 m within the Frankfurt Clay. 

Because of the vulnerability of the 
neighbouring buildings a comprehensive moni-
toring programme was established which is 
described in detail in the following chapter. 

3.2. Monitoring programme 

The monitoring programme to supervise and 
control the works at the “Skyper” complex, 
including the excavation pit and the high-rise 
foundation, consisted of an architectural con-
servation of evidence, a geodetic measurement, 
a geotechnical measurement, a measurement of 
vibrations and the continuous geodetic meas-
urement using a motorised digital levelling 
system (MONA). 

Within the framework of the geodetic meas-
urements, a total number of 70 measurement 
points were observed. The geotechnical meas-
urement programme consisted on the one hand 
of inclinometer measurements to measure 
horizontal deformations versus the depth and on 
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the other hand of extensometer measurements to 
measure the vertical deformations of the subsoil 
beneath the subsurface and beneath the base of 
the excavation pit. Altogether 10 inclinometers 
and 5 extensometers were installed and ob-
served. Furthermore the measurement pro-
gramme included anchor force measurements 
and measurements of the ground water level. 
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Figure 5. Areas monitored by motorised digital 
levelling system MONA 

Figure 6. Motorised digital levelling system MONA 

The adjacent buildings were continuously 
monitored using a motorised digital levelling 
system (Figures 5 and 6). This measurement 
system allows an automatic survey of defined 
points at a fixed time interval. The measured 
data was displayed online and stored for further 
use. The measurement precision, which depends 
on the surrounding conditions like temperature, 
dust, and rain, was about 0.1 mm to 0.5 mm. 
The maximum possible distance between the 
digital levelling system and a measurement 
point was about 100 m. 

During the installation of the motorised digi-
tal levelling system, bar-coded levelling boards 
were attached at the measurement points (Fig-
ure 7). The measured displacements indicated 
relative values with respect to the location of 
the digital levelling system and were used to 
observe the specified compliance of the limit 
deformation value which in the present case was 
set to 0.1 cm relative displacement. 

Levelling boards

Figure 7. Levelling boards 

One measurement took about 4 seconds. In 
addition, there was also the time required to 
move towards the location of each bar coded 
levelling board. For a 360° rotation the system 
needed 5 seconds. Measurements at 10 locations 
could be carried out in 70 seconds with a full 
rotation of 360°. As compared to the conven-
tional levelling, the advantage of a motorised 
digital levelling system is the possibility to 
obtain detailed information about the vertical 
position of the observed points in very short 
measurement intervals. 

Measurement

Time
t1 t2

x1

x2

MONA-Measurement

Conventional
Geotechnical
Measurement

Figure 8. Influence of the measurement interval 
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By using this system it was possible to 
monitor the displacements, which arose during 
the anchor construction, with such accuracy that 
it was possible to correlate the obtained data 
with different stages in the anchor construction 
process. As a result the amount of obtained 
information increased considerably compared to 
conventional geodetic measurements (Figure 8). 

3.3. Anchor installation process 

Two different anchor installation processes 
respectively drilling techniques (single rotary 
drilling system, twin rotary drilling system; 
Figures 9 and 10) were carried out and continu-
ously observed with the motorised digital 
levelling system. 

Figure 9. Single rotary drilling system (schematic)

Figure 10. Twin rotary drilling system (schematic) 

The single rotary drilling was carried out 
with a drill of a diameter of 133 mm and flush-
ing with water to remove the soil. Within this 
method the diameter of the drilling rod is 
smaller than the diameter of the drilling head. 
As a result a gap is formed between the face of 

the bore hole and the rod through which the 
loosened soil is flushed out of the borehole. 

The second drilling method uses a twin ro-
tary drilling. This method utilises contrarily to 
the single rotary drilling system a casing in 
which the drilling and the flushing are per-
formed.

The two methods are first evaluated by in-
stalling anchors in a limited area of the southern 
retaining wall. This area was continuously 
monitored by the motorised digital levelling 
system. Shortly after the beginning of the single 
rotary drilling process, about 2 mm heave were 
observed above the drilling. By using the more 
expansive twin rotary drilling system no heave 
was measured at ground level above the drill-
ing.

After evaluation of the data, it was decided, 
to carry out all further anchor installations using 
the twin rotary drilling system to prevent 
damage on the adjacent buildings. All the works 
were continuously monitored with the described 
motorised digital levelling system and the 
construction process was adjusted to the meas-
urement data. For example, the intervals be-
tween the drilling and tensioning processes as 
well as between the injection works during the 
anchor installation were extended. 

4. COMBINED PILE-RAFT FOUNDATION 
“MAIN TOWER“ BUILDING 

The bearing behaviour and the force transfer 
within a Combined Pile-Raft Foundation 
(CPRF) have to be monitored due to the re-
quirements deriving from the soil, the super-
structure and the foundation according to the 
concept of the observational method on the 
basis of the monitoring program set up in the 
design phase. The monitoring comprises geo-
technical and geodetic measurements at the new 
building and also at the adjacent buildings.

The monitoring of a CPRF is an elementary 
and indispensable component of the safety 
concept. It is used for the following purposes:

• Verification of the computational model and 
the computational approaches, 

• In-time detection of possible critical states, 
• Examination of the calculated settlements 

during the whole construction process and 
the
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• Quality assurance respectively the conserva-
tion of evidence 

both during the construction process and 
during the service of the building. 

The monitoring program has to be set up in 
the design phase. The measurements must give 
information about the load distribution between 
the raft and the piles. 

4.1. Description of the project 

The “Main Tower” is a high-rise building of 
198 m with 5 basement levels and 57 levels 
above ground finished in 1999 (Figure 11). The 
total load of the building is 1900 MN. 

Frankfurt
limestone

Frankfurt
clay

Figure 11. “Main Tower” building

The raft with its thickness of 3.0 m to 3.8 m 
is founded 21 m below street level and 14 m 
below ground water level. The building shaft is 
arranged asymmetrically on the raft. The design 
of the foundation was determined by the re-
quirement to reduce the settlements of the tower 
itself and of the surrounding buildings in order 
to ensure their serviceability (Katzenbach et al. 
1999, Moormann 2002). 

The foundation is a CPRF including the raft 
and 112 large bored cast in-situ piles with a 

diameter of 1.5 m and a length of 30.0 m. The 
pile load is transferred in the Frankfurt Clay as 
the pile toes are located about 3 to 8 m above 
the limestone. 

The retaining system consisted of a secant 
pile wall of 257 piles with a diameter of 0.9 m 
respectively 1.5 m. In order to minimise the 
retaining wall deformation, the changes of load 
in the subsoil and the construction time a 
modified top-down method was used. 

4.2. Monitoring programme 

The project was controlled by geotechnical 
and geodetic measurements to observe the soil-
structure-interaction of the CPRF and the 
retaining system (Figures 12 and 13). 

Extensometer (depth: 100 m)

Geodetic measuring point on
top of retaining wall

Pile of retaining wall instrumented
with strain gauge in DMS-technique

Earth pressure cells

Combined inclinometer and
extensometer (depth: 100 m)

Figure 12. Instrumentation of retaining system 

The horizontal deformation of the retaining 
walls was controlled by 14 inclinometers 
positioned behind the walls. The vertical defor-
mation of the ground was measured down to a 
depth of 140 m below ground surface with 17 
extensometers.  

Aim of the measurements carried out in the 
foundation piles was the monitoring of their 
bearing behaviour as a pile foundation during 
the top-down method and later on as part of the 
CPRF. For this purpose 17 piles were equipped 
with load cells at the pile toe and 14 piles with 
load cells at the pile head. To determine the 
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load distribution along the pile shaft 335 strain 
gauges are installed in 21 piles. 

Foundation pile with load cell
at pile top

Foundation pile with strain gauges
in DMS-technique and load cell at
pile toe

Foundation pile with strain gauges
in DMS-technique and load cells at
pile top and toe

Earth pressure cell under raft

Piezometer

Figure 13. Instrumentation of CPRF 

Figures 14 and 15 show the fully automated 
data acquisition and monitoring system installed 
on decentralised locations in the basement 
levels of the “Main Tower”. The modular 
system linked by a network to central units 
operated automatically and offered the possibil-
ity to assess and visualise data of about 1.000 
sensors in real time. The data was transferred 
via telephone line to the engineering office. 

5th Basement

1st Basement

Decentralised
network

359 Sensors

132
Sensors

148
Sensors

Network

Office

Modem
PC

Unit in initial pitUnit in top-down area

Central unit

Unit for instrumented
piles with steel columns

PC

PC

PC PC

Interface

DL1

DL3

MP: Multiplexer
DL: Data logger

Interface

DL2

MP MP

MP

Bus
MP

DL4

MP
Bus

MP MP

MP

Figure 14. Decentralised data acquisition network 

Figure 15. Data acquisition units 

5. ENERGY PILE SYSTEM “FRANKFURT 
HOCH VIER“ COMPLEX 

The possibility of using foundation piles not 
only structurally but also as energy exchangers 
within a geothermal facility has already been 
carried out at several high-rise building projects 
in Frankfurt am Main, e.g. at the high-rise 
buildings “Skyper”, “Main Tower” and “Galli-
leo”.

Inflow of the
heat exchanger
fluid

Bored pile

Reinforcing
cage

Heat
exchanger
tube

Return of the
heat exchanger

fluid

Figure 16. Energy pile (Ennigkeit et al. 2001) 

Heat exchanger tubes are fastened to the re-
inforcement cage usually on the inner side of 
the cage (Figures 16 and 17). Together with the 
reinforcement cage the heat exchanger tubes are 
lowered into the borehole, which afterwards is 
being concreted. Through the tubes a heat 
carrying fluid circulates to transfer the energy 
between the ground and the building. As a result 
of the comparably low additional cost of the 
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installation equipment for the energy usage and 
the high energy recovery potential of the energy 
pile system, the geothermal concept was real-
ised in the present project “FrankfurtHochVier” 
(Katzenbach et al. 2007a) as well. 

Figure 17. Pile reinforcement with heat exchanger 
tubes and measuring equipment 

With the thermal use of geotechnical struc-
tures another aspect of monitoring requirements 
is addressed. Alike a load impact, the thermal 
impact of geothermal systems should be moni-
tored in order to protect the construction from 
damages caused by incompatible impacts, e.g. 
due to unwanted icing effects, and in order to 
check whether the geothermal system performs 
in the expected way. Furthermore the thermal 
behaviour of subsoil and the use of geotechnical 
structures for heating and cooling purposes is 
still subject of present research activities. 
Therefor the temperature monitoring of energy 
piles is of high interest.

5.1. Description of the project 

In the center of Frankfurt am Main on a con-
struction site of 17,400 m² the high-rise project 
“FrankfurtHochVier” is presently under con-
struction. It is located next to one of the most 
frequented shopping streets in Germany, the 
“Zeil” (Figure 18).

The complex consists of several structures 
with a total of 180,000 m² floor space, thereof 
60,000 m² underground. The project includes 
the historic building “Thurn- und Taxis-Palais” 
which’s façade will be preserved (Unit A). The 
office building (Unit B), which is the highest 
building of the project with a height of 130 m, 

will have 32 upper floors each with a floor 
space of 1,340 m². The hotel building (Unit C) 
will reach a height of 97 m with 25 upper floors. 
The retail area (Unit D) runs along the total 
length of the eastern part of the construction site 
and consists of eight upper floors with a total 
height of 34 m. The underground parking 
garage with five floors spans across the com-
plete construction area. With an 8 m high first 
sub level, partially with mezzanine floor, and 
four more sublevels the foundation depth results 
to 22 m below ground level. Thereby excava-
tion bottom is at 80 m above sea level. 

Figure 18. “FrankfurtHochVier” complex, plan view 

Figure 19. “FrankfurtHochVier” complex, cross 
section A-A 
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A total of 302 foundation piles (diameter up 
to 1.86 m, length up to 27 m) reach down to 
depths of 53.2 m to 70.1 m above sea level 
depending on the structural requirements. The 
pile head of the 543 retaining wall piles 
(∅ 1.5 m, length up to 38 m) between 94.1 m 
and 99.6 m above sea level, the pile base lies 
between 59.8 m and 73.4 m above sea level 
depending on the structural requirements. As 
shown in the sectional view (Figure 19), the 
upper part of the piles is in the Frankfurt clay 
and the lower part of the piles is set in the rocky 
Frankfurt lime stone layers.

5.2. Geothermal Concept 

Due to the large number of piles which are 
necessary for carrying the building loads and for 
the retaining wall, the possibility to use these 
piles as energy piles was already discussed in 
the early planning stages of the project. 

For the thermal activation of the subsoil 
nearly all foundation piles were equipped as 
energy piles. In the areas of the skyscraper 
building core, where the foundation piles are set 
very close together, only selected piles were 
equipped with heat exchanger tubes. Overall 
262 of the 302 foundation piles were equipped 
as energy piles. From the total number of 543 
retaining wall piles every second of the 289 
reinforced piles, except in partial areas, were 
equipped as energy piles, totally 130 piles. 
Hence, a total of 292 foundation and retaining 
wall piles with a total heating and cooling 
power of 913 kW will be available by the 
thermal usage of the subsoil. 

The energy-concept for the building pro-
vides for a seasonal thermal storage operation of 
the energy piles. The annually moved energy 
quantity of the energy pile system was esti-
mated in the dimensioning to approximately 
2.350 MWh/a for heating operation and ap-
proximately 2.410 MWh/a for cooling opera-
tion. The seasonal thermal storage operation of 
the system is thus nearly balanced. 

5.3. Thermal influence on neighbourhood  

According to the German Federal Mining Act 
(BBergG) the extraction of geothermal energy 
requires a concession, but the application of this 
law is not necessary in those cases in which the 
geothermal energy is solely used on the own 

property. Based on this regulation it has become 
common practice with the state authorities to 
consider the use of geothermal energy on the 
own property as irrelevant to the mining act. 
Nevertheless, a permit according to water 
regulations is required for geothermal facilities 
with borehole depths less than 100 m. A thermal 
impact on the neighbouring properties has to be 
excluded. If the borehole exceeds 100 m a 
notification to the mining administration is 
mandatory.

Figure 20. Isotherms after winter operation with 
ground water level isolines [msl], horizontal section 
in the limestone (Katzenbach et al. 2007b) 

The environmental influence of geothermal 
energy facilities has to be analysed carefully in 
order to secure the quality of the groundwater 
which is to be protected. This especially applies 
in urban areas, where the temperature of the 
upper groundwater layers is already considera-
bly increased due to various anthropogenic 
influences. This leads to clear requirements by 
the authorities regarding a sustainable usage of 
the ground and the groundwater. Permits ac-
cording to the water regulations are sometimes, 
at least for larger facilities, based on the simula-
tion of the distribution of the thermal influence 
in the subsoil. Also the operation of the geo-
thermal seasonal thermal storage of “Frank-
furtHochVier” has been simulated with three-
dimensional numeric calculations with coupled 
groundwater flow and heat transport models 
based on the Finite Element Method (FEM) in 
order to analyse the thermal impact on the 
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subsoil and the possible influences on 
neighbouring properties (Figure 20). 

5.4. Monitoring programme 

The geothermal monitoring programme 
comprises the instrumentation of 5 piles for 
temperature measurements. All theses piles 
have been divided in 5 application levels (5 m, 
11 m, 17 m, 23 m and 29 m beneath foundation 
slap) in order to monitor the temperature distri-
bution along the pile during the operation of the 
geothermal system (Figure 21).

Figure 21. Capsulated temperature sensor installed at 
the reinforcement cage of an energy pile 

Furthermore the groundwater situation at the 
site is of great interest for the estimation of the 
thermal behaviour of the subsoil because of the 
enormous influence of soil saturation and 
groundwater flow on the heat storage and heat 
transport in subsoil (van Meurs 1986, Nield et 
al. 1999, Ennigkeit 2002). On this account the 
ground water level around the site has been 
observed by means of a huge number of ground 
water observation wells with a distance of up to 
approximately 500 m. 

All theses monitoring activities allow a veri-
fication of the model assumptions and help to 
avoid unwanted effects of the geothermal 
system like icing. 

6. CONCLUSIONS

In course of the “Skyper” deep excavation pit 
construction continuous measurements using a 

motorised digital levelling system were imple-
mented for the first time for the presented 
purpose. The measured data was used to 
achieve continuous information about the 
construction works as well as to optimise the 
drilling technique for the anchor installation. By 
updating the construction processes based on 
the evaluated measurement data, it was possible 
to prevent damage to the adjacent buildings and 
to avoid downtime of the construction works at 
the “Skyper” site. 

The construction of the retaining system as 
well as of the Combined Pile-Raft Foundation 
of the “Main Tower” building was monitored by 
an extensive monitoring programme in order to 
ensure a reduction of deformations. The con-
struction of heavy buildings in dense city 
centres requires the use of the observational 
method in order to guarantee the safety and 
serviceability of the neighbouring buildings as 
well as of the new structure itself. 

Extensive numerical studies on the heat 
transport and transient heat distribution in the 
subsoil and on the thermal interaction of geo-
thermal heat exchangers of the “Frank-
furtHochVier” complex were carried out. The 
thermal monitoring system will allow a contin-
ued validation of these models. Generally, the 
use of geothermal energy gives rise to legal 
questions as the thermal influence of a geother-
mal system on the surrounding subsoil which 
could affect neighbouring premises. Compre-
hensive simulations in combination with meas-
urements give investors the desired reliability, 
legal certainty and economic efficiency. 
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1. SEISMIC RISK OF URBAN AREAS 

It is clear from the global distribution of histori-
cal large earthquakes that mega cities in the 
world particularly in Asia cannot be exempt 
from earthquake hazards.  The east and south 
rim of the Eurasian continent is surrounded by 
near-shore earthquake belts where ocean plates 
are subducting beneath the continental crust.    
The most recent devastating plate boundary 
earthquake occurred offshore was the 2004 
Indian Ocean Tsunami earthquake. 

In addition, a number of huge earthquakes 
occur along the inland plate boundaries like the 
one near Himalaya mountains or within the 
continental crust.  Inland earthquakes of large 
magnitudes were also devastating because they 
often occurred in shallow depths beneath big 
cities or densely populated areas.  The 1976 
Tangshan earthquake (M7.8) in China which 
claimed 242 thousands lives are one of the 

typical inland near field earthquakes.  More 
recently, inland earthquakes occurred in Rasht, 
Iran (1990, M7.4), in Kobe, Japan (1995, M7.2), 
in Kocaeli, Turkey (1999, M7.4), in Gujarat, 
India (2001, M7.9) and in Bam, Iran (2003, 
M6.6), claiming large number of human lives.  
The most recent one is the Pakistan earthquake 
(M7.6), which occurred on October 8, 2005, at 
the north border near India.  The focal depth 
was very shallow, approximately 10 km, and 
caused countless building damage and slope 
failures, killing more than 75 thousands people.

Among earthquake disasters, the collapse of 
houses or buildings by seismic shaking is said 
to be responsible for three fourths of the total 
casualties in history (Coburn A. and Spence R. 
2002).  The seismic shaking resposible for the 
damage is normally motions with dominant 
period shorter than around one to two seconds. 
Surface soil conditions have a great effect on 
the amplification of the short period motions.

The site amplification in surface soils reflects 
several parameters such as soil profiles, S-wave 

ABSTRACT: Site amplification essential for seismic zonation in urban areas is defined as the peak
value of spectrum ratio between ground surface and a base layer.  The amplification was investigated
using surface and base accelerations recorded in a number of KiK-net downhole arrays in Japan
during three major earthquakes.  An important task was to determine the spectral amplifications
relative to outcropping motions with the aid of the downhole array records.  Based on soil data avail-
able for individual arrays, theoretical amplifications were calculated and adjusted to be consistent
with the peak amplifications of the array records.  A good and unique correlation was found between
the peak amplifications thus obtained and S-wave velocity ratios, defined as S-wave velocity in base
layer divided by average S-wave velocity Vs , for different sites and different earthquakes.  The
value of Vs  was evaluated from fundamental mode frequency and the thickness of an equivalent
surface layer in which peak amplification is exerted.  The conventional parameter Vs30; averaged
shear wave velocity in the top 30m often used in current practice, did not correlate well with the
obtained amplifications. It is suggested that Vs  may be determined not only from Vs-logging data
but also from microtremor measurements. 

Site amplification for seismic zonation in urban areas 
based on vertical array records 

Takaji Kokusho 
Chuo University, Tokyo, Japan 
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velocities Vs of the soil layers, their material 
damping and soil densities, etc. Many seismic 
experiences in long history indicated that soft 
soil ground with smaller Vs near ground surface 
results in larger seismic amplification leading to 
heavier shaking damage in general.

On the other hand, recent near-field earth-
quakes of shallow focal depths and strong inten-
sity, such as the 1995  Kobe earthquake (Matsui 
and Oda 1996) and 1999 Kocaeli earthquake 
(The Japanese Geotechnical Society 1999), 
caused structural damage by severe shaking in 
relatively competent soil sites in a good contrast 
to liquefiable soft soil layers where shaking 
damage was minor. It is sometimes called as a 
base-isolation effect and caused by drastic 
decrease of  shear modulus and increase of 
energy absorption in liquefied soil, leading to 
lighter structural damage by inertia force than in 
competent soil ground (Kokusho et al. 2007).  
Of course, this benefit is in many cases a trade-
off of geotechnical damage such as ground 
subsidence and  foundation failure. 

Another potential geotechnical earthquake 
hazards may be extraordinary seismic amplifi-
cation of long period motions longer than 1 or 2 
seconds, which potentially causes unexpected 
damage of tall buildings or sky scrapers recently 
constructed in big cities.  It is well-known that, 
during the 1985 Mexican earthquake, Mexico 
city, more than 300 km far from the epicenter, 
suffered the most severe damage because of 
thick soft clay deposits.  The soil deposit in a 
basin, on which the city rested, tremendously 
amplified the long period seismic vibration, 
leading to the collapse of many tall buildings by 
the resonance effect.

Though the damage was much smaller than in 
Mexico, a similar phenomenon may have oc-
curred in Ahmedabad, 230 km from the epicen-
ter, during the 2001 Gujarat earthquake in west 
India.  Buildings of about 10 stories were selec-
tively damaged presumably by the resonance 
effect of a thick soil deposit underneath.  Not 
only vertically propagating SH waves but also 
horizontally traveling surface waves are likely 
to have been involved in such seismic damage 
in a long distance. 

Some of the big cities in Asia are located on 
deep alluvial plains or basins such as Tokyo, 
Shanghai, Jakarta, Bangkok, etc.  The soils are 
soft near the surface and deeply deposited.  

Although epicenters may not be so near, tall 
buildings including skyscrapers may be strongly 
shaken in resonance with long-period motions 
stimulated by surface waves, possibly leading to 
unexpectedly great structural damage.

Suspension bridges and other structures with 
resonant periods longer than several seconds 
need special considerations.  Oil tanks covered 
by floating roofs may suffer structure damage 
and fire due to oil sloshing excited by the long-
period motions as actually observed recently in 
Tomakomai City in Hokkaido, Japan, during the 
2003 Tokachi-oki earthquake (M8.0).  As a 
fundamental step, geotechnical and geophysical 
surveys from surface soils down to deep base 
rock are necessary to evaluate the future poten-
tial of such possibilities and to prepare for the 
worst.

2. SITE AMPLIFICATION IN SURFACE 
SOILS FOR SEISMIC ZONATION 

The 1923 great Kanto earthquake, which oc-
curred several tens of kilometers far from To-
kyo at a plate boundary claimed more than 140 
thousands lives mainly because of the collapse 
of wooden houses due to strong motions and 
subsequent big fires.  For more than 80 years 
since then, no major seismic event has attacked 
Tokyo. During that period, Tokyo has evolved 
into one of the largest urbanized area in the 
world including about one third of Japanese 
population, economy and infrastructures. Re-
cently, the Japanese government made a seismic 
risk assessment of near-field destructive earth-
quakes which may potentially occur in near 
future.

In that assessment, three scenario earthquakes 
were assumed and the seismic intensity at 
ground surface was predicted to conduct the 
seismic zonation taking into account the site 
amplification evaluated from an empirical for-
mula. That formula was based on S-wave veloc-
ity averaged over top 30 m from ground surface, 
Vs30, similar to what conventionally used in 
seismic zonation studies in USA. 

In general, the site amplification is defined 
between ground surface and bedrock and de-
pends on several factors; the composition of soil 
layers, S-wave velocities, soil densities, internal 
damping of the individual layers.  Furthermore, 
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the potentially significant effect of strain-
dependent nonlinear properties on site amplifi-
cation in soft soils during strong earthquakes 
has to be considered (Finn 1991).    

Among the influencing factors, a ratio of S-
wave velocity between the base layer and sur-
face soil is of utmost importance. Shima (1978) 
found that the analytically calculated site ampli-
fication is almost linearly related to the ratio of 
S-wave velocity of the surface top layer to that 
of base layer despite the difference in interme-
diate soil layers.  This indicates that if S-wave 
velocity of the base layer is assumed relatively 
unchanged over a wide area, relative amplifica-
tion between different localities can be obtained 
solely from the S-wave velocities in the surface 
layer.  Considering that the top layer, sometimes 
very thin, may not always represent seismic 
amplification properly, several investigators, 
Joyner et al. (1981), Joyner and Fumal (1984), 
Midorikawa (1987) and Borcherdt et al. (1991) 
employed S-wave velocity averaged over sur-
face soils spanning from the ground surface to a 
depth of 30 m, Vs30, as a key parameter to 
evaluate the relative amplification.  They found 
Vs30 to be an acceptably reliable index of rela-
tive amplification.

In the seismic risk assessment of Tokyo pre-
viously mentioned, too, Vs30 was used as a key 
parameter to determine the site amplification.  
However, it may well be anticipated that, de-
pending on individual soil conditions, Vs30 does 
not fit well and a parameter more site-dependent 
is preferable. 

In Japan, input motion has sometimes been 
given at a base layer of a certain depth in seis-
mic design practice for civil structures.  S-wave 
velocity of the base layer is normally taken as 
Vsb = 0.4~0.7 km/s for engineering practice and 
sometimes differs among different types of 
structures.  In contrast, the bedrock for seismol-
ogical research is considered equivalent to the 
earth’s upper crust with S-wave velocity Vsb =3
km/s or higher.

In order to evaluate site amplification from 
base layer to ground surface, NIED (National 
Research Institute for Earth Science and Disas-
ter Prevention, Japan) deployed several hun-
dreds of vertical array strong motion recording 
systems called KiK-net all over Japan after the 
1995 Kobe earthquake.  The system comprises a 
pair of 3D accelerometers at ground surface and 

base layer.  The observed records together with 
associated geological and geotechnical data are 
easily accessible by international researchers at 
the web site; http://www.kik.bosai.go.jp/kik/.

Hereafter, in this paper, the site amplification 
of seismic motions in surface soils with periods 
shorter than a few seconds will be discussed, 
based on the NIED’s KiK-net records. A new 
formula will be proposed, in which averaged S-
wave velocities in equivalent surface layers 
corresponding to fundamental mode frequencies 
Vs will be employed in place of the conven-
tional one using Vs30, to evaluate peak amplifi-
cations in Fourier spectrum ratios between 
ground surface and base rock for more reliable 
seismic zonation.

3. EARTHQUAKE RECORDS AND 
SPECTRUM RATIO 

In general, there can be two different seismic 
array systems to measure the site amplification 
between ground surface and base layer as illus-
trated in Figs.1(a) and (b).  One is a surface 
array system (a) consisting of a set of surface 
seismometers on different surface geologies in a 
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Fig.1   Two seismic array systems (a) & (b) to 
measure site amplification between ground surface 
and base layer. 
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relatively small area with a common base layer.  
Seismic records 2As on a surface soil and 2Ab on 
outcropping base layer allow to directly evalu-
ate site amplification between the two different 
geologies 2As /2Ab  if incident seismic wave Ab
is assumed basically the same in that area.  The 
other is a vertical array system (b) consisting of 
surface and down-hole seismometers at the 
same place.  This can evaluate site amplification 
exactly at the same location, though some modi-
fication is necessary to extract the outcrop mo-
tion 2Ab from observed base motion (Ab+Bb)
which is more or less contaminated by down-
ward wave Bb from overlying layers.

In this research, spectrum amplifications are 
evaluated from strong motion records obtained 
by the KiK-net vertical arrays during 3 strong 
earthquakes occurred in recent years in Japan.  
The Fourier spectrum ratio 2As/(Ab+Bb) between 
the two measured motions at surface and base 
are first calculated. It is then used to modify the 
theoretical transfer function 2As /2Ab  based on 
multiple reflection theory of 1-dimensional SH 
waves by removing the effect of downward 
wave Bb on the measured motion at the base 
layer.  The peak amplifications of the modified 
transfer functions 2As /2Ab  are then correlated 
with S-wave velocity ratios between base and 
surface.  The procedure for determining the 
appropriate S-wave velocity in a surface layer 

of appropriate thickness will be described later. 
KiK-net vertical array data consists of a pair 

of 3-dimensional accelerograms at ground sur-
face and base layer as shown in Fig.2, among 
which horizontal motions in EW and NS direc-
tions are used here.  Soil logging data including 
S-wave velocity is also used to develop a nu-
merical model based on the 1D multiple reflec-
tion theory of SH wave.

Three strong earthquakes studied here are 
EQ1: the 2003 Tokachi-Oki earthquake 
(MJ=8.0), EQ2: the 2004 Niigataken-Chuetsu 
earthquake (MJ=6.8) and EQ3: the 2005 Fukuo-
kaken-Seihou-Oki earthquake (MJ=7.0).  Here, 
MJ is the earthquake magnitude on the Japanese 
Meteorological Agency scale and nearly equiva-
lent to the Richter Magnitude. Strong motion 
records at 20 sites with maximum acceleration 
(Accmax) higher than 200 cm/s2 in EQ1, at 15 
sites with Accmax >100 cm/s2 in EQ2, and at 11 
sites with Accmax >100 cm/s2 in EQ3 are used in 
this research.  In some sites, not only main 
shock records but also aftershock records are 
dealt with.  Fig.3 depicts epicenters of the three 
earthquakes and areas where KiK-net data used 
in this research were recorded, indicating that 
quite different regions of Japan are involved. 

The depth of the down-hole seismometer in 
the vertical arrays used here spans from 100 m 
to 330 m.  In Fig.4, S-wave velocities of a top 
layer Vs and a base layer Vsb are compared to 
each other for all the vertical array sites used 
herein.  The base layer is defined here as a layer 
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where down-hole seismometer is installed.  The 
S-wave velocity Vsb at a site is normally stable 
in the depth and does not drastically change 
between neighboring layers.  However, it 
widely diverges from bVs =400 m/s to 3000 m/s 
among different sites for the 3 earthquakes; the 
smallest for EQ1 and the largest for EQ3.  In a 

good contrast, the surface velocity Vs is lower 
than 400 m/s (mostly around 200 m/s) with only 
two exceptions for all the recording sites used 
here.

Fourier spectrum ratios were computed be-
tween ground surface and base layers.  Typical 
results for main shock and several aftershocks 
of EQ1 at 2 sites are exemplified in Figs.5 and 
6.  The results for 2 horizontal directions, EW 
and NS, are shown in (a) and (b) in each figure.  
There is a fairly good coincidence in peak fre-
quencies of the spectrum ratios in the two direc-
tions.  There is a clear difference in the spec-
trum ratio between main shock and aftershocks 
in both sites reflecting the effects of the strain-
dependent soil properties which result in 
nonlinear site response to strong shaking. 
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Fig.6  Spectrum ratios versus frequency in EW and 
NS directions for main shock and aftershocks at 
IBUH03 in EQ1. 
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VELOCITY

In Tables 1 and 2, soil logging data is listed for 
the two sites corresponding to Figs.5 and 6, 
respectively, along with S-wave velocities of 
individual layers.  In order to specify soil layers 
generating peak frequencies in the spectrum 
ratio plots, fundamental mode frequencies of 
layered soil systems 1f  approximately calcu-
lated as 

( )1
1

1 4 i i
i

f H Vs
=

=   (1) 

are shown in the tables.  Here, iH  and iVs  are 
the thickness and the S-wave velocity of the i-th
layer numbered from the top, and the summa-
tion is implemented layer by layer down to the 
base.  This frequency corresponds to a wave 
length which is equal to 4 times the layer thick-
ness.  The calculated frequency is compared one 
by one with the peak frequency in the spectrum 
ratio of observed motions in Figs.5 or 6 to iden-
tify equivalent surface layers of thickness 

1
s i

i
H H

=
=  consisting of one or more layers 

generating the fundamental mode frequency 
calculated by Eq.(1).  Note that there can be 
multiple equivalent surface layers in the same 
site corresponding to individual peak frequen-
cies.

In Tables 1 and 2, the value of 1f  by 
Eqs.(1) is listed layer by layer together with 
equivalent surface layers thus identified.  For 
example, it may well be judged that the peak 
frequency of 1f =1.87 Hz for sH =48 m in 
Table 1 corresponds to the first peak, that of 

1f =4.54 Hz for sH =10 m corresponds to the 
second peak and that of 1f =6.88 Hz for sH =4
m corresponds to the third peak in the observed 
spectrum ratio in Fig.5, respectively.  In the 
similar manner, the peak frequency of 1f =1.18
Hz for sH =18 m in Table 2 corresponds to the 
first peak in the observed spectrum ratio in 
Fig.6.  Thus, most of the peak frequencies in 
spectrum ratios may be explained by the fun-
damental modes of equivalent surface layers, 
though there are some unidentified peaks 

Table1   Soil profile corresponding to Fig.5 along with S-wave velocities, fundamental mode frequencies 
and identification of peaks.

Layer
NO.
i

Thickness
Hi (m)

Depth
(m)

Vs　in
each
layer Vsi
(m/ s)

AverageVs
from
surface
(m/ s)

Fund. mode
freq. by Eq.(1)
f1 （Hz)

Identification of
peaks by
observed

spectrum peaks
1 4 4 110 110 6.88 3rd peak
2 6 10 320 181 4.54 2nd peak
3 30 40 500 347 2.17
4 8 48 430 359 1.87 1st peak
5 34 82 510 409 1.25
6 12 94 650 430 1.14
7 7 101 870 449 1.10

Table2   Soil profile corresponding to Fig.6 along with S-wave velocities, fundamental mode frequencies 
and identification of peaks.

Layer
NO.
i

Thickness
Hi (m)

Depth
(m)

Vs　in
each
layer Vsi
(m/ s)

AverageVs
from
surface
(m/ s)

Fund. mode
freq. by Eq.(1)
f1 （Hz)

Identification of
peaks by
observed

spectrum peaks
1 2 2 60 60 7.50
2 16 18 90 85 1.18 1st peak
3 10 28 190 106 0.95
4 12 40 320 133 0.83
5 12 52 210 145 0.70
6 24 76 310 174 0.57
7 56 132 430 233 0.44
8 20 152 520 252 0.41
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probably because higher order modes which 
cannot be considered by Eq.(1) are actually 
involved.

In Fig.7, the peak frequencies 1f  calculated 
by Eq.(1) based on given soil data are taken in 
the horizontal axis to compare with the frequen-
cies *f  identified in the observed spectrum 
ratios for the main shock and aftershocks in the 
vertical axis for the recording sites of EQ3.  The 
values of *f  for aftershocks are obviously 
higher than those for the main shock reflecting 
the effect of strain-dependent soil nonlinearity.  
Most of the plots corresponding to 1st peaks 
and higher order peaks concentrate along the 
diagonal line of *

1f f=  and within the two 

lines of *
1 0.7f f=  and *

1 1.2f f= .  Thus it 
may be said that there exists a satisfactory cor-
respondence between the fundamental mode 
frequency of soil models 1f  based on Eq.(1) 

and the peak frequency *f  observed in spec-
trum ratios irrespective of the order of peaks, 
although there can be some discrepancies partly 
because Eq.(1) is not a rigorous formula for the 
fundamental mode frequency but just an ap-
proximation.  It further implies that major peaks 
in the observed spectrum ratios may be ex-
plained by the fundamental mode of equivalent 

surface layers consisting of one or more layers 
near ground surface.   

The average S-wave velocity Vs  for each 
equivalent surface layer can be calculated from 
the fundamental mode frequency 1f  and its 

thickness
1

s i
i

H H
=

=  as

14 sVs H f=    (2) 
Thus, average S-wave velocity directly related 
with major peaks of the spectrum ratio can be 
reasonably determined by Eq.(2).

5. SPECTRUM RATIO BETWEEN SURACE 
AND BASE FOR DOWNHOLE ARRAY 

Fourier spectrum ratios between surface and 
base ( )2 s b bA A B+  of observed motions were 
calculated.  Fig.8 shows the peak amplifications 
read off from the peaks of the ratios plotted 
against b topVs Vs , where bVs  = the S-wave 

velocity at the base and topVs  = that of the top 
layer at the ground surface.  Peaks of first and 
higher orders are plotted individually with 
different symbols for NS and EW directions for 
the main shock of the earthquake, EQ1.  It is 
difficult to recognize a good correlation 
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between the peak amplification and the value 
of sb topV V .

In Fig.9, the same peak amplifications for 
the main shock are plotted with solid symbols 
versus bVs Vs , where Vs  is the average S-wave 
velocity of the equivalent surface layer calcu-
lated by Eq.(2) as previously explained accord-
ing to individual peak frequencies.  Despite 
some data scatters, a much better correlation 
than in Fig.8 can be recognized in Fig.9, in 
which the amplification is almost linearly de-
pendent on bVs Vs  at least up to bVs Vs ≈ 8,

indicating that Vs  is a good parameter to evalu-
ate the peak amplifications in ( )2 s b bA A B+ .

The peak amplifications of the aftershocks 
of EQ1 observed at the same sites are also plot-
ted with open marks in Fig.9.  Obviously, the 
amplifications, though quite variable depending 
on sites and individual aftershocks, are much 
larger in most of the sites than those of the main 
shock indicating strong influence of strain-
dependency in soil properties on the amplifica-
tion mechanism of measured motions between 
surface and base. 

In seismic zonation of an area resting on a 
common base layer, a transfer function between 
ground surface and an outcropping base layer 
2 2s bA A  is used, in place of ( )2 s b bA A B+ .
Hence, the problem is how to evaluate 

2 2s bA A  based on measured motions in the 
vertical arrays.  A procedure chosen here is as 
follows.

First, a transfer function, ( )2 s b bA A B+  is 
calculated for each site based on the multi-
reflection theory.  Among soil properties 
needed, the S-wave velocities of individual 
layers are given by in situ logging test results 
available in the website and soil densities are 
decided from previous experiences based on 
given soil types as indicated in Table 3.  The 
damping ratio D, assumed as non-viscous or 
frequency-independent, is tentatively set as 
2.5% in all layers.

Then, the calculated transfer function is 
compared with measured spectrum ratio as 
exemplified in Fig.10.  In order to make the 
comparison fair, the same Parzen window of 0.3 
Hz is also used in computing ( )2 s b bA A B+
from soil data.  If a peak in the transfer function 
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Fig.10 Comparison of transfer functions, 2As/(Ab+Bb)
and spectrum ratio of observed motions at the same 
site.

Table 3   Soil density assumed for each soil type. 

2.6Rock(1500 m/s<Vs)
2.5Rock(1000<Vs<1500 m/s)

2.3~2.4Rock(700<Vs<1000 m/s)
2.2~2.3Rock(500<Vs<700 m/s)
2.0~2.1gravel

1.6clay
1.8sand

DENSITY  
(t/m3)SOIL TYPE

2.6Rock(1500 m/s<Vs)
2.5Rock(1000<Vs<1500 m/s)

2.3~2.4Rock(700<Vs<1000 m/s)
2.2~2.3Rock(500<Vs<700 m/s)
2.0~2.1gravel

1.6clay
1.8sand

DENSITY  
(t/m3)SOIL TYPE
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can be found at about the same frequency in the 
spectrum ratio of observed motions, it is identi-
fied as the corresponding peak, and the damping 
ratio, assumed as D=2.5% previously, is modi-
fied by the following equation to have the same 
peak value,

1 2 2.5D Q Q= ×   (%)   (3) 
where 1Q  is the peak amplitude of the transfer 
function using soil data, and 2Q  is that of spec-
trum ratio based on the actual records.  Not only 
the 1st peak but also the higher order peaks are 
compared in this manner if possible, and the 
values of D in the two directions, EW and NS 
are averaged.  The D-value thus evaluated by 
Eq. (3) is considered to represent average am-
plification in the upper ground above the base 
layer and also more or less reflecting strain-
dependency of soil damping. 

In Fig.11, the damping ratio thus evaluated 
by Eq.(3) are plotted versus peak frequencies of 
the transfer functions with different symbols for 
1st and higher order peaks for EQ1.  Despite 
large scatters of the data points, a trend can be 
recognized in which the evaluated damping 
ratio decreases with increasing peak frequency 
if all the peaks of the different orders are con-
sidered as a group.  Presumably this somehow 
reflects the frequency dependency of the damp-
ing ratio, normally obscure in soil element tests 
but clearly detectable in observed ground mo-
tion records, which may be caused by wave-
scattering due to non-uniformity of in situ soil 
deposits.

Next, the transfer function 2 2s bA A  is com-
puted using the modified damping ratio D based 
on the same soil layers system.  Fig.12 exempli-
fies the two transfer functions ( )2 s b bA A B+
and 2 2s bA A , which possess almost identical 
peak frequencies.  However, in some site condi-
tions, peak frequencies of the two functions can 
be widely different.  In such cases, peak fre-
quencies of 2 2s bA A  are compared again with 
fundamental mode frequencies associated with a 
layered soil system calculated by Eq.(1) and 
equivalent surface layers, and associated aver-
age S-wave velocities by Eq.(2) are determined 
again.  In cases where such comparable peaks 
are not found at all between the computed trans-
fer function and the peak frequency calculated 
from Eq.(1), that data is omitted in the follow-
ing data reduction.

The peak amplification for the function 
2 2s bA A  thus evaluated using the modified 
damping ratio should be equal to the peak value 
in the spectrum ratio of observed motions be-
tween ground surface and base layer if the 
effect of downward wave into the base layer 
could have been removed.  In this way, the peak 
amplification of 2 2s bA A  between surface and 
base, to be used for seismic zonation study for 
surface ground resting on common base layer, 
can be obtained using the vertical array records. 
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Fig.11 Damping ratio evaluated by Eq.(3) plotted 
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Fig.12 Comparison of transfer functions, 2As/(Ab+Bb)
and 2As/ 2Ab, at the same site.
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6. S-WAVE VELOCITY RATIO VERSUS 
AMPLIFICATION FOR ZONATION 

In Fig.13, the peak amplifications for 2 2s bA A
computed by the methodology mentioned above 
for vertical array sites of EQ1 are plotted versus 
average S-wave velocity ratios bVs Vs  for the 
main shock with a solid symbol.  The velocity 
ratio bVs Vs  is defined here as a division of 
the S-wave velocity at a base layer bVs  by the 

velocity Vs  evaluated by Eq.(2) from the fun-
damental mode frequencies of Eq.(1) based on 
S-wave logging data at each site.  A clear corre-
lation can be recognized between the peak 
amplification and the velocity ratio both for 1st 
and higher peaks, despite some scatters of data 
points.

Four aftershock records of EQ1 is also ana-
lyzed in the same way and the results are plotted 
in Fig.13 with an open symbol.  The difference 
in amplification 2 2s bA A  between main shock 
and aftershocks is evidently smaller than that 
for ( )2 s b bA A B+  in Fig.9.  In order to basi-
cally understand the different influence of 

strain-dependent nonlinear soil properties on the 
amplifications on the two kinds of spectrum 
ratios, 2 2s bA A  and ( )2 s b bA A B+ , a simple 
2-layers system illustrated in Fig. 14(a) consist-
ing of a surface layer (thickness H) and a base 
layer (infinite thickness) are considered.

The S-wave velocities are 1Vs  and 2Vs ,
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Fig.14  Two-layers system (a), Strain-dependent properties of surface layer (b), 2As/ (Ab+ Bb) (c) and
2As/ 2Ab (d); for different strain levels in surface layer. 
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shear modulus 2
1 1 1G Vsρ= and 2

2 2 2G Vsρ= ,
and damping ratios 1D and 2D , for the surface 
layer and the base layer respectively, where 1ρ ,

2ρ  are corresponding soil densities.  The im-
pedance ratio for small strain properties is as-
sumed as 1 1 2 2Vs Vsα ρ ρ= =0.3.  The transfer 
functions ( )2 s b bA A B+  and 2 2s bA A  can be 
expressed by the following equations, respec-
tively (Kokusho et al. 2007);  

* *
1 1

2 2s
ik H ik Hb b

A
A B e e−

=
+ +

  (4) 

( ) ( ) *2* * 1

2 2
2 1 1

s
ik Hb

A
A eα α −

=
+ + −

 (5) 

where,
1/ 2

*
1

1 1

1
1 2

k
Vs iD
ω=

+
and

* 1

2

1 2
1 2

iD
iD

α α +=
+

.

In taking account the effect of strain-
dependent soil properties on the amplification, 
shear modulus ratio and damping ratio in the 
surface layer are parametrically changed; 

0G G =1.0, 0.65, 0.25 and D1=2.5, 5 and 15% 
correspondingly, for strain level of 5 x 10-6,

1 x 10-4, 1 x 10-3; respectively, assuming a 
typical degradation curve for sand (Seed and 
Idriss 1970) as indicated in Fig.14(b), while in 
the base layer D2=0.  The calculated results of 

( )2 s b bA A B+  and 2 2s bA A are shown in 
Figs. 14(c) and (d), respectively, in which the 
amplification between surface and base is taken 
versus normalized frequency, 1f f , where 

1f =fundamental mode frequency of the surface 
layer for small strain properties ( 0G G =1.0).

Obviously, the soil nonlinear properties 
have great effects on the peak frequencies and 
the amplifications.  However, the difference in 
the peak amplifications is less pronounced in 
2 2s bA A  than in ( )2 s b bA A B+  for the 1st 
peak in particular, because radiation damping 
effect represented by impedance ratio *α  af-
fects 2 2s bA A  in Eq.(5), whereas no effect of 

impedance ratio *α  is involved in 
( )2 s b bA A B+  as indicated in Eq.(4).  Under 

the paramount effect of radiation damping, the 
difference in the amplification 2 2s bA A  due to 
strain-dependent properties becomes less con-
spicuous.  Furthermore, the impedance ratio 

1 1 2 2Vs Vsα ρ ρ= , which becomes smaller with 
degraded modulus or degraded S-wave velocity 
in the surface layer, tends to give larger amplifi-
cation compensating the effect of increased 
damping ratio during strong earthquakes.  Thus, 
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the difference in soil nonlinearity between the 
main shock and aftershocks tends to have 
smaller influence on the amplification in 
2 2s bA A  than in ( )2 s b bA A B+  as indicated 
from the comparison of Figs.9 and 13.   

In the above, seismic response of ground is 
evaluated based on linear transfer function 
assuming that soil nonlinearity exerted during 
earthquakes is not so considerable.  This as-
sumption may not hold in those sites, such as 
Port Island Site during the 1995 Kobe earth-
quake (Kokusho et al. 2005), in which strong 
soil nonlinearity by extensive liquefaction can-
not justify the methodology employed here. 

Fig.15 shows the relationship between the 
peak amplitude corresponding to 2 2s bA A  and 

the velocity ratio bVs Vs  plotted for main 
shocks of three earthquakes investigated here, 
EQ1 (the 2003 Tokachi-Oki earthquake), EQ2 
(the 2004 Niigataken-Chuetsu earthquake) and 
EQ3 (the 2005 Fukuokaken-Seihou-Oki earth-
quake).  Totally 54 data points (37 for the 1st 
peak and 17 for the higher order peaks) from 37 
recording sites are included in this chart (2 data 
points in which bVs Vs =16 and 21 are ex-
cluded here), and a large number of plots are 
overlapping in the zone of bVs Vs <4.0.  Quite 
remarkably, the plots show a fairly good corre-
lation including both 1st and higher order peaks 
despite differences in various influencing fac-
tors associated with the three earthquakes; 
namely, dominant frequency, shaking duration, 
regional geological difference, etc. 

In the current practice of seismic zonation, 
the S-wave velocity ratio defined as 30bVs Vs ,
where 30Vs = averaged S-wave velocity over 
top 30 m from ground surface, is sometimes 
used (Joyner and Fumal 1984, Midorikawa  
1987) instead of the definition proposed here as 

bVs Vs .  In Fig.16, the same peak amplitudes 
corresponding to 2 2s bA A  are plotted versus 
the velocity ratio, 30bVs Vs .  Here, 30Vs  (m/s) 
is calculated by the equation; 

30 3030 /Vs T=     (6) 
in which 30T  (s) is the traveling time of S-wave 
in the top 30 m based on soil logging data.

Obviously, the correlation becomes poorer 
than in Fig.15, though it does not look so bad 
for a single earthquake such as EQ1 in particu-
lar.  Inconsistency in plots between 1st and 
higher order peaks is also evident.  This indi-
cates the importance to define the average S-
wave velocity properly by identifying site by 
site the equivalent surface layer in which indi-
vidual peak amplifications are exerted.

The data points in Fig.15 satisfying the con-
dition 10.0bVs Vs ≤ , which is applicable to 
normal site conditions, can be approximated by 
a simple linear function; 

( )2 2 0.175 0.685s b bA A Vs Vs= +  (7) 

with the regression coefficient, 0.91.  For a non-
dissipative uniform ground ( * 1.0α α= =  and 

1 0D = ), the value of 2 2s bA A  can be obtained 
as 1.0 from Eq.(5).  In the uniform ground, 

1.0bVs Vs = , then 2 2 0.86s bA A =  is extrapo-
lated from Eq.(7), which may be justified con-
sidering the effect of soil damping on the wave 
propagation from the base layer to the surface.  
This formula may be conveniently used because 
of its applicability to a wide variety of base 
layers with bVs =400 m/s to 3000 m/s.

The relative amplification for the same 
seismic motion in an area overlying a common 
base layer is readily evaluated by using Eq.(7).  
The procedure is as follows; 
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1) Find a layer boundary in wave logging data 
where S-wave velocity clearly changes, 
above which the upper layers will poten-
tially vibrate in the fundamental mode and 
hence considered as the equivalent surface 
layer.  Calculate the average S-wave veloc-
ity of the equivalent surface layer Vs  by 
Eq.(2).

2) If there is no S-wave logging data avail-
able, carry out micro-tremor measurement, 
and decide fundamental frequency 1f  of a 
site, for example, by Nakamura method 
(Nakamura 1989) using H/V spectrum ra-
tios. On the other hand, estimate the thick-
ness of alluvium or a soft soil layer H
where the fundamental frequency is ex-
erted, which is sometimes possible based 
on geological maps or high-density soil 
logging data available in city areas.  Then, 
the average S-wave velocity can be calcu-
lated by 14Vs Hf= .

3) Calculate the S-wave velocity ratio bVs Vs

from bVs  of the common base layer and Vs
obtained above for individual site condi-
tions.

4) Comparing the amplifications by Eq.(7) at 
two different sites gives the relative ampli-
fication between them.  To be precise, the 
amplification by Eq.(7) is slightly variable 
depending on the value of bVs  to be chosen 
among different base layers in the same site, 
though its effect is ignorable for design 
purposes. 

Finally, it should be noted again that the 
depths of the down-hole seismometers used in 
this study are 100~330 m.  If a base layer con-
sidered becomes much deeper than this range, 
wave attenuation in the deep ground tends to be 
more pronounced, leading to lower amplifica-
tion than proposed here.  Hence, further re-
search is needed to clarify seismic amplification 
of a soil ground of a greater depth. 

7. CONCLUSIONS

In studying seismic amplification between 
ground surface and base layer using KiK-net 
records of recent 3 strong earthquakes occurred 

in Japan, average S-wave velocity Vs  for 
equivalent surface layer corresponding to each 
peak of Fourier spectrum ratio was introduced 
from S-wave logging data.  Then, a velocity 
ratio bVs Vs  was defined by dividing S-wave 
velocity at a base layer bVs  by the average 

velocity Vs  in the equivalent surface layer.  
The peak amplifications of the spectrum ratios 
were calculated and correlated with the velocity 
ratio.  The spectrum amplifications relative to 
outcrop motions to be used for seismic zonation 
of surface ground resting on common base layer 
were computed from theoretical transfer func-
tions and adjusted to be consistent with the peak 
amplifications of the array records. 

The major findings in this research are; 
1) Spectrum peak amplifications of 

( )2 s b bA A B+  for measured motions be-
tween surface and base layers can be evalu-
ated with small data dispersions by using 
the velocity ratio bVs Vs .

2) The strain-dependent soil nonlinearity tends 
to have a greater effect on the peak amplifi-
cations of ( )2 s b bA A B+  for measured 
motions than those of 2 2s bA A  for outcrop 
motions.

3) The spectrum peak amplifications of 
2 2s bA A  for outcrop motions plotted ver-

sus the velocity ratios bVs Vs  show a 
good correlation with a small data disper-
sion between the peak amplification and the 
velocity ratio both for 1st and higher order 
peaks, despite differences in influencing 
factors of the three earthquakes. 

4) If the same peak amplifications are plotted 
versus velocity ratios conventionally de-
fined as 30bVs Vs  ( 30Vs = average velocity 
for top 30m layer) sometimes used in the 
current seismic zonation practice, the corre-
lation becomes poorer, indicating the im-
portance to define the average S-wave ve-
locity adequately by identifying a site-
specific equivalent surface layer in which 
peak amplifications are exerted.

5) The correlation obtained here is formulated 
by Eq.(7) under the condition 10bVs Vs ≤ ,
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which may be conveniently used for evalu-
ating relative amplification in seismic zona-
tion study covering an area resting on a 
common base layer having arbitrary S-
wave velocity, bVs .  Some procedures how 

to evaluate the velocity Vs  of the equiva-
lent surface layer based on soil logging data 
or microtremor measurement are proposed. 
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1. INTRODUCTION

Transportation systems form an artery of urban 
life. Since densely populated modern urban 
areas necessitate high utilization of space, both 
above and below the ground surface, modern 
construction technology has been developed to 
construct buildings and facilities at close prox-
imity along existing transportation systems 
above the ground surface and also to construct 
underground transportation systems, such as 
subway lines beneath or/and close to existing 
structures. Modern urban areas consequently 
face congested situations between the transpor-
tation systems and other facilities both above 
and below the ground surface. Such congested 
situations pose a problem in urban areas. That is 
train-induced ground vibration.

Development of railway tracks for high-
speed trains is growing rapidly throughout 
various parts of the world. Recent trends sug-
gest that the network of high speed train is 
likely to extend to pass even through urban 
areas in the form of either elevated railway or 
underground tunnel. The rapid development of 
subway systems is also under way in many 
urban areas throughout the world. It has been a 
need to develop the estimation methods for

vibration propagation and consider the appro-
priate measures for the reduction of ground 
vibration caused by such a high speed train and 
subway in the context of urban development. 
The issue of how to estimate and reduce train – 
induced ground vibration both above and below 
the ground surface, therefore, has become a 
common and important technical challenge for 
every modern urban area throughout the world. 

Since the measured data in the field are sensi-
tive to a number of factors such as train speed, 
car weight, track structure, structural character-
istics of viaduct, tunnel and ground conditions, 
the propagation characteristics of vibration and 
the effects of vibration-reduction measures may 
not be fully understood solely on the basis of 
field measurement data. Therefore, it may be 
appropriate to investigate the propagation 
characteristics of subway-induced vibration by 
means of numerical calculation and model test 
under a clear ground condition with known 
boundary conditions. 

Compared with a number of numerical stud-
ies, there exist a few experimental approaches 
to the problem of ground vibration. This paper 
introduces the development of centrifuge 
modeling of ground vibration with reference to 
train-induced vibration. Both ground vibration 
above and below the ground surface were 
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considered and some key observations are 
presented.

2. GROUND VIBRATION DUE TO TRAIN 
IN URBAN AREAS 

Ground transmitted waves, generated by traffic 
may produce excessive ground vibrations, 
which cause nuisance and distress to adjacent 
structures and people. Train speeds have now 
increased to over 300 km/h, and there exist 
demands for even higher speeds. Figure 1 
shows the prospective plans of the European 
high-speed train network (International Union 
of Railway, 2002). Prospective plans for the 
year 2020 assume that the European high-speed 
train network will have connected Paris, Lon-
don, Brussels, Amsterdam, Cologne, and 
Frankfurt by high-speed railway service that 
will provide fast and more convenient passenger 
communications within Europe. In Japan, the 
Shinkansen network with a total length over 
1850 km connects Japan’s major metropolitan 
areas and carries over 300 million passengers 
every year.

Figure 1. European high-speed train network (Inter-
national Union of Railway, 2002) 

Field measurements along the Shinkansen 
have revealed that the level of ground vibration 
is approximately proportional to the power of 
train speed (Ashiya, 2008). Considerable efforts 
have been made to reduce the level of ground 
vibration by reducing train weight and improv-
ing railway track systems. It has been pointed 

out, however, that these efforts to reduce the 
train weight and improve the train system are 
practically close to the limit. Other effective 
countermeasures such as wave barriers for 
trains running on the ground surface need to be 
developed and improved. 

The first subway system was constructed as 
early as in 1863 in London and now over 120 
urban cities in more than 45 countries utilize the 
subway system. In Japan 11 cities presently 
have the subway system with the total length of 
720 km. 

The literature review reveals the following 
features of the subway-induced vibration.

- Acceleration spectra have components of 
40Hz or above including the components more 
than 100Hz, in a tunnel,

- Acceleration amplitude observed on the 
ground surface is mostly about 0.1 to 1cm/sec2,
in which the components range from 10 to 
300Hz with absolute peaks at about 40 to 80Hz.

- Acceleration amplitude is dependent on the 
track structure in a tunnel, in that the accelera-
tion amplitude of vibration-reduction track is 
smaller than that of direct fastened track with 
the peaks shifting to the lower frequency side. 

- Acceleration amplitude is dependent on the 
conditions of cars and tracks including damage 
of wheels or corrugation. 

3. CENTRIFUGE MODELING 

3.1. General 

The base on the scaling laws (Table 1) for 
dynamic event, the following modeling consid-
erations are of particular importance: vibration 
generation with high frequency component, 
sensors and data recoding system accommodat-
ing the high frequency components and bound-
ary conditions.

For the vibration source on the ground sur-
face, Luong (1994) and Semblat and Luong 
(1998) presented experimental procedures 
describing a drop-ball arrangement, which is 
able to generate stress waves propagating 
though a centrifugal soil mass in-flight. An 
actuator pushed a spherical ball having a mass 
of 500g, which then fell onto the ground sur-
face. The ground motions were detected by 
piezo-electric accelerometers placed orthogonal 
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in three dimensions. However the input accel-
eration was not measured directly. Siemer and 
Jessberger (1994) developed a wave generation 
system in the centrifuge similar to the “Down-
Hole-Method” (Telford et al., 1985), which is 
able to work without the complicated borehole 
technique. A foundation (B60 x W60 x H25 
mm) was placed on a surface and was excited 
dynamically by a falling mass which was held 
at a certain height (150mm) by an electromag-
netic system. Their system enabled the input 
acceleration to be measured directly. Their 
experiments were carried out to determine shear 
wave velocities with depth, which were related 
to the dynamic soil stiffness. As for vibration 
isolation method, Siemer and Jessberger re-
searched the effect on a vibration reduction 
when the improved artificial bedrock beneath 
the vibration source was built.

Table 1. Scale factors (Itoh et al., 2005) 

Variable Ng model Variable Ng model 

Length 1 n  Displacement 1 n
Density 1 Velocity 1

Stiffness 1 Dynamic time 1 n
Acceleration n Frequency n

Stress 1 Shear wave 
velocity

1

Strain 1

Experiments by Luong (1994), Semblat 
and Luong (1998), and Siemer and Jessberger 
(1994) produced a shock wave on the ground 
surface, while the system developed by Cheney 
et al. (1988, 1990) induced vertical dynamic 
loads on circular bearing plate on a sand.

All the tests described here were conducted 
on the Tokyo Tech Mark III Centrifuge (Take-
mura et al., 1999). The space available for the 
whole test system is 0.9 x 0.9 x 0.9 m. One of 
the common problems encountered in physical 
modelling of vibration problems is that the 
walls of the container are rigid relative to the 
prototype ground systems and almost total 
reflection of the body waves would occur. 
Prevost and Scanlan (1983) and Cheney et al. 
(1990) recommended the use of Duxseal for an 
effective method of wall treatment for absorb-
ing stress waves in the soil. In this study, a sheet 

of sponge rubber, with a thickness of 10 mm, 
was glued to the internal surfaces of the side-
walls and the bottom of the container to reduce 
the reflection waves. As a result, the maximum 
acceleration was reduced by 20-40 % in the 
case where the container was lined with the 
sponge rubber, compared to the case without the 
sponge rubber. 

3.2. Modeling of ground vibration by train 
running on the ground surface 

3.2.1. Development of vibration system for 
surface ground vibration source 
Two types of vibration system were developed. 
One is the multiple ball dropping system (Itoh 
et al., 2002), of which concept is essentially 
similar to the concept of Luong’s drop-ball 
arrangement (Luong, 1994). The multiple ball 
dropping system can be used for simulating 
moving load as well as a point load. The other is 
the vibration testing system (Itoh et al., 2005) 
using an electrical vibration machine for inves-
tigating the influence of frequency on wave 
propagation characteristics. The container used 
for these vibration systems was a steel cylindri-
cal tub of 455mm in diameter and 400mm in 
height.

(a) Multiple ball dropping system 
The multiple ball-dropping system was de-
signed with the aims of (1) measuring input 
force (acceleration),(2) simulating both impact 
point load and moving load conditions, and (3) 
studying the effects of the geometry of wave 
isolation barriers. A general arrangement of the 
models is presented in Figure 2, and details of 
this system are shown in Figure 3. The concept 
of the ball dropping mechanism is, in principle, 
the same as the sand hopper commonly used in 
centrifuge tests, modelling embankment con-
struction (Kimura et al., 1982). An AC induc-
tion motor of 40W drives a slider made of 
aluminum plate via a crankshaft. There are 
20mm-diameter holes in the slider and when 
these holes overlap a series of holes made in a 
falling guide frame, a steel ball of 19.8 mm in 
diameter and 28.0 g in mass drops onto a model 
foundation resting on the surface of the model 
ground. Figure 4 shows the view of the model 
foundation. The model foundation was made of 
an aluminum cylinder of 30mm in diameter and 
25mm in height, housing a built-in piezo-
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electric accelerometer (a resonance frequency of 
4kHz, B15 x W4 x H4 mm) in order to measure 
the input force directly. The mass of the model 
foundation was 48.5g. Proof tests revealed that 
the capacity of the initially built-in piezo-
electric accelerometer was inadequate and the 
accelerometer was upgraded (a resonance 
frequency of 60kHz, B6 x W5 x H5 mm) for the 
following tests, which were more productive.

Figure 2. Experimental system (Itoh et al., 2002)

Figure 3. Details of ball dropping system (Itoh et al., 
2002)

A sheet of 5 mm thick Sorbothane was 
glued on the surface of the model foundation, in 
the impact area, in an attempt to absorb the 
impact shock energy partially and to suppress 

the bouncing of the ball, so that the ball and the 
model foundation could move together after 
impact. An in-flight camera confirmed that the 
bouncing of the ball did not occur. A sheet of 
sandpaper (#80) was glued to the base of the 
model foundation to represent a rough condi-
tion.

Figure 4. View of model foundation (Itoh et al., 
2002)

The motion of the model foundation and the 
ground was detected by the piezo-electric 
accelerometers which provided data on the 
vertical accelerations at different locations on 
the ground surface and at different depths 
beneath the foundation, as shown in Figure 5. 

(b) Vibration testing system 
The Centrifugal Vibration Testing System was 
designed with the aims of (1) controlling the 
input frequency, (2) working load is below an 
allowable level of bearing capacity, (3) measur-
ing input acceleration, and (4) the vertical 
amplification is dominated by the horizontal 
one.

A general arrangement of the model is pre-
sented in Figure 6. The source of the exciting 
supply used an electronic vibration testing 
machine. The mass of the machine is 1.0 kg 
which is the lightest among commercially 
available devices. This exciter can supply 
frequencies in the range from 50 to 12000 Hz. 
When this system operated under 50 G accelera-
tion, it is possible to generate the frequency of 
240 Hz at prototype scale. In order to generate 
vertical vibration mainly, this exciter was 
supported by two linear bearings and one 
bearing. The stiffness girders which supported 
two linear bearings were connected by the 
model container, as shown in Figure 7. The 
model foundation was made of an aluminum 
cylinder of 30 mm in diameter, 25 mm in 
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height, and 41.42 g in mass, housing a built-in 
piezo-electric accelerometer in order to measure 
the input acceleration in the vertical direction. 
Input frequency, which is modulated by a 
function synthesizer, and input amplitude, 
which is controlled by an amplifier, excited the 
vibration machine through the slip ring. In this 
study, input frequencies were 5, 10, 15, 20, 25, 
30, 35, and 40 Hz at prototype scale, respec-
tively.

Figure 5. Locations of accelerometers on the ground 
surface and beneath the foundation (Itoh et al., 2002) 

Figure 6. View of the centrifuge vibration testing 
system (Itoh et al., 2005) 

The motions of the ground were recorded by 
the piezo-electric accelerometers which pro-
vided data on the vertical accelerations on the 
ground surface, as shown in Figure 8. In addi-
tion, the vertical movement of the foundation 

exciter was recorded by the piezo-electric 
accelerometers.

Figure 7. Details of the centrifuge vibration testing 
system (Itoh et al., 2005) 

Figure 8. Location of accelerometers (Itoh et al., 
2005)

3.3. Modeling of ground vibration by subway 

As far as the authors are aware of, no re-
search activities about direct application of 
centrifuge modelling to the subway-induced 
vibration have been published. Two vibration 
systems were developed; one is fixed point 
source, the other high speed ball launching 
system.

3.3.1 Fixed point source 
The test system developed in this study is 

shown in Figure 9. A steel circular tub of 750 
mm internal diameter and 620 mm in height 
was used for the model container. An acrylic 
model circular tunnel was placed in the model 
ground, in which a small vibration exciter was 
installed in the middle of the model tunnel to 
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generate vibration to simulate the subway-
induced vibration as a line load. A number of 
piezo-electric pickups were installed in the 
model ground to measure the propagated 
vibration. This study has adopted a notional 
prototype of single track tunnel, whose outer 
diameter is 7.5 m, and the thickness of tunnel 
lining is 300 mm. The scale factor of the model 
test was decided to be 1:62. Our experiences 
suggest that vibration problems are commonly 
encountered in practice at sites with lower 
cover/ diameter (C/D) ratio. Therefore, two 
different depths of cover (C) were chosen, 1.0D 
and 1.5D, where D is the outer diameter of the 
tunnel. This study utilized the vibration exciter 
previously described.

Figure 10 presents the details of the model 
tunnel. The model tunnel consists of a tunnel 
lining, an invert, and cylindrical caps at both 
ends. Tunnel lining is an acrylic cylinder of 120 
mm in diameter, 700 mm in length and 5 mm in 
thickness, which corresponds to the prototype of 
single track tunnel of 7.5 m in outer diameter at 
62G. The model tunnel is supported by a linear 
guide at both ends. The acrylic invert is inlayed 
into the lower part of the tunnel and fixed with 
acrylic screws. The both ends of the tunnel 
lining are covered with cylindrical caps, which 
are made from vinyl chloride in order to reduce 
the vibration from the model tunnel to the linear 
guides. The two cylindrical caps are tightened 
by four steel bars installed inside the model 
tunnel. The details of the connecting point 
between the cylindrical cap and the linear guide 
is shown in Figure 11. The linear guides have 
ball slide units so that the model tunnel can only 
move smoothly in the vertical direction. Con-
sidering the large combined bending stiffness of 
the model tunnel and the invert, and the small 
amplitude of vibration imposed in the experi-
ment, together with the constrain of the freedom 
of the tunnel movement, it is considered that the 
test system is close to a line load situation. 

Modeling the details of tunnel lining is dif-
ficult to achieve in any scaled model, in particu-
lar segmental nature and joints. The adopted 
design strategy in this study was to achieve the 
impedance of the model tunnel close to the 
concrete lining tunnel by selecting acrylic 
cylinder, and diameter and lining thickness 
reduced by the scaling factor of 62.

Figure 9. Outline of test system for subway-induced 
study – fixed point source (Tsuno et al., 2005b) 

The vibration exciter used has the dimen-
sions of 60mm in diameter, 80mm in height and 
1.0 kg in weight and is fixed on the acrylic 
invert in the middle of the tunnel. The vibration 
exciter is connected with an amplifier and a 
function synthesizer through the slip ling of 
centrifuge test device, and can generate the 
sinusoidal vibration ranging up to 12 kHz, 
which corresponds to 192 Hz in prototype scale 
at 62G. 

Figure 10. Outline of model tunnel (Tsuno et al., 
2005b)
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Figure 11. Details of connection between cylindrical 
cap and linear guide (Tsuno et al., 2005b) 

3.3.2 High speed ball launching system  
Simulation of ground vibrations generated by 
moving train involves careful design of small 
scale physical model and also performance of 
such equipment under accelerated environment 
is an important aspect to be considered. Gener-
ally speed of underground trains range between 
40km/h to 80km/h and the total length of cars is 
about 160m.

Figure 12 illustrates the concept of moving 
load running in the tunnel. The concept is 
principally based on the idea of pitching ma-
chine of baseball. Two spindle motors with 
rotating discs on their main shaft are fixed in a 
base plate so as the discs rotor in opposite to 
each other with pre-determined spacing to eject 
the ball into the model tunnel. The diameter of 
each disc is 120mm and these discs have soft 
rubber lining. The number of rotation per 
minute is controlled digitally by inverter when 
the two motors are synchronized. The upper 
limit of speed of rotation of these discs is 
designed for 10,000 revolution per minutes, so 
that these discs can exert pressure to launch the 
ball at a maximum speed of 200 km/h. The balls 
are guided with a help of a metal passage 
channel through which balls reach the rotating 
disc to get ejected and launched one by one into 
the model tunnel.

Also the ball is pushed out by the air pressure 
unit to receive the power of the friction of 
rotating discs to launch. The air pressure is 
controlled and supplied from laboratory floor. 
Speed of the balls can be controlled by setting 
the rpm of the disc. The speed of moving ball is 
checked by two optical fiber sensors set on the 
both end of the model tunnel.

To catch the high speed ball, a steel rigid 
receiver was installed at the outlet of the model 
tunnel. The material of the ball is aluminum 
with weight of 11.5g and diameter of 20 mm. 
The surface is blasted roughly by sand paper. 
Model tunnel is made of aluminum tube. The 
length of the model tunnel is 638mm, diameter 
of 55mm, the wall thickness of 1mm. The 
model tunnel is inserted into the side wall holes 
of the steel container and the tunnel is rigidly 
held with the container by means of steel flange. 
A steel container had an inner size of 
500sq.mm, 700 mm in height and wall thick-
ness of 9mm. Fiber sensor for high speed 
movement. High speed movement of the ball 
into the model tunnel is monitored with the help 
of a fiber sensor. 

Figure 12. Concept of moving load running in 
the tunnel (Morimoto et al., 2006) 

4. KEY OBSERVATIONS 

4.1. Ground surface vibration 

Using the multiple ball dropping systems, 
three series of test program were carried out: (a) 
to examine the wave propagation characteristics 
with wave barrier and without wave barriers by 
impact point load. (b) to obtain the wave propa-
gation characteristics caused by high speed 
trains running through a viaduct, using quasi-
moving loads. (c) to study the effects of two 
types of barriers on vibration reduction and also 
the effectiveness of using vibration attenuation 
materials to build track beds by the vibration 
testing system. 

Cover
1D=50mm

High
speed motor 

Base plate 

Model tunnel 

Cylindrical cap

Linear guide

Tunnel lining
(Model tunnel)

Foundation of linear guide

Ball slide unit

87



(a) Wave propagation characteristics with 
wave barrier and without wave barriers by 
impact point load

Figure 13 presents a typical example of the 
filtered data, showing how the input wave 
propagates radially on the ground surface as 
well as downwards beneath the model founda-
tion. To determine the surface wave velocity, 
the difference in travel time of the first wave 
was obtained at two adjacent accelerometers. 
The average difference in travel time δt and the 
distance δs between the two detection points 
were δt=0.007 sec and δs=1.25 m at prototype 
scale respectively, giving the average surface 
wave velocity of 178.6 m/s. 

From the predominant frequency of 20Hz 
and the surface wave velocity of 178.6 m/s, the 
surface wavelength ( ) in prototype can be 
calculated to be 8.93m. 

The effects of an isolation method of cylin-
drical barrier was examined by using various 
barrier conditions such as embedded depth of 
the barrier D, radius of the barrier R and ratio of 
the barrier’s shear modulus to that of soil , as
illustrated in Figure 14. The experimental 
conditions are listed in Table 2. Selected stiffer 
materials than soil ( <1, stiffer barrier) is 
aluminum, while a softer material ( >1, softer 
barrier) is Expanded Poly-Styrol (EPS). These 
mechanical properties are listed in Table 3. The 
value of shear modulus was taken from the 
literature (Jung, 1998). Figure 15 shows typical 
examples of how the installation of the cylindri-
cal barriers of various materials would change 
the wave propagation for the case of the em-
bedded depth of the barrier D of 17 m.

Table 2. Experimental program for point load using 
cylindrical barrier (Itoh et al., 2002) 

Table 3. Mechanical properties of cylindrical barriers 
and Toyoura sand (Itoh et al., 2002) 

Figure 13. An example of wave propagation on the 
ground surface and beneath the foundation (Itoh et 
al., 2002) 
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Figure 14. Schematic diagram of vibration isolation 
by cylindrical barrier (Itoh et al., 2002) 

Comparing the data obtained without a 
barrier with the data obtained with a barrier, it 
can be clearly seen that the cylindrical barriers 
are in fact effective; the ground motion is 
considerably smaller beyond the barrier. Inter-
estingly, it is observed that the stiffer barriers 
reduce the vertical acceleration on the barrier, 
whereas the softer barrier amplifies it.

Figure 15. Typical examples of wave propagation change with and without cylindrical barrier of various materi-
als (barrier depth D of 17 cm) (Itoh et al., 2002) 

Figure 16 presents how the maximum 
acceleration decreases with distance from the 
vibration source for various barrier materials 
with different embedded depths, and also 
includes data for the case without a barrier. In 
the case of the Aluminum barrier, a marked 
effect of the barrier becomes evident for the 
case of embedded depth of 17 m, in which a 
sharp drop in the maximum acceleration is 
observed on the barrier and after which the 
level of the acceleration remains much 
smaller than the other cases (See Figure 16). 
This observation implies that stiffer barriers, 
with the relative shear modulus ratio exceed-
ing 1400, are effective in screening the 
vibration when these barriers are installed into 
a deeper depth. In the case of EPS barrier, 
with the relative shear modulus ratio of about 
0.10, the screening effect continues to remain 

effective beyond the barrier ever for the case 
of embedded depth of 5 m.  The reduction of 
the maximum acceleration is more marked in 
comparison with the cases of the Aluminum 
barrier.

The influence of normalized depth D/
and various barrier materials on amplitude 
ratio RA is presented in Figure 17 for location 
at 5.00 m from source, respectively. The 
screening effect is expressed by the parameter 
RA (amplitude ratio): RA = (vertical maximum 
acceleration with the barrier) / (vertical 
maximum acceleration without the barrier). 
RA = 0.25 means 75% reduction in the ground 
vibration due to the installation of the barrier 
(Woods, 1968). As Figure 17 clearly indi-
cates, the Aluminum barrier (stiffer barrier) 
becomes effective only when D/  exceeds 
more than unity, whereas the EPS barrier 
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(softer barrier) is indeed effective for a wide 
range of D/  values. In particular, if the 
amplitude reduction of about 0.3 is required, a 
minimum depth of D/  = 0.6 is required.

This observation is in good agreement 
with the active isolation proposed by Woods 
(1968). More importantly, from the view of 
the construction cost, softer barriers need 
lower values of D/ , compared to those for 
stiffer barriers. 

(b) Wave propagation characteristics 
caused by high speed trains running through 
a viaduct, using quasi-moving loads 

Moving load such as high-speed trains 
has been recognized as a potential source of 
ground vibrations. Figure 18 schematically 
illustrates the concept of moving load, where 
a moving load caused by a running high-
speed train through a series of viaducts is 
modelled.

Figure 16. Attenuation of maximum acceleration 
with distance from vibration source for various 
barrier materials with different embedded depths 
for cases of cylindrical barrier (Itoh et al., 2002) 

Figure 17. Changes in amplitude ration RA
(=(vertical maximum acceleration with barrier)/ 
(vertical maximum acceleration without barrier)) to 
embedded depth of barrier / wavelength D/  for 
different barriers (Itoh et al., 2002) 

The multiple ball dropping system was 
used. The mechanism of creating a moving 
load is as follows. Two steel balls are stored 
at the two extreme sides of the system with 
three different distances which are 6.0m in 
prototype scale. Two balls drop onto a 
corresponding foundation. One foundation 
deliberately has a height slightly higher than 
the other foundation. The two steel balls drop 
simultaneously and hit different model 
foundations. There is a slight difference in 
height of the model foundations to provide a 
certain time lag. Consequently, this 
arrangement leads to slight differences in 
mass of the foundations and in input 
maximum acceleration in the foundations. In 
this particular series of the tests, the 
foundation hit firstly has a mass of 78.5 g and 
a height of 41.0 mm, while the mass of the 
foundation hit later is 62.0 g and a height of 
32.0 mm. Changing the height difference 
between the two foundations can easily alter 
the time lag in this test.

The procedures for model making were 
almost the same as before except that the 
model ground with a targeted relative density 
of 60% was included. The Toyoura sand was 
poured from a certain height, giving an 
average dry unit weights d of 15.4 kN/m3 
and 14.8 kN/m3, and corresponding average 
relative densities of 80% and 60%, 
respectively.
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Figure 18. Concept of moving load (Itoh et al., 
2002)

The difference in foundation height was 
selected to be 9 mm, to provide the time lag 
of 0.0675 sec as is obtained from the data in 
Figure 19 of the time histories of vertical 
acceleration at the two loading points 6 m 
apart. The velocity of the moving load can be 
readily calculated as about 320 km/h (= 88.89 
m/s), thus the source speed is less than the 
surface wave velocity (= 178.6 m/s) ), which 
is called ‘subtonic condition’. 

The model foundation hit first is denoted 
by No. 1 and the other foundation is referred 
to as No. 2. Figure 20 presents a set of data of 
vertical acceleration at various points on the 
ground surface for the case of without barrier 
and the relative density of 80 %, showing how 
multiple impact loads with a certain time lag, 
simulating a moving load, create the ground 
motion at different locations. An interesting 
observation is how the propagating waves 
from different sources are interfered each 
other. For example, the accelerometer No. 4 
located at the same distance from the two 
vibration sources measured clear two peaks in 
the acceleration.  In contrast, the acceleration 
record of the accelerometer No.6, which are 
nearer to the No. 2 foundation, seem to be 
predominantly affected by the vibration 
source of No. 2.

Figure 19. Time histories of vertical acceleration at 
two loading points (Itoh et al., 2002) 

As it has been previously pointed out, the 
level of load intensity of imposed impact load 
in the experiment would be within an elastic 
range in an engineering sense. It is therefore 
expected that the principle of superimposition 
may hold in the wave data. An attempt was 
made to examine whether the superimposition 
can hold or not, and in what circumstances, if 
it holds. Figure 21 explains what kind of 
experimental strategy has been taken. Using 
the same model ground, three sets of the tests 
were carried out. The first was to conduct a 
usual moving load test and in the second only 
the No. 1 foundation was hit, and finally only 
the No. 2 foundation was hit. The data from 
the second test was superimposed over the 
data from the third, considering the time lag 
measured at the first test. Thus calculated 
results are compared with the result of a 
moving load test.

In Figure 22, two cases are presented for 
the case of Dr = 80 and 60% at one position 
of the accelerometer No. 4, together with the 
input waves. It is observed in Figure 22, the 
maximum accelerations of the No.2 
foundation are always 25% larger than those 
of the No.1 foundation. 

It is stemmed from the fact that the falling 
height of the ball for the No.2 foundation is 
larger than that of the No.1, resulting in the 
larger impact force on the No.2 foundation. 
For the case of Dr = 80% (Figure 22a), the 
overall agreement between the moving load 
data and the superimposed is fairly well, both 
in magnitude and shape of the wave. It may 
be said therefore that the superimposition of 
the waves could be applicable, provided that 
load intensities caused by impact loads are 
well below the ultimate bearing capacity of 
the foundation. But it should be noted that the 
accuracy of the superimposition deteriorates, 
when a factor of safety for bearing failure 
decreases, as is seen in the cases of the 
relative density of 60 % of Figure 22 (b). 

(c) Effects of two types of barriers on 
vibration reduction and also the effectiveness 
of using vibration attenuation materials to 
build track beds by vibration testing system 

This study examines the effect of using 
three types of tracked materials at the 
vibration source and two types of wave 
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cylindrical barriers in the transmission path 
on the reduction of vibration. The high-speed 
train, the vibration source, is modeled by the 
vibration system. The track and ballast was 
modeled by an aluminum circular plate 60 
mm in diameter and 15 mm in height. The 
motion of the track was recorded by a piezo-
electric accelerometer which provided data on 
the vertical acceleration at the ground surface, 

as shown in Figure 8. Additionally, the 
vertical movement of the ground surface at 
various distances away from the source was 
recorded by a group of accelerometers. In 
order to couple between the accelerometers 
and the sand, accelerometers were glued to 
the thumbtack, of which pin pasted to 
Toyoura sand. 

Figure 20. Wave propagation for moving load on ground surface for a case of without barrier (Itoh et al., 2002) 

Figure 21. Experimental for verification of super-
imposition (Itoh et al., 2002) 

Researchers at the Railway Technical 
Research Institute (RTRI, Japan) conducted 
field tests to measure ground vibrations 
generated by high-speed trains. Basic 
characteristics in amplitudes and frequencies 
of ground vibration induced by Shinkansen 
trains are summarized by Yoshioka (2000). 
According to the results, the amplitude 
spectrum shows three visible peaks in 6.3, 16-
20, and 40-50 Hz. Therefore, in this study, the 
input frequencies used were 5, 10, 15, 20, 25, 
30, 35, and 40 Hz in prototype scale. All the 
tests were conducted at a 50G centrifugal 
acceleration. By applying scaling laws for 
centrifuge testing, input frequencies used in 
the model tests are 250, 500, 750, 1000, 1250, 
1500, 1750, and 2000 Hz. The results of the 
centrifuge tests are presented in prototype 
scale, hereafter. 

The effect of various barriers on vibration 
reduction was investigated. The experimental 
conditions are listed in Table 4. Embedded 
depth of barrier D and wave impedance A are 
considered.
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The stiff material (A>1) used was 
aluminum, and the soft material (A<1) used 
was Expanded Poly-Styrol (EPS). The 
mechanical properties of the two materials 
and Toyoura sand are listed in Table 3.

(a) No. 4 (Dr= 80%) 

(b) No. 4 (Dr= 60%) 

Figure 22. Comparison of waves between calcu-
lated results of superimposition and experimental 
results (Itoh et al., 2002) 

Wave impedance of aluminum model bar-
rier equals that of concrete barrier in the 
prototype and wave impedance of EPS model 
barrier nearly equals that of EPS barrier in 
prototype. For the tests reported here, 
thicknesses of wave barriers of aluminum and 
EPS were 5 mm (25cm at prototype scale) 
and 10 mm (50cm at prototype scale), 
respectively.Figure 23 shows how the root-
mean-square acceleration decreased with 
distance from the vibration source for the two 
barriers built with aluminum (Figure 23 (a)) 
and EPS (Figure 23 (b)) and with different 
embedded depths. It also includes data for the 
case without any barrier in the cases of 
dominant frequencies of 10, 15, 35, and 40 
Hz. It needs to be pointed out that the 
amplitudes at No. 9 which is near the edge of 
the container are higher than at No.8, because 
of the influence of the sidewalls of the 
container on the amplitude of the reflection-
waves.

The effect of the aluminum barrier on 
vibration reduction was studied first. In the 
case of an input frequency of 15 Hz, the 
aluminum barrier seems to be ineffective in 
reducing vibration, except in the case of an 
embedded depth of 5 m at 7.50 and 8.25 m 
away from the source. On the other hand, in 
the cases of input frequencies of 35 and 40 
Hz, a marked effect becomes evident for the 
case of an embedded depth of 10 m, in which 
a sharp drop in the root-mean-square 
acceleration is observed on the barrier and 
beyond. From the viewpoint of the 
relationship between the embedded depth of 
wave barrier D and the total depth of soil 
layer H, the case of an embedded depth of 10 
m is like installing a wave barrier to the 
bottom of a soil layer (D/H = 1), as shown in 
Figure 23 (a). 

In the case of an EPS barrier (Figure 23 
(b)), the screening effect remains effective 
beyond the barrier for all the cases of 
embedded depth of 10 m. For a barrier depth 
of 5 m, some cases (such as input frequency 
of 15 and 40 Hz) show a significant reduction 
of vibration.
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i) 10 Hz (λ=17.85m)           ii) 15 Hz (λ=11.90m)

  iii) 35 Hz (λ=5.10m)                   iv) 40 Hz (λ=4.46m)
(b) Aluminum barrier 

i) 10 Hz (λ=17.85m)           ii) 15 Hz (λ=11.90m)

iii) 35 Hz (λ=5.10m)                   iv) 40 Hz (λ=4.46m)
(b) EPS barrier 

Figure 23. Attenuation of root-mean-square acceleration with distance from vibration source for various barriers: 
(a) aluminum (b) EPS (Itoh et al., 2005) 
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Table 4. Experimental program using cylindrical 
barrier (radius of cylindrical barrier=2.5 m) (Itoh et 
al., 2005) 

Material of wave barrier

Aluminium EPS 

2.5 - O 

5.0 O O 

Em
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dd
ed
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D
 (m
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10.0 O O 

It appears that the vibration around the 
barrier has a close relationship with the 
frequency of the dynamic loading. In the 
cases of input frequencies of 10 and 15 Hz, a 
magnification of vibration on the barrier was 
observed. On the other hand, in the case of 20 
Hz dynamic loading, the magnification of the 
vibration in front of the barrier and the 
reduction of vibration on the barrier were 
observed. According to the results of previous 
work (Itoh et. al., 2003; Itoh, 2003), the first 
dominating frequency of EPS barrier material 
is about 8.5 Hz. The different behavior 
observed with different input frequencies 
appears to be related to the dominating 
frequency of the wave barriers. 

The influence of normalized depth D/
and various barrier materials on relative 
vibration reduction level, Lrv, are presented in 
Figure 24 for locations at 5.00m from the 
source. The reduction effect is expressed by 
the parameter Lrv (relative vibration reduction 
level):

          (1) 
A positive Lrv means vibration 

amplification whereas a negative value 
represents vibration attenuation. Figure 24 
clearly indicates that the aluminum barrier 
becomes effective mainly when D/  is greater 
than one, whereas the EPS barrier is more 
effective for a wide range of D/  values. 
However, the Lrv value varies widely when 
D/  is less than one. This may be caused by 
the complex nature of interaction between 
incident and reflected waves in front of the 
barriers.

4.2. Ground vibration by subway 

The scaling factors related to this study 
are calculated for centrifugal acceleration of 
62 G. The tests with 1, 15, 30 and 45G were 
also carried out to examine the influence of 
effective confining stress on the propagated 
vibration. Various input frequencies ranging 
from 10 to 70 Hz in prototype scale were 
adopted and the two cover depths were 
selected, totaling 48 test cases in this test 
program.

Figure 24.Relationship between Lrv and D/  for 
different barriers (Itoh et al., 2005) 

4.2.1 Vibration attenuation in the ground 
In the assessment of vibration including 

the subway-induced vibration, vibration 
acceleration level (LVA) is used as an evalua-
tion index. Vibration acceleration level is 
defined as; 

         (2) 

where A is the root mean square acceleration 
amplitude (m/s2) and A0 is the reference 
acceleration amplitude defined as 10-5m/s2 in 
the Japanese standard (Japan Industrial 
Standard 1995). The vibration acceleration 
level is calculated at every measurement 
point. The difference of vibration acceleration 
level from that at the bottom of the model 
tunnel to that at measured location (hereinaf-
ter called “relative acceleration level”) is then 
calculated to find out the attenuation of 
vibration in the ground. Figure 25 shows the 
changes in the relative acceleration level 
expressed in terms of dB with the depth along 
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the vertical line 5 m (in prototype) away from 
the tunnel center line for various input accel-
erations in the cases of 1G, 30G and 62G.

(a) 1G

(b) 30G

(c) 62G 
Figure 25. Relation between depth and relative 
acceleration level (Tsuno et al., 2005b) 

Vibration acceleration in the ground tends 
to attenuate with the approach to ground 
surface in the cases of 1G, while clear at-
tenuation of acceleration is not observed and, 
in some cases, amplification is also observed 
in the cases of 30 and 62G. 

Figure 26 gives the relationships be-
tween the input frequency and the relative 
acceleration level on the ground surface at a 
distance of 5m (in prototype) from the tunnel 
center line for various centrifugal accelera-
tions. The relative acceleration level becomes 
gradually smaller and the attenuation of 
vibration becomes larger as the input fre-
quency becomes higher. The data of the 
relative acceleration levels at 15G to 62G 
follow almost the same decreasing trend with 
the same magnitude, while those at 1G also 
show the similar trend with a smaller magni-
tude of the relative acceleration level. It may 
be considered that low earth pressures reduce 
the contact forces between soil particles, 
which make large attenuation into the ground 
in the case of 1G. 

Figure 26. Relationship between frequency and 
relative acceleration level at ground surface (Tsuno 
et al., 2005b) 

The measurement results at 24 locations 
enable us to construct the contours of relative 
acceleration level around the tunnel for 
various input frequency, as shown in Figure 
27 for the cases of 1G and 62G, respectively. 
It is found that vibration radiates from the 
bottom of model tunnel and the maximum 
level not necessarily appears immediately 
above the tunnel center. Amplification is 
observed near the ground surface in the cases 
of 10 to 20 Hz at 62G. The observed results 
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are consistent with the past field measure-
ments (Tsuno et al., 2005a), in which the 
maximum vibration on the ground surface 
tends to appear at a distance of 5 to 10m from 
the tunnel center line. It is noted that Figure 

30 include some spots in which the relative 
acceleration level locally becomes large or 
small, possibly because the input wave form 
is of sinusoidal, not a random wave form. 

(a) 1G 10Hz        (b) 1G 20Hz                       (c) 1G 40Hz                       (d) 1G 60Hz 

(e) 62G 10Hz         (f) 62G 20Hz         (g) 62G 40Hz            (h) 62G 60Hz 

Figure 27. Contours of relative acceleration level (Tsuno et al., 2005b) 

4.2.2 Estimation based on the Bornitz`s 
formula

Bornitz (1931) formulated the vibration 
attenuation in consideration of geometrical 
damping and material damping as; 

           (3) 

where UR is amplitude of receiver point, U0
amplitude of reference point,  a material 

damping coefficient, n a geometrical damping 
coefficient, R distance from source to receiver 
point and R0 distance from source to a refer-
ence point where acceleration amplitude is 
known.

         (4) 
where LVA is the vibration acceleration level 
of receiver point and LVA0 that of reference 
point. The left side of equation 6 shows the 
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relative acceleration level. Ungar and Bender. 
(1975) regarded the subway-induced vibration 
as the body wave from line source and as-
sumed n to be 0.5. Nagashima et al. (1988) 
and Tsuno et al. (2005b) showed that the 
estimation when n = 0.5 and R0 = 1 in equa-
tion 6 well agrees with field measurement. In 
this series of tests, it may be possible to 
assume the line vibration source in a broad 
sense, because the model tunnel can move 
only in the vertical direction. The test results 
may be compared by equation 4 on the 
conditions that n = 0.5 and the bottom of the 
tunnel is taken as a reference point. As the 
source is assumed to be the tunnel lining in 
this estimation, R0 = 0 in the strict sense, but 
Bornitz (1931) formula cannot be adopted. To 
solve this problem, the R0 is assumed to be 
unity by following the assumption by Naga-
shima et al. (1988) and Tsuno et al. (2005a), 
who verified that it was applicable to interpret 
field measurement data. 

The material damping coefficient  can be 
calculated by the least-square method based 
on the relationship between the distance R 
and the relative acceleration level at four 
measurement points on the ground surface. 
Figure 28 shows the relationship between 
input frequency and  for various G level in 
the case of 1.5D.

Figure 28. Relation between frequency and mate-
rial damping coefficient  for different centrifugal 
acceleration (1.5D) (Tsuno et al., 2005b) 

It is observed that the material damping 
coefficient  increases with increasing input 
frequency. The material damping coefficients 

 obtained at 15, 30, 45 and 62G are similar 
values, which are slightly smaller than those 

at 1G. It may be considered that contact force 
between soil particles, in the case of 1G, is 
small because of low earth pressures and the 
attenuation differs from experimental 
observations in the case of 15, 30, 45 and 62G 
cases.

The relationships between input fre-
quency and material damping coefficient  for 
various cover depths (1.0D and 1.5D) in the 
cases of 1G and 62G are compared in Figure 
29. It is found from the figure that the results 
of 1.0D are similar to those of 1.5D over the 
frequency range adopted in the test regardless 
of G level, suggesting that the values of 
material damping coefficient  are less 
sensitive to the depth of cover in the range of 
1.0D to 1.5D. 

Figure 29. Influence of depth of cover on material 
damping coefficient  (Tsuno et al., 2005b) 

4.2.3 Comparison with field measurements 
To examine whether the centrifuge re-

sults are consistent with field observations, 
experimental results are compared with the 
field measurement at 14 sites in and around 
the Tokyo area (Tsuno et al. 2005a), in which 
vibration acceleration both in tunnels and on 
the ground surface was simultaneously 
measured by the system of piezoelectric 
pickups and charge amplifiers and recorded in 
a data recorder.

The material damping coefficient  was 
calculated at every one-third octave band of 
every field measurement and plotted in Figure 
30. The material damping coefficient  of 14 
sites increases with frequency within a band 
of about 0.1, and compared with that obtained 
by the experiment as shown in Figure 31. The 
shaded area in Figure 31 indicates the zone of 
the material damping coefficient  at 14 sites. 
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It is found that the values of material damping 
coefficient  at 15 to 62G experiments well 
agree with those of field measurement with a 
narrow range, while the values observed at 1G 
start deviating when the frequency exceeds 15 
Hz.

Figure 30. Relation between frequency and mate-
rial damping coefficient  (Tsuno et al., 2005a) 

Figure 31. Comparison between results of field 
measurements and those of model test (Tsuno et 
al., 2005b) 

5. CONCLUDING REMARKS 

This paper introduced the development of 
centrifuge modeling of ground vibration with 
reference to train-induced vibration at Tokyo 
Institute of Technology. Four types of vibra-
tion system were described and key observa-
tions were presented for both ground vibra-
tion above and below the ground surface. 
Characteristics of wave propagation with 
wave barrier and without wave barriers were 
examined and the effectiveness of wave 
barrier with different materials was examined 
for ground vibration above the ground sur-

face. Complex wave characteristics of ground 
vibration by subway were observed by a 
comprehensive set of model test and the 
consistent result were obtained with field 
measurements.

Careful centrifuge modeling with advanced 
devices and sensors provides a useful tool for 
the study of ground vibration and the devel-
opment for effective countermeasures that 
modern urban areas need. 
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1.  INTRODUCTION 

For the design of foundations on deep deposits 
of soft soils, piled rafts are usually employed to 
reduce the total and differential settlements of 
structures built on them. Granular piles may 
also be used in place of concrete or steel piles 
because of their several additional advantages. 
A large number of approaches have been 
proposed for the analysis of piled rafts. A 
similar approach may be used for the analysis of 
granular piled raft foundations. The most 
conservative of them, which due to its simplic-
ity is often adopted in the design of such foun-
dation systems, considers that the entire build-
ing load is carried only by piles, resulting in 
very expensive solution. Eurocode (1995) 
recommends that the raft carry a portion of the 
total load leading to acceptable settlements, 
while the remaining load is supported by piles. 

Various theoretical analyses have been pro-
posed to assess the behaviour of treated ground 
with granular piles (GP), based on the “Unit 
Cell” concept (Baumann and Bauer 1974, 
Aboshi et al. 1979, Goughnour and Bayuk 
1979, Balaam & Booker 1981, Van Impe and 
De Beer 1983, Van Impe & Madhav 1994, 
Priebe 1976 & 1995, Alamgir et al. 1996, 
Poorooshasb and Meyerhof 1997). Interest in 
the application of granular piles/stone columns 

in relatively smaller number beneath ordinary 
footings is increasing in recent times. Muir 
Wood et al. (2000) report a study of footings on 
large groups of stone columns and identify 
different deformation mechanisms or patterns 
such as bulging, shear failure, asymmetric 
lateral deformation and compression. Watts and 
Serridge (2000) and Watts et al. (2000) report 
studies on instrumented trial vibro-columns 
supporting strip foundations at the Bothkenner 
site and in a variable fill. The former study 
assesses the consolidation settlement and stress 
transfer mechanisms through stone columns 
beneath footings. The latter study reports the 
effects of installation on the in situ ground 
conditions. Most recently McKelvey et al.
(2004) report results on model footing on 
granular piles of various lengths. 

Present study examines two of the mecha-
nisms identified by Muir Wood et al. (2000), in 
relation to the behaviour of short and long 
columns. It deals with the computation of mobi-
lized radial or confining stresses generated at the 
GP-soil interface and their effect on the vertical 
displacements of the GP and the raft. The overall 
response in the linear load – settlement response 
range of the GP-raft foundation in terms of the 
settlement influence factor, the percentage of 
load taken by the GP and the normalized contact 
pressure distribution, are evaluated. 

Settlement of and load distribution in a granular piled raft 

Madhira R. Madhav 
J.N.T University, Hyderabad, India 

V. Sivakumar 
School of Civil Engineering, Queen’s University, Belfast, Northern Ireland 
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2. ANALYSIS OF GRANULAR PILED 
RAFT

Fig. 1 shows a footing supported on a float-
ing granular piled raft foundation carrying a 
load P. The raft is rigid and of diameter, dr. The 
granular pile is compressible with modulus of 
deformation, Egp, Poisson’s ratio, νgp, diameter, 
d (=2a), and length, L. The surrounding soft soil 
is characterized by it’s modulus of deformation, 
Es and Poisson’s ratio, νs. Fig. 2 (a) depicts the 
applied force and the mobilized interaction 
stresses on raft and GP with the discretisation 
scheme used for numerical integration. Fig 2 (b) 
shows the stress system for the soil. τ and σr are 
the interface shear and radial stresses between 
GP and soil and pr - the contact pressures at the 
raft-soil interface. Settlement nodes are at the 
interfaces of soil and raft and at the GP-soil 
interfaces. The raft is discretised in to ‘kr’
number of annular rings (Fig 3) of equal areas 
as division in to annuli of equal width did not 
give consistent results. It is further subdivided 
in to ‘kt’ number of angular sub-divisions.

Analysis of a rigid cap over an incompressi-
ble pile was presented by Poulos (1968). 
Butterfield & Banerjee (1971b) analyzed of the 
problem of pile group-pile cap interaction for 
the stiffness range of concrete and steel piles. 
Randolph (1983) presented a simple analysis for 
an incompressible pile with a rigid raft based on 
average factors for interaction between the raft 

and pile. The present analysis uses the contin-
uum approach to determine the stress systems, τ
& σr, along the soil-granular pile interface and 
pr, at the raft–soil interface, which satisfy the 
compatibility of displacements along the inter-
faces.

Fig. 1. Definition Sketch 

For no slip or yield at the GP-soil interface, 
the GP and the raft displacements are equated to 
the soil displacements at the corresponding 

Fig. 2.  Forces and stress on (a) Raft and pile and (b) soil 
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locations. The stresses and the soil displace-
ments for GP and raft are evaluated based on 
the interactions of raft on raft, raft on GP, GP 
on GP and GP on raft. The essential steps of the 
analysis are the evaluation of: (a) Soil dis-
placements, (b) Granular pile and raft displace-
ments and (c) compatibility displacement. In 
order to perform the analysis, GP is discretized 
into, ‘n’ cylindrical elements as shown in 
Figure 2. Each cylindrical element is acted upon 
by shear (τ) and radial (σr) stresses on the 
interface and uniform normal stress (pb) on the 
base. It is assumed that the sides of GP are 
perfectly rough while the base is perfectly 
smooth. The analysis is presented for a smooth 
raft surface. The raft is discretised into ‘kr’ 
number of equal area annulus elements each 
acted upon by a normal stress, pr (Figure 3). A 
detailed analysis is given in Sharma (1999). The 
shear stresses at GP-soil interface and contact 
pressure distribution at the raft-soil interface are 
obtained as a result of the analysis. 

Fig. 3. Discretisation of Raft – Note equal areas 

Settlement of GP-raft foundation is given as 

prI
dsE

PprS =  (1) 

where prI  is the vertical displacement influence 
factor for granular piled raft foundation. The 
overall response of GP-raft foundation is 
evaluated in terms of the vertical displacement 
influence factor, the normalized GP-soil inter-
face shear stress, the load ratio, i.e., the percent-

age of the load taken by the GP to the total load 
and the normalized contact pressure distribution 
below the raft. The parameters affecting the 
overall responses are (i) the geometric ones-the 
ratio of diameter of the raft to that of GP, i.e., 
diameter ratio, (dr/d), and the length to diameter 
ratio of GP, (L/d), (ii) relative GP-soil stiffness, 
i.e., Kgp = (Egp/Es), and (iii) Poisson’s ratio of 
the soil, νs.

3. VALIDATION AND DISCUSSION 

Solutions are obtained for the following 
ranges of parameters: dr/d = 1-7, L/d = 5-40, 
Kgp = 10-400, νgp = 0.2-0.3, νs = 0.3-0.5. The 
number of elements ‘n’ for GP and ‘kr’ for raft 
chosen to satisfy the convergence criterion, vary 
between 10-50 and 8-20 respectively, depend-
ing on the relative length (L/d) of GP and 
diameter ratio (dr/d) of the raft. The results for 
the above analysis are presented in Figs 4 to 15. 
All the results presented below are with the 
consideration of radial displacement compatibil-
ity of GP. Results obtained by the present 
analysis (with vertical displacement compatibil-
ity of GP) alone compare well with the results 
of Poulos (1968) and Randolph (1983) for a 
rigid raft on an incompressible pile (Table 1). 
The agreement is very close and thus the pro-
posed analysis validated. 
Table 1. Comparison of Results for Rigid-Piled Raft 
(L/d=10, νs=0.5 & dr/d=3). 

Kgp

Load on GP 
(%),
(Pp/P)×100

Ratio of 
Settlements of 
Piled Raft to 
Pile Alone 
(Spr/Sp)

References

∞ 72 0.92 
Continuum
Approach
Poulos (1968) 

∞ 76 0.96 

Approximate
Analysis
Randolph
(1983)

5000 71.2 0.94 Present Study 

Fig. 4 compares the values of settlement in-
fluence factors, Ipr, obtained with and without 
satisfying radial displacement compatibility at 
nodes along GP, for different relative GP-soil 
stiffnesses, Kgp, and for L/d=10. The differences 

103



in the values of Ipr obtained from the two 
analyses are in the range of only 2 to 3 % and 
decrease with the increase of relative size of the 
raft (dr/d). Thus the consideration of radial 
displacement compatibility of GP in the analy-
sis does not influence the settlement influence 
factors significantly. Similar result was reported 
by Mattes (1969) for a single compressible pile. 

Fig.4. Comparison of settlement Influence coeffi-
cients without and with radial displacement compati-
bility.

Fig.5. Effect of Relative Pile Stiffness, Kgp, and Raft 
size, dr/d, on settlement influence coefficient, Ipr 

Variations of settlement factor, Ipr, with rela-
tive GP-soil stiffness, Kgp, for L/d=10 & 20 are 
depicted in Fig. 5, for different raft to GP 
diameter ratios. If dr/d=1, the raft is absent and 
only the GP is loaded for which the results 
obtained agree closely with those of Mattes & 
Poulos (1969) for a compressible pile alone. 
The relative GP-soil stiffness ratio has a large 
effect on Ipr, the values of which decrease from 
0.26 for Kgp = 30 to 0.153 for Kgp = 400 for a 

GP alone. For smaller raft to GP diameter ratios 
(dr/d = 2 & 3), Ipr decreases significantly with 
the stiffness ratio, Kgp. Both the compressible 
pile and the rigid raft influence the overall 
response of the piled-raft whose settlements 
decrease with increase in both dr/d and Kgp
values. The rate of decrease of Ipr with Kgp is 
more for raft resting on longer GP compared to 
that on shorter one. The values of Ipr for L/d=10 
and 20 are respectively 0.201 and 0.196 for 
Kgp = 30 & dr/d = 3. Corresponding values of Ipr

for Kgp = 100 & dr/d = 3 are 0.160 and 0.140 for 
L/d = 10 and 20. However for relatively large 
raft sizes (dr/d ≥ 5.0), the influence of stiffness 
of GP is less significant, Ipr values decrease 
marginally with Kgp. For L/d = 10 & dr/d = 5.0, 
Ipr values decrease from 0.140 for Kgp = 30 to 
0.118 for Kgp = 400. 

The influence of relative length, L/d, of GP, 
on the variations of settlement influence factor, 
Ipr, with relative stiffness of GP is depicted in 
Fig. 6 for dr/d = 2 & 5. Ipr decreases with in-
creasing GP stiffness. This reduction in Ipr is 
significantly more for longer GPs (L/d ≥ 20). 
For L/d = 10 & dr/d=2, Ipr reduces from about 
0.298 for Kgp = 10 to 0.150 for K=400, while 
for a raft on GP with relative length, L/d=25, 
the corresponding values of Ipr are 0.297 and 
0.10 at Kgp values of 30 and 400 respectively. 
Similar results are observed for relatively large 
size of raft (dr/d = 5) except that the decrement 
in Ipr with the increase of GP stiffness, Kgp, or 
with relative length, L/d, of GP is less. Most 
significant conclusion is that the settlement does 
not reduce significantly with increasing GP 
length for relatively compressible GP (Kgp< 50). 

Fig. 6. Effect of Relative Stiffness, Kgp, and pile 
length, L/d, on settlement influence coefficient, Ipr 
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Fig. 7. Effect of Pile length on Radial displacement 
Influence coefficients. 

The radial displacement influence factor, 
pr
rI , decreases with the increase of relative size 

of raft, dr/d, except in the lower region of GP 
where it increases as shown in Fig. 7. The 
variations of pr

rI  with depth normalized with d, 

i.e., *
1z (= z/d), are presented for L/d = 10 & 20. 

The values of pr
rI  increase with increase of *

1z

in the range 0 to 5 depending on the relative 
size of the raft (higher depth for higher values 
of dr/d) and then decrease with increasing 
depths. The maximum radial displacements of 
GP decrease and shift downward with the 
increase of dr/d due to increase in load carried 
by raft resulting in an increase in the confine-
ment effect of raft. For the same relative sizes 
of raft, dr/d, pr

rI  values in the region near the 
top of GP are less for relatively longer GP (L/d 
= 20) in comparison to those for shorter GP 
(L/d = 10) except for higher values of dr/d
where the pr

rI is slightly more for longer GP. 

The differences in the values of pr
rI  decrease 

with increase of dr/d. The maximum values of 
pr
rI  for dr/d = 3 observed at a normalized depth 

of *
1z = 2.5 are about 0.0037 and 0.0034 for 

L/d = 10 and 20 respectively. In the lower 
reaches of GP, the radial displacements of GP 
are very less and almost unaffected by the size 
of the raft. 

The radial displacement influence factor of 
GP decreases along its depth with the increase 
of relative stiffness, Kgp, of GP, as shown in Fig 

8. This decrement in pr
rI  with Kgp is more for 

relatively smaller size of raft (dr/d = 2) as 
compared to the reduction in case of larger one 
(dr/d = 5). The maximum value of pr

rI  for 

dr/d = 2 is observed at a depth of 0.175L and its 
value decreases from 0.008 for Kgp = 30 to 
0.0022 for Kgp = 1000. The maximum radial 
displacement for dr/d = 5 shifts downward to 
z* = 0.35. 

3.1. PERCENTAGE OF LOAD CARRIED BY 
GRANULAR PILE 

The influence of the relative GP-soil stiff-
ness as discussed with respect to Fig.5, can be 
more clearly noted from the variations of 
percentage of applied load carried by granular 
pile, (Pp/P)×100, with Kgp, (Fig. 9), for L/d = 10 
& 20. For L/d = 10 & dr/d = 2, i.e., smaller raft 
sizes, the percentage load transferred to GP 
increases from 40% for Kgp = 10 to 83% for Kgp
= 400. The percentage load carried by the GP 
decreases with increasing values of dr/d. For 
very large raft sizes (dr/d = 7), the percentage 
GP load is within a narrow range of 8% to 31% 
for L/d = 10 and Kgp increasing from 10 to 400. 
The percentage load carried by relatively longer 
GP (L/d = 20) are more as compared to the 
loads carried by a shorter one (L/d = 10). 

Fig. 8. Effect of Relative Granular Pile stiffness on 
Radial Displacement Influence Coefficients. 
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Fig. 9. Effect of Relative pile Stiffness, Kgp, and 
Raft size, dr/d, on percentage load carried by Granu-
lar Pile. 

The percentage GP load increases with the 
increase of relative length of GP, L/d, as shown 
in Fig. 10. This increment in percentage GP 
load increases continuously with Kgp though 
with a rate that decreases with increasing Kgp.
For relative size of raft of dr/d = 2, the incre-
ments in percentage GP load with relative 
length of GP are less as compared to those 
obtained for dr/d = 5. The percentage GP load 
for Kgp =100 & dr/d = 2 increases from 71 to 
only 76 for L/d ratio increasing from 10 to 40, a 
four fold increase. 

The variation of percentage load transferred 
to the base of GP, (Pb/Pp)×100 with Kgp is 
depicted in Fig. 11 along with the influence of 
relative size of raft. As can be expected, the 
percentage load transferred to the base of GP 
increases with the increase of Kgp. With the 
increase of relative size of raft, the percentage 
load transferred to the base of GP increases 
because of increase of the interaction effects of 
raft stresses. For relatively longer GP (L/d = 
20), the base load is less as compared to that for 
a shorter one (L/d = 10) with similar variation 
with dr/d. Fig.12 shows the effect of relative 
length of GP on the percentage load transferred 
to the base of GP. The percentage load trans-
ferred to the base for Kgp = 100 decreases 
significantly from 19.3 to 0.8 for relative length 
of GP increasing from 10 to 25. 

Fig. 10. Effect of Relative pile Stiffness, Kgp, and 
Pile Length. L/d, on Percentage load carried by 
granular pile. 

Fig. 11 Effect of Relative pile Stiffness, Kgp, and 
Raft Size, dr/d, on percentage load carried to the 
Granular Pile base. 

3.2. CONTACT PRESSURE DISTRIBUTION

The contact pressure distributions at the raft-
soil interface, *

rp  (= pr/q or pr(πD2/4)/P), with 
normalized distance from the center of raft, R* = 
r/d (r is radial distance along raft) can be seen in 
Fig. 13, for dr/d = 3 and L/d = 10 & 20. The 
patterns are very similar to that of the raft or the 
footing alone on the surface in that the normal 
stress beneath a rigid raft increases with dis-
tance from the centre and tends to very high 
values at the edge of the raft. The compressibil-
ity of GP has a very significant effect on the 
magnitude of these stresses. For a typical GP, 
L/d = 10 & Kgp = 30, the normalized normal 
stress close to GP is 0.255 and increases to 1.72 
at a distance of 1.46 times the GP radius. The 
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corresponding stresses for a relatively stiff GP 
(Kgp = 400) are about half of the above values. 
The normal stresses on raft resting on longer GP 
(L/d = 20) are less in comparison to those on 
shorter GP (L/d = 10) and the differences in the 
magnitudes increase with the increase of Kgp.
Fig. 14 depicts the contact pressure distributions 
for different relative sizes of raft for Kgp = 100 
and L/d = 10 & 20. For smaller sizes of raft 
(dr/d = 2 to 3), a major part of the total load is 
taken by the GP and as a consequence, contact 
stresses on the raft are very less. With the 
increase of relative size of the raft, the magni-
tudes of normalized normal stresses increase 
with radial distance. The influence of relative 
length of GP on normalized normal stresses on 
raft increases slightly with the increase of its 
relative size. 

Fig. 12. Effect of Relative pile Stiffness, Kgp, and 
Pile Length. L/d, on percentage load carried to the 
Granular Pile Base. 

Fig. 13. Contact pressure distribution – Effects of 
Relative Granular Pile stiffness and pile length. 

Fig. 14. Contact pressure Distribution – Effects of 
Raft Size and Pile Length. 

4. CONCLUSIONS

An analysis of granular piled raft is pre-
sented, with and without consideration of radial 
displacement compatibility of GP. The consid-
eration of radial stresses in the analysis influ-
ences the vertical displacement factor only 
marginally. The percentage load carried by GP 
increases with the increase of its stiffness and 
decreases with the increase of relative size of 
raft. The normal stresses on the raft at the raft –
soil interface decrease with the increase of 
stiffness of GP and/or relative length of GP. The 
influences of GP stiffness and relative length of 
GP are found to be more for relatively large size 
of raft. A significant change in the GP behavior 
due to the presence of raft is to transfer the load 
to points at depth, i.e., the percentage of load 
transferred to the base of GP increases with the 
increase of relative size of raft.
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1. INTRODUCTION

The pace of urbanization is increasing rapidly 
everywhere in the world. In 1950, 30% of the 
world’s population lived in cities. By the end of 
2007, the urban population of the world had 

increased to more than 50%. The average 
population of the world's 100 largest cities has 
swelled from 700,000 in 1900 to 5 million in 
1990. Such rapidly increasing urbanization, 
particularly in developing countries, creates 
both opportunities and challenges.

Figure 1. Megacities worldwide in 2015.

ABSTRACT: The pace of urbanization is increasing rapidly everywhere in the world. By 2030, the urban 
population of the world is expected to reach 60%, with most of the city-dwellers living in megacities. The risks 
posed by natural and man-made hazards are magnified in megacities because of the high population density and 
the vulnerability of the exposed population. The paper reviews the risks posed by geohazards to megacities, and 
discusses the changing risk pattern in light of rapid population growth and climate change for earthquakes, 
landslides, floods, volcanoes and tsunamis. A strategy for managing and mitigating the risk associated with 
geohazards in megacities, in particular in developing countries, is outlined. 

Effects of global change on risk associated with geohazards in
megacities
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The total urban population of the world may 
reach 60% by 2030, and a good portion of the 
population will be living in megacities. In this 
paper, megacities refer to very large urban areas 
with several million inhabitants. A universally 
accepted definition of megacity does not exist. 
Different scientists and organizations use 
population thresholds of 5, 8 or 10 millions for 
designating an urban area a megacity. It is 

estimated that by 2015 the world may contain as 
many as 60 megacities, together housing more 
than 600 million people.

These megacities are where much of the 
worldwide process of urbanization is and will 
be taking place. The spatial distribution and 
growth of megacities are illustrated in Figs 1 
and 2. 

Figure 2. Megacities and population growth, 1988- 2025. 

Megacities are more than just large cities. Their 
scale creates new dynamics, new complexity 
and new simultaneity of events and processes – 

physical, social and economical. They host 
intense and complex interactions among demo-
graphic, social, political, economical and 
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ecological processes. Megacities thriving on 
economical boom periods generate strong 
pressures for change accompanied by environ-
mental degradation.

In the developing world, megacities grow 
faster than their infrastructure. This uncon-
trolled urban growth causes high traffic vol-
umes, high concentrations of industrial produc-
tion, ecological overload, unregulated and land 
use and property development and, in some 
cases, such extremes of poverty and wealth 
living side by side that social unrest may follow.

This paper focuses solely on the risks posed 
by geohazards (earthquakes, landslides, floods, 
volcanoes and tsunamis) to megacities, but of 
course this issue cannot be completely separated 
from the other risks and risk-related issues. 

Today's cities and megacities are unlike any 
if the cities that have existed in the past. And 
cities of the future will be different from toda’s 
cities.

Today, cities are larger than ever before and 
growing in size at an unprecedented rate. As 
cities have grown, they have often expanded 
onto hazardous land. For various reasons, 
people are choosing or are forced to live in 
harm's way.

New threats have arisen as the megacities 
have grown. The combination of natural and 
technological hazards creates an environment in 
which effects may be multiplied through cas-
cading multi-disasters. For example, an earth-
quake can lead to a breakdown in the social 
order and infrastructure, resulting in rioting, 
vandalism or robbery, spread of disease through 
unsafe drinking water, and disruptions to the 
local economy. 

2. MEGACITIES AND RISK

The risks posed by natural and man-made 
hazards are magnified in megacities because of 
their high population density and the vulnerabil-
ity of the exposed population. People from 
different socio-economic groups and political 
allegiances may become segregated geographi-
cally, creating disparities and conflict. There-
fore, megacities exposed to global geographical, 
environmental, socio-economical and political 
changes to which they themselves contribute, 
are both victims and producers of risk. 

2.1. Risk posed by natural hazards 

The global risk posed by natural hazards has 
had an increasing trend over the past century. 
Figure 3 shows the statistics of fatalities caused 
by major natural disasters since 1950. The 
economic consequences of natural disasters 
show an even more dramatic increasing trend 
(Munich Re). Table 1 compares the losses 
caused by natural catastrophes in 2007 with 
previous years.

A report by UN-Habitat, the United Nations 
agency responsible for human settlements, says 
the number of natural disasters affecting urban 
populations has had a four-fold rise since 1975.  

Some of the reasons for this increase are ob-
vious, others less so. The post-disaster effects 
can be especially severe in a vast, densely-
populated area where sewers fail and disease 
spreads. Slums spring up in disaster-prone areas 
such as steep slopes, which are prone to land-
slides or particularly severe damage in an 
earthquake (The Economist, 2007).

Many of the world's cities are located on 
coastal land or rivers where the effects of 
climate change and extreme weather events, 
from cyclones to heat waves to droughts, are 
increasingly experienced.  

Economic dislocation and great human dis-
comfort are also caused by events like the 2007 
floods in the Indian city of Kolkata (Fig. 4), 
Such events are too small and frequent to grab 
global headlines. 

Several well-documented studies have 
shown clearly that developing countries are 
more severely affected by natural disasters than 
developed countries, especially in terms of lives 
lost (UNDP 2004, ISDR 2004 and International 
Federation of Red Cross 2004). Table 2 shows 
the data compiled by IFRC (2001) for the 
decade 1991-2000. Of the total number of 
persons killed by natural disasters in this period, 
the highly developed countries accounted for 
only 5% of the casualties, 

In absolute numbers, the material damage 
and economic loss due to natural hazards in 
highly developed countries by far exceed those 
in developing nations. However, this reflects the 
grossly disproportionate values of fixed assets, 
rather than real economic vulnerability.

A more realistic approach is to normalize 
the economic loss with the country’s annual 
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gross domestic product (GDP). The reported 
damage ratios for some of the recent natural 
disasters as percentage of GDP then become: 
2% for the Kobe Earthquake 1995, 10% for the 

El Salvador Earthquake 2001, 5% for the 
Pakistan Earthquake 2005, and 4% for the 
tropical storm with landslides in Guatemala 
2005.

Figure 3. Trends in fatalities caused by natural disasters since 1950 (Ref: Munich Re). 

Figure 4. Floods in Kolkata, India in 2007 (Ref: The Economist, 2007). 
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Table 1. Comparison of natural catastrophes in 2007 with previous years (Ref.: Munich Re) 

Intelligent planning and regulations make a 
huge difference to the number of people who 
die when disaster strikes. In 1995 a magnitude 
8.2 earthquake in the Japanese city of Kobe 
killed 6,400 people. In 2003 a much smaller 
earthquake (magnitude 6.5) in the city of Bam 
in Iran claimed over 27,000 lives. The complete 
disregard of the building codes, even for critical 
structures like schools and hospitals, and 
inappropriate local construction practices were 
direct causes for a significant increase in the 
death toll due to the Bam earthquake. 

Table 2. Natural disasters in the period 1991- 2000 
(after IFRC 2001). 

Country
No. of 

disasters
No. of 

lives lost 
Low and medium 
developed countries  1838 649 398 

Highly developed 
countries 719 16 200 

In the following sections, the future risk posed 
by earthquakes, landslides, floods, volcanoes 
and tsunamis to megacities is discussed. 

3. EARTHQUAKES

The risk posed by earthquakes to megacities is 
by far greater than all other geohazards com-
bined. Similar to other natural hazards, the 
global fatality count from earthquakes continues 
to rise (Fig. 5). This has occurred despite the 
adoption of earthquake-resistant building codes 
in most countries.

In the past five centuries, the global death 
toll from earthquakes has averaged 100,000 per 
year, a rate that is dominated by large infrequent 
disasters, mostly in the developing nations 
(Bilham, 2004). However, the increased fatality 
rate is to the steady increase in global popula-
tion growth. At the same time, there is a decline 
in the fatality rate expressed as a percentage of 
instantaneous population.

113



It is tempting to attribute this observation to 
the application of earthquake-resistant construc-
tion code in new city developments. A more 
pessimistic, and more realistic, interpretation is, 

however, that the apparent decline in risk is a 
statistical anomaly and future extreme earth-
quake disasters in some of the world's megaci-
ties may arrest, or reverse, the current trend.  

Figure 5. World population increase (UN data and predictions) and cumulative fatalities due to earthquakes in 
20th century (Bilham, 2004) (<5k denotes earthquakes causing less than 5,000 fatalities and <30k those causing 
less than 30,000 fatalities). 

Table 3 lists today’s ten largest megacities in 
the world that could be hit by a very large 
earthquake anytime. 

One might wonder why so many of the 
world’s megacities are in earthquake-prone 
areas. A partial answer is access or proximity to 
bodies of water. Most megacities are developing 
along ocean coasts or major rivers. The inter-
face between continents and oceans and paths of 
major rivers often coincide with major faults in 
the earth crust where large earthquakes are 
generated.

Even cities and town in arid areas that are 
hundreds of kilometers from the coast and 
major rivers might be more exposed to earth-
quakes because of easy access to water.

An example is the city of Bam in Iran that 
was mentioned earlier. Bam is on the margin of 
the Lut Desert (Kavir-e-Lut), and relies on fresh 
water for agriculture through a system of 
‘qanats’. Qanats are the traditional water piping 
system used in Iran over centuries. A qanat 
consists of an underground tunnel dug into 
competent sediments and a linear series of 
vertical wells that provide access for inspection 
and repairs. The underground tunnel would 
bring water from foothills of mountainous area 
tens of kilometers away. The wells are typically 
about 30 to 50m apart. The ground water can be 
transported through chains of qanats from very 
distant areas into the areas (like Bam) where the 
water is essential for irrigation purposes.
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Table 3. World’s ten largest cities with high exposure 
to earthquake risk (Ref.: Munich Re). 

Population (10 6)

Megacity As of 
2003

Forecast
2015

Area
(km2)

City
GDP / 

Country
GDP
(%)

Tokyo 35.0 36.2 13,100 40 
Mexico
City 18.7 20.6 4,600 40 

Los
Angeles 16.4 17.6 14,000 < 10 

Manila 13.9 16.8 2,200 30 
Osaka-
Kobe-
Kyoto

13.0 13.2 2,850 20 

Istanbul 9.4 11.3 2,650 25 
Lima 7.9 9.4 550 50 
Bogotá 7.3 8.9 500 20 
Teheran 7.2 8.5 500 40 
San
Francisco 7.0 7.7 8000 < 5 

An interesting and crucial point about the qanats 
in Bam was pointed out by Nadim et al. (2004). 
Qanats typically have daybreak at locations 
where there is a sudden change in the ground 
elevation level (and the water table). These 
sudden changes in surface topography usually 
occur because of the existence of faults under-
neath. The accessibility to water at the end 
points of the qanats is the reason for the local-
ization of cities and villages in the margins of 
Lut Desert in Iran.

This explains the extremely unfortunate lo-
calization of the city of Bam with respect to the 
earthquake epicenter. The city developed at that 
location because the fault that caused the 
earthquake also provided the conditions for the 
accessibility to water. The correlation between 
access to water and proximity to earthquake-
generating faults is a problem that needs to be 
studied further and remedied to in the future. 

4. LANDSLIDES

As a consequence of climate change and in-
crease in exposure in many parts of the world, 
the risk associated with landslides is growing. 
In areas with high demographic density like 

megacities, protection works often cannot be 
built because of economic or environmental 
constraints, and is it not always possible to 
evacuate people, because of societal, geographi-
cal, seasonal, warning time or other reasons.

One needs to forecast the occurrence of 
landslide and the hazard and risk associated 
with them. Climate change, increased suscepti-
bility of surface soil to instability, anthropo-
genic activities, growing urbanization, uncon-
trolled land-use and increased vulnerability of 
population and infrastructure as a result, con-
tribute to the growing landslide risk.

There is growing evidence that frequency 
and pattern of landslides will change dramati-
cally in the future because of the global climate 
change. However, people living in megacities 
are less exposed to the risk posed by landslides 
than people living in rural areas. The exception 
is the poorest segment of the population who 
live in slums that develop at a pace that no 
urban planner can control. In many megacities, 
slums spring up in disaster-prone areas such as 
steep slopes, which are prone to debris flows 
and landslides. 

In their "Global Hotspots for Landslides" 
study Nadim et al. (2006) demonstrated through 
a statistical analysis of fatalities caused by 
landslides that the following parameters show a 
strong correlation with vulnerability to land-
slides: Human Development Index (HDI), 
deforestation and the percentage of "arable 
land". The last parameter indicates that rural 
population is more vulnerable to landslides than 
urban population. 

5. FLOODS

The risk associated with flooding is expected to 
increase significantly in coastal megacities in 
the future because of global climate change and 
significantly larger population exposed. How-
ever, because of the predictability of the flood-
ing events, the main consequences will likely be 
damage to constructed facilities and discomfort 
of the exposed population, rather than loss of 
life.

In Munich Re’s list of risk profile for the 50 
largest cities of the world, Dhaka in Bangladesh 
and Kolkata in India are ranked as having very 
high exposure to flood risk. Almost all other 
megacities in the Munich Re list have low to 
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medium flooding risk. Only a couple of megaci-
ties in the list have insignificant flooding risk. 

According to Nichols (1995), there were in 
1990 seven coastal megacities (with population 
of more than 8 millions) in Asia (excluding 
those in Japan) and two in South America. This 
number is expected to rise to 12 in Asia, three in 
South America and one in Africa by 2010. All 
coastal locations, including megacities, are at 
risk to the impacts of accelerated global sea-
level rise and other coastal implications of 
climate change, such as changing storm fre-
quency. At least eight of the projected 20 
coastal megacities have experienced a local or 
relative rise in sea level which often greatly 
exceeds any likely global sea-level rise scenario 
for the next century. The implications of climate 
change for each coastal megacity vary signifi-
cantly, so each city requires independent as-
sessment.

According to experts of the United Nations 
University (UNU), the rapid and extensive 
underground expansion of megacities –  for 
subways, malls, parking and public utilities – 
takes place often with too little knowledge of 
the risks associated with flooding and too few 
plans to minimize the effects of a natural 
disaster. With growing pressure for space in 
cities, creating new space underground becomes 
increasingly attractive. Many of such under-
ground places, however, are highly vulnerable 
to flooding. Tokyo records, for example, show 
17 flooding incidents between 1999 and 2001, 
some involving fatalities despite extensive 
precautions. Most Tokyo floods occur in the 
rain and typhoon months, July to September.

All coastal megacities are vulnerable to 
flood events, which could de devastating when 
heavy rainfall occurs at the same time ashigh 
tide or storm surge. Global warming is pre-
dicted to make extreme rain events more fre-
quent, which in combination with global sea 
level rise makes the situation even more critical 
in the future.

6. VOLCANOES AND TSUNAMIS 

Coastal megacities could also be exposed to 
significant tsunami risk. However, the prox-
imity to the ocean does not automatically mean 
that the tsunami risk is high. There are many 

factors that make tsunami risk estimation 
difficult (Nadim and Glade, 2006), the most 
important of which is that at any particular 
location, tsunami is an extremely low probabil-
ity event with potentially catastrophic conse-
quences. The risk posed by tsunamis to megaci-
ties is definitely an issue that needs more 
research.

There are few megacities in proximity of 
active volcanoes. The United States Geological 
Survey (USGS) lists the following major urban 
areas as being dangerously close to active 
volcanoes: Auckland, Vancouver, Seattle, 
Mexico City, Manila, Tokyo, Kawasaki, Gua-
temala City, San Salvador, Managua, Quito and 
Naples.

7. WHAT CAN BE DONE? 

The mitigation and prevention of the risk posed 
by natural hazards have not attracted wide-
spread and effective public support in megaci-
ties during recent decades. If geohazards risk 
reduction is to be successful in the future, 
geoscientists and engineers will probably find it 
necessary to develop new alternatives and 
innovative solutions that are appropriate for 
dealing with the changing circumstances which 
have been discussed in this paper.  

This will involve refocusing attention on the 
little-explored interface between technical and 
natural sciences on one hand, and social and 
political sciences on the other. Such a stance 
will bring the different professions face to face 
with the problem of fostering risk reduction 
measures that have broad appeal to stakeholders 
as well as victims, researchers and risk man-
agement professionals. Geoscientists and 
engineers can contribute to a better understand-
ing of megacities, with a view to improving 
their management and hence attaining a greater 
degree of sustainable development.

A proactive approach to risk management is 
instrumental in reducing significantly loss of 
lives and material damage associated natural 
hazards. The major natural disasters that have 
taken place over the last 5-10 years and re-
ceived wide media attention, have clearly 
changed people’s mind in terms of acknowledg-
ing risk management as an alternative to emer-
gency management.
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One can observe a positive trend interna-
tionally where preventive measures are increas-
ingly recognized, both on the government level 
and among international donors. There is, 
however, a great need for intensified efforts, 
because the risk associated with natural disas-
ters clearly increases far more rapidly than the 
efforts made to reduce this risk.

Kjekstad (2007) suggested an approach 
based on three pillars for landslide risk man-
agement for developing countries. The sug-
gested approach can be generalized for manag-
ing the risk posed by geohazards in megacities. 
The three pillars are: 

Pillar 1: Hazard and Risk Assessment
Hazard and risk assessment are the central pillar 
in the management of geohazards risk. Without 
knowledge and characteristics of hazard and 
risk, it would not be meaningful to plan and 
implement mitigation measures. The value of 
proper geohazards risk assessment is convinc-
ingly highlighted in a recent report authorized 
by the European Commission on socio-
economic impacts of natural disasters in 
Europe. The work was a part of the thematic 
network GeoTechNet (Koehorst et al. 2006). 

Pillar 2: Landslide mitigation measures
Mitigation means implementing activities that 
prevent or reduce the adverse effects of extreme 
natural events. In a broad prospective, mitiga-
tion includes structural and geotechnical meas-
ures, effective early warning systems, and 
political, legal and administrative measures. 
Mitigation also includes efforts to influence the 
lifestyle and behavior of endangered population 
in order to reduce the risk. The Indian Ocean 
tsunami of 2004, which killed at least 230,000 
people, would have been a tragedy whatever the 
level of preparedness; but even when disaster 
strikes on an unprecedented scale, there are 
many factors within human control, such as a 
knowledgeable population, an effective early 
warning system and constructions built with 
disasters in mind. All these measures can help 
minimize the number of casualties. 

Pillar 3: International cooperation and support
Most of the developing countries lack the 
resources, capacity and technical skills to 
proceed with geohazards risk reduction meas-
ures at a pace that is desired and needed. Inter-
national cooperation and support are therefore 

highly desirable. A number of countries have 
over the last decade been supportive with 
technical resources and financial means to assist 
developing countries where the risk associated 
with natural hazards is high. The development 
agencies of the United States (USAID),  Canada 
(CIDA), Japan (JICA), Germany (GTZ/BGR), 
Switzerland (CONSUDE and SDC), Sweden 
(SIDA), Norway (NORAD/Ministry of Foreign 
Affairs), UK (DIFID), the Netherlands (SNV), 
Austria (ADA), and Australia (AusAid), as well 
as many NGOs, support projects related to the 
mitigation of risk due to natural hazards in 
developing countries. 

A key challenge with all projects from the 
donor countries is to secure that they are need-
based, sustainable and well anchored in the 
countries’ own development plans. Another 
challenge is coordination which often has 
proven to be difficult because the agencies 
generally have different policies and the imple-
mentation period often differ in time. A subject 
which is gaining more and more attention is the 
need to secure 100% ownership of the project in 
the country receiving assistance.

A milestone in international collaboration 
for natural disaster risk reduction was the 
approval of the “Hyogo Framework for Action 
2005-2015: Building the Resilience of Nations 
and Communities to Disasters” (ISDR 2005). 
This document, which was approved by 165 UN 
countries during the World Conference on 
Disaster Reduction in Kobe, January 2005, 
clarifies international working modes, responsi-
bilities and priority actions for the coming 10 
years. The Hyogo Framework of Actions states 
three fundamental principles:
− Each nation has the prime responsibility for 

preventive measures to reduce disaster risk, 
and is expected to take concrete actions as 
outlined in the Action Plan. 

− Governments in risk exposed countries shall 
regularly report progress achieved to the UN 
coordinating unit which is the ISDR Secre-
tariat (International Strategy for Disaster 
Reduction) with headquarters in Geneva. 

− International cooperation is called upon to 
assist countries that need help.

The Hyogo Framework of Action has clearly 
increased the awareness and importance of 
preventive measures. It will also contribute to a 
much better practice for the implementation of 
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risk reduction projects for two reasons: a) by the 
fact that governments will be in the driving seat, 
which means that coordination is likely to be 
improved and b) the fact that ISDR is given the 
responsibility for the follow-up of the plan will 
put pressure for action from countries that are 
most exposed. 

8. SUMMARY

Reducing the impact of landslide, earthquake, 
floods, tsunami and volcanoes in megacities is 
both an economical and social necessity. Loss 
statistics show that number of fatalities is much 
higher in developing countries than in devel-
oped countries. The frequency of landslide 
disasters is increasing due to more extreme 
weather than before, increased population and 
increased vulnerability. The situation calls for 
intensified focus on and action to provide 
preventive measures.

Three key pillars for the reduction in risk 
associated with natural hazards in megacities 
are suggested:
− Identify and locate the risk areas, and 

quantify the hazard and the risk. 
− Implement structural and non-structural 

mitigation measures, including early-
warning systems.

− Secure capacity development through 
international collaboration projects and fi-
nancial support for the implemention of 
mitigation measures.

Few, if any, of the developing countries have 
the resources or capacity to implement mitiga-
tion measures. The approval of the ISDR Hyogo 
Framework for Action, approved by 164 UN 
countries, is a milestone in international efforts 
for disaster reduction.  
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1. INTRODUCTION

The urban expansion in Sao Paulo was experi-
enced with the successive creation of new city 
centres, followed by the abandonment of the 
older urban centres. This process was associated 
to an explosive population growth that took 
place in the last century. It was also connected 
to frequent changes in the type of use of certain 
city areas, a not entirely uncommon process 
noted elsewhere in large cities. But here, the 
urban expansion was extremely fast and was 
allied to an urban deconstruction and recon-
struction, with substantial loss of historical 
memory.

In this context, the environmental issue be-
comes of paramount importance, by the re-
quirement society imposes of insuring safe 
health conditions to the city occupants, that can 
be unexpectedly exposed to dangerous contami-
nants in the soil or in the groundwater, that may 
be found in certain city areas, with transformed 
use. In fact, health safety is assured by means of 
a severe environmental legislation in effect in 
Brazil.

A recent score of environmental problems in 
the city led the municipality to adopt specific 
requirements to license new real estate devel-
opments, in areas which were potentially 

contaminated by former occupants. The licens-
ing control is shared with the State of Sao Paulo 
Environmental Regulatory Agency. 

In environmental site assessments, the his-
tory of the use and occupation of the land 
defines potential sources of contaminations and 
supports the selection of chemical compounds 
that have to be investigated. A wide spectrum 
range investigation of compounds is usually 
avoided for the higher cost and time it demands, 
generally not compatible with requirements of 
the real estate market. 

Geological and geotechnical studies are par-
ticularly important for the definition of distribu-
tion patterns and paths of contaminants in the 
soil and in the groundwater. Finally, the type of 
contaminant itself is essential to asses the risks 
involved, to identify the mechanisms of con-
taminants transport and the engineering reme-
dial measures to be adopted. 

Herein, the more frequent scenarios of soil 
and groundwater contamination in Sao Paulo is 
reviewed.

These are described on the basis of the af-
fecting factors discussed: the geological and the 
geotechnical background, the former site 
occupation and the most frequent types of 
contaminants.

ABSTRACT: Typical scenarios of ground and groundwater contamination in the city of Sao Paulo, Brazil, are 
reviewed. Ground contamination is closely related to the geotechnical setting and to the history of land use. 
Accordingly, the geological and geotechnical local conditions are examined, and the history of the city occupa-
tion is briefly discussed. Cases of contamination and remediation of city areas are presented. It includes cases of
methane generation by organic soils and waste. This is followed by cases of ground contamination by organic 
chloride compounds and by petroleum hydrocarbons. Finally, contaminations by metals in the city are reviewed. 
Some methodologies for analysis, which are in use, are critically discussed and reference parameters for assess-
ment of groundwater quality are debated. 
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Bureau de Projetos e Consultoria, Sao Paulo, Brazil 
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2. GEOLOGICAL AND GEOTECHNICAL 
CONDITIONS

The central portion of the city lies on a sedi-
mentary basin whose borders lay, in turn, on 
residual soils of Pre-Cambrian rocks. 

The geological processes that led to the con-
tinental rift and the opening of the South Atlan-
tic, resulted in shear zones that were reactivated 
as normal faults in the Palaeogene and as 
transcurrent faults in the Neogene, that eventu-
ally led to the formation of the sedimentary 
basins that compose the South-eastern Conti-
nental Rift of Brazil.

The Sao Paulo Sedimentary Basin is one of 
the central units that belongs to that tectonic 
feature of Cainozoic age, expressed by an 
elongated depression with slightly more than 
900 km length, parallel  to the Brazilian Atlantic 
coast, distant from it not more than 70 km. It is 
located in the Sao Paulo Plateau, with its 
surface at elevations between 715 and 900 m, 
smoothened by hills and low level water di-
vides, drained by the Tiete, Pinheiros and 
Tamaduatei rivers and its tributaries. 

This basin is considered to have been origi-
nated by a half graben controlled by normal 
faults from the Proterozoic, that were reacti-
vated along shear zones at the northern basin 
board. The basin was later cut by pos-
sedimentary faults, that caused either heave or 
depression of the bedrock. 

It is found in the area residual soils of Pre-
Cambrian rocks, Tertiary sediments and Qua-
ternary colluvia and alluvia. The Pre-Cambrian 
Rocks include granites, gneiss, schist, and meta-
sedimentary rocks. The Tertiary sediments are 
spread irregularly over an area of about 1,000 
km2, with a nearly linear northern board, con-
trolled by the shear structures described, and an 
irregular limit towards the south, revealing the 
contact of the sediments with the Pre-Cambrian 
rocks surface. The sediments are up to 300 m 
thick, and its stratigraphic basal sequence 
include the Formations called Resende, Tre-
membe and Sao Paulo, also referred as Taubate 
Group, covered in a discordant form by the 
Itaquaquecetuba Formation. The Quaternary 
colluvia and alluvia in low terraces and flood 
plains, are up to 10 m thick. Figure 1 presents 
geological sections of the sedimentary basin 
adapted from Riccomini et al. (2004). 

Organic soils, with high retention capacity 
of some chemical organic compounds, are 
present both in the Quaternary deposits, as 
highly compressible organic clays and silts, and 
in the Tertiary sediments, as thin lignite layers 
present in Tremembe Formation. On the other 
hand, one sees soils of the Sao Paulo Formation, 
which are highly porous and lateritic, features 
resulting from the environment in which they 
were formed, under intense and concentrated 
rain precipitation, inducing heavy leaching and 
localized metal concentration. 

3. OCCUPATION

Decades after the Portuguese men reached 
Brazilian lands, there were still on rules and 
obstacles that impeded the advance of the land 
occupation from the coast into the interior. In 
the 25th of January 1554, Jesuit priests founded 
Sao Paulo, on a conveniently located hill, 
surrounded by the Tamanduatei and the Anhan-
gabau river valleys, land of amiable Indians, 
original settlers of Sao Paulo Plateau. 

The first references about gold mining in 
this region come from that time in which miners 
started to occupy valleys in the north-western 
part of Sao Paulo Village. It is known that this 
was not the main activity that induced develop-
ment of the village (mining was over in less 
than half a century), though it stimulated the 
occupation of other regions, transforming Sao 
Paulo into a pass-by settlement and a support 
place for the conquest of the interior. 

After an over lasting administrative negli-
gence over the settlement by the Portuguese 
rulers, by the end of the XVII century, agricul-
ture, sugar production, cattle and horse raising 
became the main economic activities of Sao 
Paulo.

Upon the transfer of the Portuguese Crown 
to Brazil, fleeing from Napoleon, in 1808, mere 
200 years ago, the town prospered under the 
expansion of commerce and after the opening of 
Brazilian harbours to friendly nations. 

In 1822, Peter the 1st, son of the Portuguese 
Monarch, John the 6th, declared independence 
of Brazil from Portugal in Sao Paulo, and made 
it the Provincial Capital, later transformed into 
the Imperial City. 
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Figure 1. Geological cross sections of Sao Paulo Sedimentary Basin. 1: Pre-Cambrian bedrock; 2: Conglomerate 
of alluvial fans of Resende Formation; 3: Medial Alluvial clays of Resende Formation; 4: Distal interdigitations 
of clays and sands and conglomerates of a fluvial system of the Resende Formation; 5: Coarse sands and gravels 
of the Resende Formation fluvial system; 6: Lacustrine clays and lignite of Tremembe Formation; 7: Meandering 
fluvial sediments of the Sao Paulo Formation; 8: Quaternary alluvia; 9: Normal fault (A) and dextral transcurrent 
fault (B). Modified from Riccomini et al. (2004). 

In 1827 the first Law School is founded and 
Sao Paulo became an academic city with some 
10,000 inhabitants, mainly concentrated in the 
central region of the Plateau.

During its first 300 years after its founda-
tion, Sao Paulo was not more than the parochial 
village shown in Figure 2. 

In fact, only some 150 years ago, its habi-
tants learned to speak a European language. By 
virtue of an Imperial Decree, people were 
forced to speak Portuguese only, abandoning 
their much preferred Indian dialect, common to 
both Europeans and Indians. The so called 
General Language was created by the Jesuits 
early XVI Century based on the Tupy Indians 
idiom.

In the late 1870 decade, public investments 
in infrastructure were intensified, reaching the 
central water divide, were Paulista Avenue was 
inaugurated.

The first industries were installed in the city. 
They were mainly manufacturers of products 
made out of Brazilian goods such as coffee, 
cotton, leather and sugar. 

In the early XX Century, as a result of in-
tense European migration mainly, industrializa-
tion increased in the city. Many of the newcom-
ers had experience in industrial production lines 
and others had investment sources.  

They started importing products and later 
moved into industrial production substituting 
the imported products. The neighbourhoods 
closer to the city main rivers were selected for 
installing the industries, thanks for the ample 
water supply the rivers offered and for the 
favourable flat topography of the flood plains. 

Figure 3.a shows Matarazzo Grain Mills, 
icon of the industrialization of Sao Paulo, 
inaugurated in 1900, when the city had 240,000 
inhabitants, though never planned to be a large 
city.
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Figure 2. Plan of the central region of Sao Paulo City in the 1860 decade. The view shown in the detail covers 
the Tamanduatei River flood plain seen from the slopes near the Jesuits’ School (Patio do Colegio). In the 
background, to the left, the Benedictine Monastery (Mosteiro de Sao Bento). Adapted from IMS (2004). Picture 
by Militao Augusto de Azevedo of 1862. 

In 1920 its population was of about 600 
thousand persons, of which two thirds were 
immigrants. In the next twenty following years, 
as a consequence of the between wars economic 
crisis, the industrial development slightly 
declined until the 1950 decade, when the city 
and its consumer market was discovered by 
multinational companies this altering its indus-
trial profile.

Figure 3.b shows the population growth of 
Sao Paulo over the last century. The final halt in 
the industrial activities in the city came in the 
1970s and 1980s, as a result of environmental 
pressures to control air quality and of creation 
of new industrial poles in the country, which 
offered fiscal advantages. Ever since, Sao Paulo 
was transformed into a large service centre. 

4. THE PRESENT 

The Great Sao Paulo Region, that includes the 
city and other 38 municipalities, is the largest 
urban agglomerate of the southern hemisphere, 
with almost 19 million inhabitants. It is the third 
most populous centre of the world, behind 
Tokyo and Mexico City. The city, with its 10 
millions people (less than 5% of the country 
population), concentrates its economic activities 
in the service sector and generates 10% of the 
gross national product.

Today a strong development in the real es-
tate business is noted, resulting from highly 
capitalized construction companies, after 
opening their capital to the public, and from the 
increased offer of credit for housing develop-
ments.
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Figure 3. a) The Matarazzo Grain Mill in 1900 (source: IMS 2004); b) Population growth in the city of Sao 
Paulo between 1900 and 2004. 

It is estimated that in 2007, the number of 
new construction units was 40% larger than 
those built in 2006. Notwithstanding this, the 
region still shows a large housing deficit for the 
low income segment, that in general live in 
underdeveloped houses that sum up to 500 
thousand housing units. 

This accelerated development generates 
limitations imposed by not only an insufficient 
supply of equipments and of man power, but 
also by the lack of offer of land. New conditions 
established by the City Master Plan of 2002 and 
an aggressive strategy of new developments 
launched, are allowing the occupation of aban-
doned industrial land sites, in otherwise pros-
perous areas, by new residential projects. 

Though this change receives institutional 
support, it is delayed by the management 
process of contaminated areas, which is regu-
lated by the environmental state agent. No new 
development project is licensed without consul-
tation of the data bank of suspect contaminated 
areas, which is much larger than the public data 
bank of confirmed contaminated land. 

Figure 4.a shows an air photo taken in 1945 
of Braz, an old industrial district of Sao Paulo, 
being visible a number of the typical industrial 
shed roofs, and Figure 4.b presents a picture of 
the same neighbourhood taken in 2006, showing 
the advance of the multi-floors apartment 
buildings, in the background, over the old 
industrial quarters, in the foreground. 

5. SCENARIOS OF CONTAMINATION 

− Methane 
Methane is an odourless and colourless gas, 

insoluble in water, normally found together with 
many other natural gases. It is a harmless gas to 
man, only causing asphyxia by the reduction of 
oxygen concentration in the air. The most 
dangerous effect of this gas is its explosive 
nature, which happens in mixtures between 5 to 
15% with air, due to the proximity to the 
stoichiometric ratio of 10% with respect to 
oxygen.

Typical cases of methane contamination in 
the city are associated to housing developments 
on former open pit mines, later filled with 
municipal waste, residues of sewer treatment 
plants and organic sediments from continued 
dredging operation of rectified rivers, that were 
formerly meandering.

Generation of gas and of leachate from the 
decomposition of municipal waste are the main 
pollution agents. Three steps are identified in 
the decomposition process: the first, when the 
organic matter is hydrolyzed and transformed 
into compounds of smaller carbon chain (aero-
bic decomposition); the second when acidic 
bacteria transform the hydrolysed organic 
matter into organic acids, alcohols, carbon 
dioxide and hydrogen; and the third step, that 
takes place under anaerobic conditions, in 
which volatile acids and, later, organic acids are 
converted into methane, carbon dioxide, water, 
hydrogen sulphide, ammonia and mercaptans. 
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a      b 
Figure 4. The Braz District: a) Air photo view of 1945, showing dense occupation by industrial sheds; b) View 
of Braz towards the south in 2006: note and old industrial sheds in the foreground, being replaced by multi-floor 
apartment buildings in background. 

The beginnings of organized municipal 
waste management took place in the late 1860. 
Early last century the larger part of municipal 
residues were collected by horse drawn car-
riages, they were used as fertilizer or were 
incinerated and a small portion were dumped 
into gullies and ravines. At that time 80% of the 
waste was organic matter. In 1925 the munici-
pality introduced the process of anaerobic 
fermentation of the waste, in order to reduce 
pathogenic organisms in the waste used as 
fertilizer. The first compost processing plant 
was inaugurated in 1970 and in 1974 a program 
was implemented to recover abandoned mining 
areas and abandoned river meanders. Figure 5 
illustrates a northern region of the city (Ca-
randiru), next to the Tiete right riverbank, 
whose abandoned meanders and open pits for 
sand extraction, seen in Figure 5.a, were filled 
with municipal waste. 

− Organic-Chloride Solvents 
The organic-chloride solvents mostly used 

by industry were the tetrachloroethylene (PCE) 
and the trichloroethylene (TCE), that act as 
potent de-greasers. These compounds undergo a 
variety of natural degradation into dichloro-
ethylene (DCE) and vinyl chloride (VC), with 
or without biological intermediation. In this 
series of compounds it is somewhat unexpected 
that the toxicity increases with the degradation 
until vinyl chloride, in compounds that can be 
either carcinogenic or depressors of the central 

nervous system. Figure 6 presents the molecular 
composition of these solvents. 

Organic-chloride solvents can stay in the 
ground soil as a non-aqueous phase liquid for 
long periods of time, by virtue of their high 
absorption coefficient. However, when they 
reach a saturated zone, being non miscible and 
denser than water (DNAPLs - dense non-aqueous 
phase liquid), they migrate down, eventually 
reaching a less pervious medium. About 60% of 
the total amount of PCE consumed in the US and 
in Europe was used by dry wash laundries and by 
industrial operations. In Brazil, thanks to the 
larger offer of manpower, to underdevelopment 
and to its poor population, laundries did not use 
these compounds as much as elsewhere. The 
consumption of these solvents was limited to 
textile and metallurgic industries. The textile 
production in the city took place preferably in its 
eastern part, over the Sao Paulo Tertiary sedi-
ments or over the Quaternary alluvia, nearer to 
the drainages of the Tiete and Tamaduatei rivers. 

The processes of weaving, dyeing and laun-
dering, generated solvents contaminations 
resulting from leakages of solvent containers or 
of effluents discard. Note that these solvents 
were never used for woollen fabrics, being in 
this case, replaced by sodium carbonate and bi-
carbonate. It should be noted that when the 
textile industries were built in the city, over 
Quaternary soils with high organic content, it is 
possible to map well identified contaminant 
plumes, even when dealing with old spills of 
solvents.
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   a                b 
Figure 5. a) Carandiru District, north of Tiete River in 1940: open pits for sand extraction and abandoned river 
meanders are seen, before the river was rectified; b) The same region in 1994, after full urbanization and river 
canal completion (Silva, 2001). 
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Figure 6. Degrading sequence and molecular formula of organic-chloride solvents. 

This is due to the absorption (sorption) ac-
tion of the organic fraction of these soils, which 
are able to retain and retard the hydraulic 
transport of the DNAPL contaminant mass by 
the groundwater flow, therefore making simpler 
the ground remediation. On the other hand, 
when this geotechnical feature is not present, 
the contamination by chloride solvents is not 
mapped in the form of “hot spots”. This is 
caused by the mass transport spreading by the 
groundwater flow through the porous and 
pervious sedimentary aquifer and by the use of 
leaking municipal sewer or drainage systems to 
discard the effluents, a practice that persisted 
during times when its impact on the environ-
ment and on health was not fully understood. 

Metallurgies were also installed in the east-
ern part of Sao Paulo, as well as in the southern 
region, where the Sedimentary Basin is thinner 
and bedrock is closer to the surface. In 2003 the 
state environmental agency confirmed the 
presence of organic-chloride solvents and their 
metabolites in a large number of water supply 
deep wells in this region. Some thirty licensed 
water wells for consumption of shopping 
centres and industries and more than fifty 

unlicensed water wells in residences and indus-
tries were mapped in the area. Most of both 
official and unofficial wells did not conform to 
required norms and specs, and this fact allowed 
and accelerated the advance of the contamina-
tion to the deeper fractured rock aquifer, at 
depths in excess 100 m. Moreover, the uncon-
trolled pumping and dewatering induced the 
reversion of the regional groundwater flow, 
increasing the rate of contamination spreading. 
Special licensing requirements have been 
imposed in this region for new residential 
developments. 

− Petroleum Derivates 
The petroleum hydrocarbons (TPH) include 

mainly liquid combustibles such as gasoline and 
diesel, and also lubricant oils. One can say, in 
general, that they are always dangerous as 
combustible substances but present low risk 
level to human health, except when aromatic 
compounds like BTEX (benzene, toluene, ethyl-
benzene and xylene) and PAH (poly-aromatic 
hydrocarbons) are present. These hydrocarbons 
show high toxicity and high carcinogenic 
potential.
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The persistence of TPHs, defined as the 
quantity of the original product that stays in the 
soil and in the groundwater after a spill, should 
be taken into account particularly in the case of 
lubricants and dense combustibles, as shown in 
Table I. One can divide into two the types of 
contamination scenarios by petroleum derivates: 
firstly those in which the responsible for the 
spill into the ground are gas stations, that deal 
with substances that belong to groups I and II in 
Table I and secondly industries that store and 
consume products listed in groups III and IV, 
plus those that result from contaminants of 
group V. 

In November 2007, the list of contaminated 
areas in the city included almost 1,000 gas 
stations, what corresponds to almost 80% of the 
total areas with confirmed contamination in Sao 
Paulo. The statistics reveals more the intense 
routine control and licensing of gas stations 
since earlier this decade and less the lax control 
over industries that were abandoned since times 
of less stringent environmental requirements. In 
fact, all gas stations are subjected to environ-
mental site assessment to be licensed and are 
subjected to compulsory changes of their 
underground containers to new ones every 15 
years of operation. Besides the classical proc-
esses of “pump-and-treat” for removing light 
liquid and dissolved phases of combustibles in 
the groundwater, there are cases of removal of 
gassy phase of aromatic light petroleum hydro-
carbons trapped in the coarser sand layers 
present in the vadose zone of the Tertiary 
sediments.

This occurrence is not uncommon in the 
soils of the Sao Paulo Formation, with alternat-
ing lenses of fluvial sands and clays, when 
contamination lays in partly saturated horizons 
just above the water level. For this condition, 
processes for the removal of the gassy phase, 
which normally presents highly explosive 
nature, are indicated for implementation prior to 

foundation works. The volatile fractions of the 
contamination can be removed by coupled 
systems of air injection and occluded volatiles 
extraction, known as “soil vapour extraction” 
(SVE).

The Sao Paulo industry moved from wood 
burning to consumption of petroleum derivates 
and from the latter to natural gas consumption 
in less than a century. However the use of 
combustible oils is still significant due to the 
current dependence of natural gas from unreli-
able imported sources. Some 250 millions cubic 
metres of oil is consumed yearly currently. 

The contaminants belonging to groups III 
and IV, Table I, tend to float on the groundwa-
ter surface since they are described as light non-
aqueous phase liquids (LNPLs). However, 
under ageing or by aggregating sediments, they 
become denser than water and transform them-
selves into members of group V. Thereafter 
they sink into the aquifer settling down over the 
aquitard below. 

− Metals 
Many industrial activities use metals that are 

toxic to man. This is the case of dyes with 
transition metals oxides and of galvanic proc-
esses that use metallic salts. The negative health 
impacts of most metals on kidney, liver and 
brain are recognized. 

Unlike organic compounds, there are some 
additional difficulties related to the presence of 
metals in the soil regarding both to its origin 
and to its mobility. Metals occur naturally in the 
soils and even their natural occurrence may 
impair human health. The health risks involved 
depend on the metal concentration in the soil, 
and also on its valence. Moreover, they depend 
as well on formation of metal complexes that 
affect the toxicity and the metal mobility in the 
soil mass. 

Table I. Persistence of petroleum derivates in the environment. 
Category Persistence Density Examples 

Group I Not persistent <0,75 Gasoline, kerosene  
Group II Persistent <0,85 Diesel, light lubricant oils 
Group III Persistent 0,85  0,95 Intermediate products and new crude oil 
Group IV Persistent 0,95  1,00 Residual crude oil 
Group V Persistent >1,00 Old oils, tar balls, ashphalts. 
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Man made contamination by metals are 
more concerning than naturally occurring 
metals. This is due to the higher mobility of the 
former. In a tropical environmental such as in 
Sao Paulo, more ‘soluble’ metal cations are 
primarily leached in nature and more ‘stable’ 
metal cations remain in the ground, associated 
to metallic salts and oxides, fixed in the soil 
mineral structure. However, this so called 
‘stable’ scenario can be altered radically by man 
induced changes in the groundwater pH. 

The environmental state agency recom-
mends for Sao Paulo, guideline limits for 
inorganic substances present in the soil, that 
include a list of 19 metals and half-metals, in  
the form of concentration values for quality 
reference, prevention values and intervention 
values, defined for a residential, industrial and 
agricultural scenarios and areas of maximum 
protection. The references of quality values 
were determined on the basis of statistical 
analyses for a variety of uncontaminated soils in 
Sao Paulo.

The prevention values refer to concentra-
tions of certain substance, above which occur 
harmful changes in the quality of the soil. The 
intervention values represent concentration of 
certain substance in the soil, above which there 
are potential risks, either direct or indirect to 

human health, considering a generic exposition 
scenario for contamination. 

The agency metal list do not furnish refer-
ence values for aluminium, iron and manganese 
which are naturally present in the tropical soils 
of the city.

It is not infrequent in Sao Paulo to see cases 
of high concentration of metals in the soil, much 
above the reference values for quality and for 
prevention, with no causal sense with the 
historical use of the site. 

In order to identify if an alleged contamina-
tion results from human action or if it has 
geochemical origin, the data collated by Bowen 
(1979) on natural elements concentration in 
non-contaminated soils can be instrumental. 

Figure 7 presents results from Bowen (op. 
cit.) and Figure 8 exemplify its practical appli-
cation to one site. 

6. DISCUSSION

− Methane and explosivity 
The lack of direct risks to human health, and 

the risks restricted to explosiveness of methane 
seem to be reasons for the lack of models for 
analysis of methane transport in soil and in 
technologies to control this type of contamina-
tion.

Figure 7. Minimum, medium and maximum concentrations of non-contaminated soils obtained by Bowen 
(1979), quoted by Essington (2004). 
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Figure 8. Manganese (Mn) concentration (log mg/kg) with depth (m) at a site in Sao Paulo, compared with 
minimum, medium and maximum values noted by Bowen (1979) in non-contaminated soils. 

There are two distinct situations for occur-
rence of methane in Sao Paulo: the first is 
related to the presence of the gas trapped in the 
saturated organic alluvial soils, that is mobilized 
and forced to flow under surcharges of earth 
fills in reclamation works, or upon unloading, in 
excavations; the second is related to the filling 
of mining pits with dredged organic (including 
faecal) materials, with mud from sewer treat-
ment plans and with municipal waste. While for 
last two types of filling there are some numeri-
cal modelling that can be used for estimates of 
gas generation and attenuation (see, for in-
stance, Tchobanoglous et al., 1993), for the 
former, there is not. Physical modelling with 
bioreactors can be useful, for this particular 
case, in providing elements for engineering 
decisions.

While concentrations of methane in the air 
from 5 to 15% are explosive, in municipal 
wastes this gas reaches volumetric concentra-
tion higher than 40% without exploding, due the 
lack of oxygen. The problem is that waste 
methane can migrate through the soil and reach 
house basements or empty spaces in buried 
utilities, where aerobic conditions prevail and 
may lead to explosions and fires at considerable 
distances from the source. This problem is 
aggravated in Sao Paulo in the case of munici-

pal waste fills built before current regulations, 
with inadequate linings that allow uncontrolled 
migration of the gas. 

− Organic-Chloride solvents and multiple 
contaminations.

Organic-chloride solvents with a chain of 
degrading compounds with increasing toxicity 
raise some special concerns. The forms of 
natural degradation of PCE can change from a 
site to another. Usually PCE is quickly de-
graded, but some of his sub products do not 
degrade as quickly. Its bio-degradation stops in 
1,2 DCE, and it is for this reason that this 
compound is so frequently found in Sao Paulo 
in contaminated areas. 

Another important problem refers to multi-
ple contaminations. It is known that synergy 
between contaminants is possible and the risk 
related to multiple contaminations can be larger 
than the sum of the risks of each contaminant 
individually.

It seems worth discussing the acceptable 
limit for the occurrence of cancer associated to 
compounds of high toxicity and carcinogenic 
potential, such as the organic-chloride solvents. 
The state environmental agency in Sao Paulo 
recommends for risk analysis of human health, 
values smaller than 1 case each 100 thousand 
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persons (10-5) as acceptable for exposition to 
carcinogenic substances. It is reckoned that this 
limit is extremely conservative, having in mind 
estimates from the National Institute for Cancer 
for 2008 in the city of Sao Paulo, of 370 malign 
neoplasm for each 100 thousand persons. 
Earlier recommendation by the agency of 1 case 
each 10 thousand persons (10-4) seems more 
compatible to the natural scene of the disease in 
the city. An over rigorous rule have the negative 
effect of increasing unnecessarily the already 
high costs of remediation with no sensible 
improvement of results. 

− Hydrocarbons Petroleum Derivates 
With respect to these compounds and par-

ticularly to the denser ones used by industry, the 
most frequent rehabilitation measure associated 
to it is the disposal of the contaminated soil in 
certified landfills. In situ treatments are nor-
mally not recommended for being too time 
consuming and unfeasible for the real state 
industry pace. Brazilian standards specify that 
for any hydrocarbon concentration in the soil, it 
is classified as a dangerous waste for its in-
flammable nature. 

It is known, however, that the inflammable 
nature is associated to the amount of the com-
bustible substance in the soil. Moreover the 
heavier hydrocarbons present low toxicity and 
in many instances it degrades by bio-action. It 
appears that Brazilian standards are overconser-
vative and forces the unnecessary use of more 
expensive landfills for disposal of soils con-
taminated with hydrocarbons. 

− Metals, Soils and Groundwater 
The state agency for the environment con-

siders the groundwater as a source of potable 
water and as such it has to be preserved, de-
manding it to fulfil standards for potability 
defined by legislation, therefore becoming 
intervention values. 

Inasmuch the merit to preserve this natural 
reserve, such requirement seems to ignore the 
history of land occupation, the industrialized 
past of the city and the natural environment 
where the city was set. By imposing unrealistic 
limits for acceptable metal concentration in the 
groundwater, by diffuse contamination or by 
natural the geochemical concentrations of 
metals present, the requirement become unat-

tainable for its costs and it results fruitless. It 
should not be forgotten the city tropical envi-
ronment, that led to soils with high contents of 
certain metals such as iron, aluminium and 
manganese. It would be preferable and more 
consistent the definition of distinct classes of 
groundwater, as it is done with surface waters in 
the country. 

It should be noted, also, that lateritic soils 
present a high retention capacity of heavy 
metals, retarding contamination plums of 
cadmium and mercury (Boscov,1997). The 
former is retained by sorption in clay-minerals. 
Lead can develop less revertible covalent 
connections with iron and aluminium oxide of 
lateritic soils. These findings indicate that 
current prescriptions in use in Sao Paulo are not 
correct, being preferred prescriptions for the soil 
and contaminant combined, as in some Euro-
pean standards. 

7. FINAL COMMENTS 

The fast growing housing market in Sao Paulo 
has allowed the identification of the scenarios of 
ground and soil contamination which were 
correlated to the industrial activities in the city 
over the last century. Old abandoned industrial 
sites are now being explored as land stock for 
new developments. 

The most frequent scenarios of ground con-
tamination encountered included the presence of 
methane generated by organic soils and old 
waste fills, the contamination of the groundwa-
ter by organic-chloride compounds, cases of 
petroleum hydrocarbons and of metals in the 
soil and in the groundwater. Construction 
industry is currently very active and this has 
allowing the continuous mapping of contami-
nated fields and the land remediation works for 
housing and commerce. 

It should be noted that the reviewing proc-
esses of environmental investigations and 
rehabilitations by the local state authorities is 
too long and incompatible to the pace the 
business market demands. A timid step to speed 
up procedures was done last year by the state 
agency, by transferring to consulting firms the 
responsibility of assessing risks and defining 
corrective measures, on the grounds that the 
methodology and criteria used were those used 
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by the agency. An understandable but excessive 
technical centralism is still noted, impairing the 
natural development of engineering in the field 
and that do not mirror the responsibilities of the 
local civil society. 

REFERENCES

Boscov, M.E.G., 1997. Contribution to the Design of 
Lining Systems for Dangerous Waste using Lat-
eritic Soils. PhD Thesis, EPUSP, University of 
Sao Paulo, Brazil (in Portuguese). 

Bowen, H.J.M., 1979. Environmental Chemistry of 
the Elements. London. Academic Press. 

Essington, M. E., 2004. Soil and Water Chemistry: 
An Integrative Approach. Boca Raton. CRC 
Press.

IMS - Moreira Salles Institute, 2004. Brazilian
Photography: The 450 years of Sao Paulo. Sao 
Paulo, Brazil, (in Portuguese). 

Ricomini, C., Sant’Anna, L. G., and Ferrari, A. L., 
2004. Geological Evolution of the South-
American Continental Rift. The Work of Fer-
nando Flavio Marques de Almeida. São Paulo, 
Brazil, pp.383-405 (in Portuguese). Beca.

Tchobanoglous, G., Theisen, H. and Vigil, S., 1993. 
Solid Waste Management - Engineering Princi-
ples and Management Issues. New York.
McGraw-Hill, Inc. 

Silva, F.A.N. 2001. Preliminary Environmental 
Assessment of Former Municipal Waste Sites in 
Sao Paulo. MSc Dissertation, Geology Institute, 
University of Sao Paulo (in Portuguese). 

130



1.  INTRODUCTION 

From historic times, characterization of subsur-
face playing important role to assess the land 
uses nature, cause, and effect quickly and 
accurately for the human habitation and the 
living environment. Seismic microzonation of 
urban area requires multi-disciplinary contribu-
tions as well as comprehensive understanding of 
the effects of earthquake. The process of the 
estimating effects of earthquake in soil layers 
under earthquake loading requires understand-
ing the properties of subsurface materials. The 
subsurface material characteristic is the key 
aspect affecting the applicability and feasibility 
of any microzonation study in urban area.

The general site characterization need to 
provide the data related to site description, 
geological data, hydrogeologic data, aquifer 
characteristics, soil conditions and strength, risk 
assessment, presence and distribution of con-
taminants (if any). However, for the site charac-

terization for seismic microzonation first six 
items are important. In the geotechnical engi-
neering practice, the site characterization has to 
provide the detailed information about the 
mechanical and geometrical parameters of the 
subsurface, the effects of the proposed project 
on its environment and investigation of existing 
structures or lifelines below the subsurface. So 
that the data can be used to site selection, 
foundation and earthworks design, to study the 
effects of the earthquake. 

In view of geotechnical and earthquake geo-
technical engineering, the site characterization 
of Bangalore urban centre using geotechnical 
and geophysical methods are carried out and 
summary of the work has been presented in this 
paper. The observed SPT “N” values in the 
borehole with depth are corrected for the study 
of site response and liquefaction analysis. 
Geophysical survey of MASW has been carried 
out at selected 58 locations to measure one 
dimensional shear wave velocity. The available 

ABSTRACT: This paper presents the site characterization using geotechnical and geophysical techniques for
seismic microzonation of urban centers. The seismic microzonation refers to the process of subdividing a region 
into sectors/zones with similar behaviour during an earthquake. The significant differences in behaviour of soil 
from one place to another place during an earthquake due to variations in geological formations, thickness and 
properties of soil and rock layers, depth of bedrock and water table, surface and underground topography. A 
case study of   Bangalore, India has chosen for classifying different sectors for seismic microzonation purpose 
using geotechnical and geophysical characteristics. The geotechnical data of 850 borelogs has collected for this 
study. Borelog is the drilled borehole data with standard penetration test N value and soil properties with depth. 
3-Dimensional subsurface borehole model has been developed for the study area using Geographical Informa-
tion System (GIS). The soil overburden thickness or surface of the rock depth map has been generated. It shows 
that rock depth varies from 1m to 40m. Geophysical test of multichannel analysis of surface wave (MASW) has 
been carried out at 58 locations in the study area. The shear wave velocities are measured, which are used to 
estimate equivalent shear wave velocity for every 5m depth interval up to a depth of 30m. Based on 30m 
equivalent shear wave velocity (Vs30), the study area id classified in to “site class D, C and B” as per Interna-
tional building code (IBC, 2006). As the study area has shallow engineering rock (shear wave velocity >700m/s) 
depth, the Vs30 not representing true soil velocity. Hence, soil equivalent shear wave velocity has been estimated 
based on overburden thickness, which shows the study area can be classified as “site class D” based on IBC. 
Correlation between (N1)60cs and shear wave velocity has been generated and presented. 

Site Characterization Using Geotechnical and Geophysical Tech-
niques for Seismic Microzonation of Urban Areas 
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data of SPT “N” values and MASW Vs have 
been compared and presented. 

2. SITE CHARACTERIZATION METHODS 

The widely used field site characterization 
methods for seismic microzonation are geologi-
cal methods, geotechnical methods and geo-
physical methods. The popular geotechnical 
methods are standard penetration test (SPT), 
dilatometer meter test (DMT), pressure meter 
test and seismic cone penetration test (SCPT), 
among these SPT is widely used. Many geo-
physical methods are attempted for seismic site 
characterization, but widely used methods are 
Spectral Analysis of Surface Waves (SASW) 
and Multichannel Analysis of Surface Waves 
(MASW). The comparison, advantage and 
limitations of all the above used methods are 
given in Table 1. 

In the initial stage of seismic microzonation, 
surface geology were used for a site classifica-
tion, but later it is proved that considering the 
geological units as the only criteria for seismic 
site characterization is not appropriate (Ansal, 
2004). In addition, Wills and Silva (1998) 
suggested shear wave velocity for seismic site 
characterization rather than geological units, 
even though the determination of shear wave 
velocities requires extensive field investiga-

tions. In recent times, many works have been 
completed using geotechnical and geophysical 
field studies for seismic site characterizations. 
Nath (2006) used geology to represent the 
subsurface characteristics and produced the 
Seismic Hazard and Microzonation Atlas of the 
Sikkim Himalaya. Mohanty et al., (2007), have 
followed same procedure to developed first 
order Seismic microzonation of Delhi using 
geology. Use of geotechnical data particularly 
borehole with SPT are becoming practice in 
India because abundant availability of the data. 
The works considered SPT data for site charac-
terization are Seismic Microzonation of Ja-
balpur Urban Area (PCRSMJUA, 2005), Delhi 
seismic microzonation studies (Rao and 
Neelima Satyam, 2007; Iyengar and Ghosh, 
2004) and site response estimation of Chennai 
(Boominathan, et al., 2008). Use of geophysical 
methods for seismic site characterization re-
cently initiated in India and this method has 
used in Jabalpur, Dehradun (Mahajan, et al., 
2006) and Delhi seismic microzonation studies. 
These studies are measured shear wave velocity 
and used to find site effects for a region. 

3. STUDY AREA 

The Bangalore city covers an area of ap-
proximately 696.17 km2 (Greater Bangalore). 

Table 1: Comparison of site characterization methods used for seismic microzonation 

Geotechnical  Methods Geophysical methods Description Geology and 
Geomorphology SPT SCPT SASW MASW

Strain - Lager Large Small Small 
Drilling - Essential Essential No No 
Cost Small high high Small Moderate 
Time Large Lager Moderate Less Less 

Quality of data Poor Good Very Good Fair Very
Good

Detection of variability 
of soil deposits Poor Good Very Good Good Very

Good
Suitable soil type All Non Gravel Non Gravel All All 
Depth of information 
suitable for Microzona-
tion

Poor Good 
Fair – Vs is 
available up to 
20m

Good Very
Good

Measurement of dynamic 
properties Poor Fair Good Good Very

Good

Success full cases used Small Large Medium Medium –
Lager

Very
Lager
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The area of study is limited to Bangalore 
Metropolis area (Bangalore Mahanagar Palike, 
BMP) of about 220km2. Bangalore is situated 
on a latitude of 12o 58' North and longitude of 
77o 36' East and is at an average altitude of 
around 910 m above mean sea level (MSL). In 
this study, geotechnical data of standard pene-
tration test and geophysical test of MASW have 
been used to characterise Bangalore for to 
assess the earthquake effects towards micro-
zonation.

The Bangalore covering an area of 220 km2

map with different entities were developed in 
view of two aspects, first, for locating the bore 
logs to the utmost accuracy on a scale of 
1:20000 and secondly for identification of bore 
logs by the end user. With this scope of work, 
the map has developed with several layers of 
information. Some of the important layers 

considered are the boundaries (Outer and 
Administrative), Contours, Highways, Major 
roads, Minor roads, Streets, Railroads, Water 
bodies, Drains, Landmarks and Bore locations. 
Digitized map has developed mainly using hard 
copy of Bangalore guide map, published by 
Survey of India in 1983 and several other maps 
from standard publishers have used for refer-
ence. Digitization of the map layers has done in 
AutoCAD and then imported to Arc view 
GIS 8.1. Few combinations of layers with base 
boundary of BMP are along with various 
information are shown in Figure 1. Figure 1 
depicts the location of boreholes with respect to 
water features like tanks, lakes and drains 
within the corporate boundary of Bangalore 
along with outer boundary circumscribing the 
ring road. 

NE

NW

SE
NE

SW
Borehole
Location 

Drains 

Water
Bodies

Outer
Boundary 

Corporate
Boundary 

Vidhana Soudha 
Lat-Long:

(77o 35.46’;
12° 58.67') 

Scale
1:20,000

India

Figure 1: GIS model of borehole locations along with water body features 
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4. SITE CHARACTERIZATION USING 
GEOTECHNICAL DATA 

In this study, site characterization using geo-
technical data has been attempted by consider-
ing geotechnical borelog data with standard 
penetration test “N” values. Geotechnical 
borelog data has collected from archives of 
Torsteel Research Foundation in India (TRFI) 
and Indian Institute of Science (IISc) from 
geotechnical investigations carried out for 
several major projects in Bangalore for several 
major flyovers, bridges, metro alignments and 
other structures. The data collected was carried 
out for important projects in Bangalore during 
the years 1990-2006. In the data base about 850 
borelogs information has been keyed into the 
base map. These data has an average depth of 
15m below the ground level, the bar chart for 
depth and number is shown in Figure 2. Figure 
2 clearly gives the distribution of the boreholes 
classified based on the depth of borehole below 
ground level. Majority of the bores with depths 
greater than 15m were carried out for several 
grade separator projects. Most investigations for 
residential and commercial complexes were 
below 15m. However, wherever bedrock has 
been encountered investigation has been termi-
nated at that depth. The subsurface soil proper-
ties are keyed into the database at a particular 
depth with location details, physical properties, 
grain size distribution, Atterberg limits, and 
strength properties for soil and rock. These 

boreholes spatially cover most parts of the 
Bangalore city and more densely in the areas of 
high land use as shown in Figure 1. The distri-
bution of boreholes in four quadrants of Banga-
lore city considering Vidhana Soudha (shown in 
Figure 1) as the centre point is shown in Fig-
ure 3, indicating a good spatial distribution 
around the city. 
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Figure 3: Distribution of boreholes in different 
quadrants of Bangalore city 

The ‘Standard Penetration Test’, commonly 
known as the ‘SPT’, is carried out in a borehole, 
by driving a standard ‘split spoon’ sampler 
using repeated blows of a 63.5kg hammer 
falling through 762mm. The hammer is oper-
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ated at the top of the borehole, and is connected 
to the split spoon sampler by rods. The split 
spoon sampler is lowered to the bottom of the 
hole, and is then driven a distance of 450mm in 
three 150mm intervals, and the blows are 
counted for each 150mm penetration. The 
penetration resistance (N) is the number of 
blows required to drive the split spoon for the 
last 300mm of penetration. The penetration 
resistance during the first 150 mm of penetra-
tion is ignored, because the soil is considered to 
have been disturbed. SPT borelog data includes 
location of wells, SPT test results, ground water 
level, grain size distribution, Liquid limit, 
Plastic limit and strength properties for soil and 
rock. Typical borelog is shown in Figure 4. A 
typical laboratory test result at each borehole 
location is given in Table 2. 

4.1. 3-D subsurface model and Rock depth 

From the collected data, the three-
dimensional (3-D) borehole models have been 
generated with base map. These boreholes 
represented as a 3- D object projecting below 
the base map with information of 0.5m interval 
layer. These 3-D boreholes have generated with 
several layers with a location in each layer-
overlapping one below the other and each layer 
representing 0.5m interval of the subsurface. 

Figure 5 shows a typical borehole viewed in 
isometric view. It consists of several donut 
elements in different layers placed coinciding 
one below the other. A single donut as shown 
on the right in Figure 5 represents 0.5 m depth 
of ground in the model. Topmost donut repre-
sents the 0.5m depth of surface strata and 
thereon each donut cumulates to 0.5m below 
ground level. The model provides two options 
to view the data at each borehole in order to 
cater for various groups and to identify the 
depth of layers. In addition, image files of bore 
logs (Figure 4) and properties table (Table 2) 
has been attached to each location in plan. In 2-
D, by clicking on a borehole will display the 
standard bore log information as a scanned 
image and the respective properties table 
consisting of index properties & shear strength 
parameters. As such when this model is viewed 
in 3-D, geotechnical information on any bore-
hole at any depth can be obtained by clicking at 
that level (donut). The data consists of visual 
soil classification, standard penetration test 
results, ground water level, time during which 
the test has been carried out, other physical and 
engineering properties of soil. From this 3-D 
model, a generalized soil profiles for the pur-
pose of general classification has obtained and it 
is given in Table 3. 

Table 2: Typical laboratory reports collected 

Grain Size Distribution (%) Atterberg Limits (%) 

 Sand Fines BH
No.

Depth
(m)

Bulk
Density
(g/cc)

Water
Content

(%)
Gravel Coarse Med Fine Silt & Clay 

Liquid
Limit
(LL)

Plastic
Limit (PL) 

Plastic
Index
(PI)

26-1 4.3 2.1 14 2.1 6.3 12.6 20 59 65.2 26.4 39 

 5.5 2.1 18 3.5 2.4 8.2 11.8 74.1 74.5 35.2 39 

 6.5 2.1 19 0.6 1.2 7.6 13.5 77.1 70.1 35.6 35 

 7.5    1.2 5.5 13.2 80.1 74 39 35 

 8 1.9 20 0.9 1.9 5.8 18.1 73.3 75 41.8 33 

            

26-2 3.6   1 2 21 39 37 39.2 18.1 21 

 4.5 2 18 1.5 3.1 20.9 26 48.5 37.4 17.9 20 

 5.5 2.1 17.1 0.9 0.9 7.2 42.8 48.2 39.5 18.8 21 

 6 2 17.2 1.3 1.2 11.9 31.1 54.5 43.2 24 19 

 7 1.9 17.3 0.5 1.1 8.9 26.9 62.6 44.8 22.4 22 
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Out of 850 borelogs 170 bore logs were car-
ecarefully evaluated for identifing the engineer-
ing bedrock depth from the rock characteriza-
tion tests. Engineering bedrock is the bedrock 

having the shear wave velocity of around 
700m/sec (Nath 2006) SPT “N” value of more 
than 100 for 5cm penetration (Sitharam et al., 
2007) which are widely selected for placing 

BORE LOG-4
BH No BH-4 8.2.03
Ground Water Table Not Encounted  14.2.03

0            Reddish/Brownish
1.5          silty sand with clay SPT 1.5 N=11

SM
UDS* 2.5

3.0 SPT 3 N= 26

4.0 UDS* 4
SM SPT 4.5 N=52

5.0

SPT 6 Rebound

7.0

SPT 9 Rebound
9.0

10.0 SPT 10.5 Rebound

11.0

12.0
        CR-72%,RQD-54.66% SPT 13.5 Rebound

14.0
        CR-60%,RQD-41%

15.0
SPT 16.5 Rebound

SPT 18 Rebound
18.0

SPT

Note
Bore hole Terminated at 26.0m SPT-Standard Penetration Test
CR-Core Recovery UDS- Undisturbed Sample
RQD-Rock Quality Designation GL- Ground level

20

15.5to17.0m

Hard rock 

6.0

17.0

9.5 to 11.0m
CR-62%,RQD-50%

11.0 to 12.5m

             12.5 to 14.0m

Brownish

CR-NIL,RQD-NIL

CR-58%,RQD-52%

medium dense to very dense silty 
sand  

        Weathered rock 

8.0 to 9.5m
      CR-73%,RQD-34%

 7.5 to 8.0m

Depth
Below 
GL(m)

Soil Description Tickness 
of layer Legend soil 

classification
Samples 

Type
Depth (m) SPT N 

values 

3

3

3

           18.5 to 20.0m
CR-76%,RQD-52%

Date of commencement
Date of completion

         14.0 to 15.5m

CR15%,RQD-NIL

17.0 to 18.5m
  CR-61.33%, RQD-48%

11

Figure 4: Typical borelog collected 
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engineering structures. The overburden thick-
ness/ rock depth vary from 1m to about 40m, 
and with their wide distribution in the study 
area. The rock level or/ soil overburden thick-
ness map has been generated using 170 bore-
hole data, which is shown in Figure 6. Figure 6 
shows that south eastern and central part of the 
study area has thick soil overburden (about 
more than 30m) when compared to other areas. 
North and south western part of the study area 
has very thin overburden (less than 1m) but the 
average overburden thickness of the study area 
is about 10m to 15m. 

Single layer of bore 
representing 0.5m depth 

0.5 m 

Figure 5: A typical borehole in three-dimensional 
view

4.2. Corrections applied for SPT “N” Values 

The SPT data collected is field ‘N’ values 
with out applying any corrections i.e observed 
field “N”values. Usually for engineering use of 
site response study and liquefaction analysis the 
SPT “N” values need to be corrected with 
various corrections. The ‘N’ values measured in 
the field using Standard penetration test proce-
dure have been corrected for various correc-
tions, such as:(a) Overburden Pressure (CN), (b) 
Hammer energy (CE), (c) Borehole diameter 
(CB), (d) presence or absence of liner (CS), (e) 
Rod length (CR) and (f) fines content (Cfines)
(Youd et al., 2001; Cetin et al., 2004; Pearce 
and Baldwin, 2005). Corrected ‘N’ value i.e., 
(N1)60 is obtained using the following equation: 

)()( 601 RSBEN CCCCCNN ×××××=  (1) 

SPT N-values recorded in the field increase 
with increasing effective overburden stress; 
hence, overburden stress correction factor is 
applied (Seed and Idriss 1982). This factor is 
usually calculated from equation developed by 
Liao and Whitman (1986). Another important 
factor that affects the SPT –N value is the 
energy transferred from the falling hammer to 
the SPT sampler. The energy ratio (ER) deliv-
ered to the sampler depends on the type of 
hammer, anvil, lifting mechanism, and the 
method of hammer release. Approximate 
correction factors to modify the SPT results to a 
60% energy ratio for various types of hammers 
and anvils are given by Robertson and Wride 
(1998). Measured energies at a single site 
indicate that variations in energy ratio between 
blows or between tests in a single borehole 

Table 3: General soil distribution in Bangalore 

Soil Description with depth and Direction 
Layer

Northwest Southwest Northeast Southeast 

First Layer Silty sand with clay 
0-3m

Silty sand with gravel 
0-1.7m Clayey sand 0-1.5m Filled up soil 0-1.5m 

Second layer Medium to dense 
silty sand 3m-6m 

Clayey sand
1.7m-3.5m

Clayey sand with 
gravel 1.5m-4m 

Silty clay
1.5m-4.5m

Third Layer Weathered Rock 
6m-17m

Weathered Rock 
3.5m-8.5m

Silty sand with 
Gravel 4m-15.5m 

Sandy clay
4.5m-17.5m

Fourth layer Hard Rock 
Below the 17m 

Hard Rock 
Below 8.5m 

Weathered rock 
15.5m-27.5m

Weathered Rock 
17.5m-38.5m

Fifth Layer Hard Rock Hard Rock Hard Rock 
Below 27.5m 

Hard Rock 
Below 38.5m 
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typically vary by as much as 10%. The work-
shop participants of NCEER 1996&1998 (Youd 
et al, 2001) recommend measurement of the 
hammer energy frequently at each site where 
the SPT is used. Where measurements cannot 
be made, careful observation and notation of the 
equipment and procedures are required to 
estimate a CE value. Use of good quality testing 
equipment and carefully controlled testing 
procedures will generally yield more consistent 
energy ratios. For liquefaction calculation, 
Yilmaz and Bagci (2006) had taken the CE value
as 0.7, for donut type hammer. Similar kind of 
hammer is used for soil investigations; hence, 
the value of 0.7 is taken for CE. The other 
correction factors adopted such as correction for 
borehole diameter, rod length and sampling 
methods modified from Skempton (1986) and 
listed by Robertson and Wride (1998). Correc-

tion for borehole diameter (CB) is used as 1.05 
for 150 mm borehole diameter, Rod length (CR)
is taken from the table based on the rod length, 
and presence or absence of liner (CS) is taken as 
1.0 for standard sampler. The corrected “N” 
Value (N1)60 is further corrected for fines 
content based on the revised boundary curves 
derived by Idriss and Boulanger (2004) for 
cohesionless soils as described below: 

601601601 )()()( NNN cs Δ+=  (2) 

+
−

+
+=Δ

2

601 001.0
7.15

001.0
7.963.1exp)(

FCFC
N (3)

FC = percent fines content (percent dry 
weight finer than 0.074mm). 

A typical corrected excel sheet generated for 
a borehole data and it is shown in Table 4. The 
“N” correction tables were generated for all the

Scale
1:20,000

Figure 6: Rock depth/ soil overburden thickness 
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boreholes using Windows macros in excel. The 
seismic bore log contain information about 
depth, observed SPT ‘N’ values, density of soil, 
total stress, effective stress, fines content, 
correction factors for observed “N” values, and 
corrected “N” value. 

5. SITE CHARACTERIZATION USING 
GEOPHYSICAL DATA 

A number of geophysical methods have 
been proposed for near-surface characterization 
and measurement of shear wave velocity by 
using a great variety of testing configurations, 
processing techniques, and inversion algo-
rithms. The most widely used techniques are 
SASW (Spectral Analysis of Surface Waves) 
and MASW (Multichannel Analysis of Surface 
Waves). The spectral analysis of surface wave 
(SASW) method has been used for site investi-
gation for several decades (e.g., Nazarian et al., 
1983; Al-Hunaidi, 1992; Stokoe et al., 1994; 
Tokimatsu, 1995; Ganji et al., 1997). SASW 
method uses the spectral analysis of a surface 
wave generated by an impulsive source and 
recorded by a pair of receivers. Evaluating and 
distinguishing signal from noise with only a 
pair of receivers by this method is difficult. 
Thus to improve inherent difficulties, a new 
technique incorporating multichannel analysis 
of surface waves using active sources, named as 
MASW, was developed (Park et al., 1999; Xia 
et al., 1999; Xu et al., 2006). The MASW has 
been found to be a more efficient method for 
unraveling the shallow subsurface properties 
(Zhang et al., 2004). In particular, the MASW is 
used in geotechnical engineering for the meas-
urement of shear wave velocity and dynamic 
properties, identification of subsurface material 
boundaries and spatial variations of shear wave 
velocity. MASW is a non-intrusive and less 
time-consuming geophysical method. It is a 
seismic method that can be used for geotechni-
cal characterization of near surface materials 
(Park et al, 1999; Xia et al, 2000; Miller et al, 
1999; Park et al, 2005; Kanli et al, 2006). 

MASW system consisting of 24 channels 
Geode seismograph has been used in this 
investigation. The seismic waves are generated 
by impulsive source of 15 pound (sledge-
hammer) with 300mmx300mm size hammer 
plate with ten shots. These waves are captured 

by 24 vertical geophones of 4.5Hz capacity. The 
captured Rayleigh wave is further analyzed 
using SurfSeis software. The test locations are 
selected in such a way that these represent the 
entire city subsurface information. The MASW 
test locations are selected based on the space 
required for the testing and close to important 
building such as hospitals, temples, government 
buildings and schools. About 58 one-
dimensional (1-D) MASW surveys have been 
carried out in the study area. The locations of 
the testing points in Bangalore are shown in 
Figure 7. The optimum field parameters such as 
source to first and last receiver, receiver spacing 
and spread length of survey lines are selected in 
such a way that required depth of information 
could be obtained. These are in conformity with 
the recommendations of Park et al. (2002) and 
(Xu et al., 2006). All tests have been carried out 
with geophone interval of 1m. Source has been 
kept on both side of the spread and source to the 
first and last receiver were also varied from 5m, 
10m and 15m to avoid the effects of near- field 
and far-field. Among the 58 test locations , 38 
test locations of MASW survey were very close 
to the available SPT borehole locations and 
these are used to generate correlation between 
shear wave velocity and corrected SPT ‘N’ 
values.

5.1. Data processing and results 

The captured Rayleigh wave is further ana-
lyzed using SurfSeis software. SurfSeis is 
designed to generate shear wave velocity profile 
(either in 1-D or 2-D format) using a simple 
three-step procedure: i) preparation of a Mul-
tichannel record (some times called a shot 
gather or a field file), ii) dispersion-curve 
analysis, and iii) inversion. The recorded data in 
field are converted to KGS format with field 
parameters, which is used to develop dispersion 
curve of subsurface material. A dispersion curve 
is generally displayed as a function of phase 
velocity versus frequency. Phase velocity can be 
calculated from the linear slope of each compo-
nent on the swept-frequency record. The lowest 
analyzable frequency in this dispersion curve is 
around 4 Hz and highest frequency of 75Hz has 
been considered. Typical dispersion curve is 
shown in Figure 8. Each dispersion curve 
obtained for corresponding locations has a very 
high signal to noise ratio of about 80. A shear 
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wave velocity profile has been calculated using 
an iterative inversion process that requires the 
dispersion curve developed earlier as input. A 
least-squares approach allows automation of the 
process (Xia et al., 1999) which is inbuilt in 
SurfSeis. Shear wave velocity has been updated 
after completion of each iteration with parame-
ters such as Poisson’s ratio, density, and thick-
ness of the model remaining unchanged. An 
initial earth model is specified to begin the 
iterative inversion process. The earth model 
consists of velocity (P-wave and S-wave veloc-
ity), density, and thickness parameters. Typical 
one dimensional shear wave velocity profile is 
shown in Figure 9. 

5.2. Equivalent shear wave velocity of soil 

Equivalent shear wave velocity is weighted 
average shear wave velocity for depth (H) by 
considering each layer and their properties with 
depth. The equivalent shear wave velocity for 

the depth of “d” of soil is referred as VH. The 
equivalent shear wave velocity up to a depth of 
H (VH) is computed in accordance as follows: 

=

i

i

i
H

v
d
dV  (4) 

Where H = Σdi = cumulative depth in m 
where di and vi denote the thickness (in meters) 
and shear-wave velocity (at a shear strain level 
of 10 5 or less, m/s) of the ith formation or layer 
respectively, in a total of N layers within the 
depth of H. A simple spreadsheet has been 
generated to carry out the calculation using 
window macros in excel. In this study, equiva-
lent shear wave velocity for every 5m depth up 
to depth of 30m has been calculated. A typical 
30m Equivalent shear wave velocity (Vs30) for 
the study area is shown in Figure 10. Classifica-
tion of site classes based on equivalent shear 
wave velocity of 30m is given in International 

Scale 1:20,000 

   1-D MASW 

Bangalore Municipal
Corporation Boundary 

34

Ground

Source

Geophones 

Figure 7: MASW 1-D and 2-D testing locations with field setup 
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Building code (IBC, 2006), National Earth-
quake Hazards Reduction Program (NEHRP, 
2000) and Eurocode 8 (2003). The site classes 
based on 30m equivalent shear wave velocity is 

considered for site amplification and site re-
sponse studies. However recently Pitilakis 
(2004) highlighted the problems associated with 
site classes using exclusively the average  

Figure 8: Typical dispersion curve with signal to noise ratio 

Figure 9: Typical one-dimensional shear wave velocity profile 
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S-wave velocity over the 30m for seismic site 
characterization. The use of Vs30 as a basis for 
soil and seismic site characterization is mislead-
ing in many cases; hence, it has to be used with 
caution. The use of Vs30 is only applicable when 
the actual site conditions are appropriate to that 
i.e. relatively shallow “seismic bedrock” (where 
Pitilakis, 2004 defined shear wave velocity 
more than 750m/s) or very firm soil conditions 
and flat stratigraphy. Rock depth from borehole 
data shows that, the soil overburden thickness in 
Bangalore varies from 1m to about 40m. Con-
sidering Vs30 will lead to higher velocity due to 
the shallow rock mass velocity and result in 
wrong site classes. Hence, for equivalent shear 
wave velocity for soil overburden thickness 
(VsST) has been calculated and mapped. The 
average Vs overburden soil has been calculated 
based on the soil thickness corresponding to the 
location from borehole or/ shear wave velocity 
>700m/s from MASW. The average Vs for soil 
overburden in the study area is shown in  
Figure 11. 

By comparing the Vs30 and VsST, it is very 
clear that, Vs30 has given higher average shear 

wave velocity than VsST, due to rock velocity 
added in average of 30m. The Vs30 shows that 
study area can be classified “site class D, C and 
B” as per IBC (2006), but if one considers VsST

the study area is classified as “Site class D”. If 
you consider Vs30 as criteria for empirical site 
response calculation leads to misleading result 
of site amplification and site response spectrum 
as highlighted by Pitilakis (2004). Hence the 
site having shallow (with in 30 to 40m) engi-
neering bedrock (>760 ±60 m/s) can be classi-
fied based on VsST using the same site classes 
recommended in IBC (2006). So that the site 
response using empirical methods can be 
applied to evaluate the response spectrum and 
the results may be appropriate. 

6. CORRELATIONS

Among the 58 MASW testing points, 38 
MASW testing points are close to the SPT 
borehole locations. Data from these locations 
have been used to generate the correlation 
between the Vs to the corrected ‘N’ values. 
About 162 data pairs of Vs and SPT corrected 

Figure 10: Equivalent shear wave velocity for 30m depth 
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blow count have been used. The Vs values are 
selected from the 1-D MASW results corre-
sponding to SPT “N” value at different depths. 
The regression equation developed between Vs
and (N1)60cs is given in equation 4 (with regres-
sion coefficient of 0.84): 

40.0
601 ])[(78 csNVs =  (4) 

Where, Vs is the shear wave velocity in m/s 
and (N1)60cs is the corrected SPT ‘N’ value. 

Figure 12 shows the actual data along with 
the fitted equation along with upper bound and 
lower bound curves. Upper bound equation is 
larger than 47 to 17% and lower bound equation 
is smaller than 47 to 17% of equation 4. Lager 
percentage of variation observed in the smaller 
“N” values and smaller percentage of variation 
observed in the larger “N” values. Regression 
equation corresponding to upper and lower 
bound curves are given in equations 5 and 6 
respectively. These regression equations can be 
used for residual soils such as silty sand and 

sandy silt with small amount of clay content. 
40.0

601 ])[(103 csNVs =  - Upper bound
(+ 47 to 17% variation) (5) 

40.0
601 ])[(53 csNVs =  - Lower bound

(- 47 to 17% variation) (6) 

7. CONCLUSIONS

Bangalore urban center has been character-
ized using geotehcical and geophysical tech-
niques for seismic microzonation study. The 3-
D subsurface borehole model and soil overbur-
den thickness/ rock depth map has been gener-
ated. Rock depth varies from 1m to 40m.
MSAW surrey at 58 locations have been carried 
out and shear wave velocity with depth has been 
measured. Equivalent shear wave velocity has 
been calculated for every 5m up to depth of 
30m, based on this study area site can be classi-
fied as “site class D, C and B” as per IBC 

Scale
1:20,000

Figure 11: Equivalent shear wave velocity for soil overburden thickness 
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recommendation. Due to variation in the rock 
depth, Vs30 may not be an appropriate value to 
represent seismic site classes due to influence of 
bed rock. Equivalent shear wave velocity of the 
above the engineering rock depth has been 
estimated and it shows that study area can be 
classified as “site class D”. This study shows 
that considering 30m average shear wave 
velocity may mislead to higher class of seismic 
site classes for region having shallow overbur-
den thickness (<30m). 
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The peak friction angle is a function of
confining pressure, initial void ratio e and angle
δ of the direction of σ 1 relative to the
horizontal bedding plane. The dilatancy angle
(Ψ) is estimated from Rowe’s stress-dilatancy
relation.

The introduction of shear banding in the
numerical analysis is achieved by introducing a
strain localization parameter s in the following
additive decomposition of total strain increment
as follows

, (21)p
ij

e
ijij sddd   eb FFs /

where Fb is the area of a single shear band in
each element; and Fe is the area of the element.
The constitutive equations of rate-dependent

plasticity (Simo et.al., 1988)] originally
proposed by Duvaut-Lions are as follows.
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where η is the fluidity parameter, q is the
internal variables, σ ¯and q¯ are the rate
independent solutions, C is the elastic modulus.
Eq. (22) can be rewritten in incremental form as
follows.
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After some calculation, the following
equation can be obtained
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Similarly, Eq. (23) is transformed to the
following equation.
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4. RETURN MAPPING SCHEME

In this analysis, the generalized return mapping
algorithm (Simo and Ortiz, 1986) is applied to
the integration algorithms of elasto-plastic
constitutive relation, including shear band
effect. In the return mapping algorithm the
elasticaly predicted stresses σA are relaxed
onto a suitably updated yield surface σ B. A
change in stresses can cause an associated
change in the elastic strains given by;

(28))(][ 1
AB

ee Dd   

where [D]e is the elastic matrix. As the total
strains don't change during the relaxation
process, the plastic strain change is balanced by
an equal and opposite change in the elastic
strains

(29))(][ 1
AB

eep Ddsd   

where s is the ratio of shear band area to finite
element area (Eq.12). The plastic strain
increments are proportional to the gradient of
the plastic potentialΦ

(30))/(  pd

where λ is a positive scalar multiplier to be
determined with the aid of the loading-
unloading criterion. Combining Eq.14 and 15
gives

(31))/(][   e
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1.  INTRODUCTION 

Nowadays pile foundations have been used 
in a wide range as in construction buildings and 
industrial buildings in Kazakhstan, CIS and all 
over the world.  Very high temp of constructing 
and the appearance of very tall buildings in 
Astana with its complicated soil conditions 
required mainly use pile foundation. 

At the same time, for the purposes of such 
kind of tasks and analyses of interactions 
between high level buildings and pile founda-
tion using modern computer program should be 
taken to account. 

Tendency to the development and improve-
ment of new constructions quality with the 
account of time, energy, labor force and money 
save is becoming one of the issues in implemen-
tation of different projects between customers 
and performers. 

At present time construction of buildings in 
new capital of Kazakhstan of Astana, apply 
piles: precast square section; bored (with casing, 
through technology of CFA and by displace-
ment soil) and steel “H” sections. Steel “H” 
piles for the first time are used for construction 
of Kazakhstan. The given piles have been 
accepted by designers at construction of Em-
bassy of the USA in Astana [2]. 

Modern engineering experience has devel-
oped some new technologies as Full Displace-
ment Piling (FDP) technology which has started 
adoption in western countries. 

Fig. 1. L.N. Gumilev Eurasian National University 

Fig. 2. New Area of the New Administrative Center 

ABSTRACT:  In this article presented analysis of application of H-beam sections and bored pile through FDP 
technology for problematical soil conditions of Astana.  Specified advantages of steel driven piles and of FDP
piles are given in comparison with other geotechnologies. Results of full-scale load test and numerical analysis 
FEM was also given in this paper. 

Interaction of piles with problematical soils of new capital Astana

A. Zhusupbekov, R. Bazilov & D. Bazarbaev
Geotechnical Institute, L.N. Gumilev Eurasian National University, Astana, Kazakhstan 
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In following figures illustrated Mega-
projects of Astana (new capital of Kazakhstan). 

Fig. 3. resident residence 

Fig. 4. The Islamic cultural center 

Fig. 5. Palace of the Peace 

Fig. 6. Entertainment Centre "Khan Shatyry" 

Fig. 7. Three apartments of “Severnoe Siyanie”

Fig. 8. Three apartments of  “Emerald Towers” 

Fig. 9. Transport Tower 
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2. ENGINEERING-GEOLOGICAL CONDI-
TIONS OF THE SITE 

2.1. Construction site of the USA embassy 

The site of researches for construction is 
on the Southeast side of Astana the capital 
of Kazakhstan, on the right side of Esil river. 
The territory of the city of Astana is located 
on the Kazakh Shield on which the tectonic 
activities, that’s why it appears to be safe for 
the construction purposes. 

In geological structures of a site of re-
searches take part: alluvium the modern 
adjournment presented by loams, clay with 
lenses of gravel sand and loam (EGE-1, 2), 
gravel soil (EGE-3); eluvial the formations 
presented by loams with inclusions gruss and 
rubble, sandstones and siltstone (EGE-4), 
gruss-rubble soil (EGE-5); and also eluvial 
formations middlejurassic the breeds, pre-
sented by aleurolites (EGE-6). All the before 
mantioned sediments are covering by a soil-
vegetative layer from above. 

Results of physic-mechanical properties of 
soil  the bases of construction site are resulted 
from top to down in Table 1. 

Table 1. Physic-mechanical properties of site soil 

Type of Soil E, 
MPa

,
kPa

 Ro,
kPa

,
g/cm3

Loam and clay 5.1 27 19 - 1.89 
Gravel - - - 350 2.05 
Loam 21 59 23 - 1.98 

Gruss-rubble  - - - 400 2.15 

Aleurolites Compression strength 15 
MPa 2.47

2.2. Construction site of two apartments of 
Trade & Entertaining Centre “Khan Shatyry” 

The site for construction is on the South-
east side of Astana, on the left side of Esil 
river.

On the basis of the visual description of 
grounds and to the data of the skilled field 
works confirmed with results of laboratory 
researchers, division of grounds, researches 
composing the site on engineering-geological 
elements in their sequences of bedding: 

EGE-1. Fill-up soil 
EGE-2. Loamy soil, water saturated 

EGE-3. Gravelly sand 
EGE-4. Gravel soil 
EGE-5. Loamy soil with inclusion gruss and       

gravel

Table 2. Physic-mechanical properties of site soil 

Type of Soil E, 
MPa

,
kPa

,
g/cm3

EGE-1 - - - 1.90 
EGE-2 7.5 14 19 1.98 
EGE-3 21 1 38 1.92 
EGE-4 22 - - 2,00 
EGE-5 13 12 27 2.47

3. FEATURES OF APPLICABLE PILES 

3.1. Steel pile 

Steel piles “H” sections of type HP12 74
( 305 110), became made from high-strength 
low alloy colombia-vanadium of a class 50 
(345) according to ASTM A572 Grade 50 (the 
American standard) [1]. The maintenance of 
chemical elements in structure of steel of a 
metal pile are resulted in Table 3. 

Table 3. Chemical compound of steel of a metal pile 

No Chemical 
element

Designation The mainte-
nance, % 

1 Carbon C min 0,08 
2 Iron Fe 98 
3 Manganese Mn 1.35 
4 Fluorine P max 0.04 
5 Sulfur S max 0.04 
6 Silicon Si max 0.04 

Mechanical properties of steel pile from data 
of a factory on manufacturing metal of corpora-
tion "Bethlehem", are resulted in Table 4. 

Table 4. Characteristics of durability of steel pile HP 
12x74 (HP 305x110) 

 Type Yield 
strength, ksi 

[MPa]

Ultmate
strength, ksi 

[MPa]

Shear
modulus, ksi 

[GPa]
50 [345] 50 [345] 65 [450] 11600 [80] 

On an edge of a pile pile shoe from the 
strong steel tips -7780-  made Associated 
Pile and Fitting Corp (Clifton, state of New 
Jersey) weld. 
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.

Fig. 10. Steel pile with a steel tip 

3.1.1. Influence of corrosion on steel piles 

Corrosion in soil, water or moist out-door 
environment is caused by electro-chemical 
processes. Different types of corrosion can 
occur in soils, such as soil corrosion, galvanic 
corrosion and current leakage corrosion. In the 
case of steel piles and steel sheet piles, soil 
corrosion is most important [8]. 

Fig. 11. Electro-chemical reaction in one corrosion 
cell

Soil corrosion is caused primarily by diffu-
sion of oxygen from the soil to the steel surface. 
Corrosion decreases with depth on piles or sheet 
piles in stationary, fresh water or salt water, due 
to the reduced oxygen content. The results from 
the investigations in soil show consistently that 
the location of the ground water level, and thus 
the access to air has a dominating influence on 
the corrosion of steel piles. Below the ground 
water level, the average corrosion is normally 
small, rarely in excess of 20 mm/year and often 
significantly lower. 

In this connection, up to the device of piles 
hole in diameter of 600 mm by depth of 1.5 m. 
These hole after driving piles have preliminary 
been drilled were concreted, for restriction of 

access of air (oxygen) on a surface of steel 
through a ground. 
3.2. Bored pile through FDP technology 

This technology includes formation of a 
hole up to necessary depth by means special 
cone-shaped boring tool, without excavation 
due to its compacting (lamination) a bottom of 
the hole and its lateral surface. Then concreting 
of this hole from bottom, by continues feeding 
of plastic concrete under pressure by means of 
concrete pump through the  aperture in the 
boring tool, up to its full filling with concrete. 
Then installation reinforcing cage of the corre-
sponding length. The shape of the pile is ful-
filled in 4 ways (Figure 12). 

Fig. 12. Bored pile through FDP technology 

First way: Installation of the boring tool on a 
point.

Second way: Performance of a hole without 
of excavation of a soil due to its compaction 
(lamination).

Third way: Extraction of the boring tool 
with simultaneous filling a hole by concrete 
through an aperture the boring tool. 

Forth way: Installation of spatial reinforcing 
cage.

Fig. 13. Bored machine BG-20H 
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4. INVESTIGATION METHOD

4.1. Steel pile 

Before driving test steel piles have been 
marked every of 25 cm on all length             
(L=12.0 m). 

For driving steel piles used pile driving rig 
Junttan PM20 with hydraulic hammer -4
part of blow with weight 4.0 tons.  

4.1.1. Carrying out of dynamic tests of the first 
stage

In Figure 14 it is shown directly, driving to 
steel pile LT-2 and carrying out of dynamic test. 

Fig. 14. Driving test pile LT-2 with Junttan-PM20 

In the first stage, steel piles were driving ac-
cording to preliminary criteria for a stop: 
– on 600 kN working loading, refusal of a pile 
should be equal 1.25 cm (25 cm/20 blows); 
– on 400 kN working loading, refusal of a pile 
should be equal 1.67 cm (25 cm/15 blows). 

Nine test steel “H” piles were subjected to 
dynamic tests. Embedded depth of “H” pile and 
average refusals are resulted in Table 5. 

Table 5. Results of dynamic tests of the first stage 

Number
of pile 

Embedded
depth, m 

Design
load, kN 

Refusal of 
pile at 

driving, cm 
LT-1 7.00 600 1.00 
LT-2 9.00 600 1.09 
LT-3 10.00 600 1.14 
LT-7 8.25 600 1.00 
LT-8 10.25 600 1.25 
LT-9 9.25 600 1.25 
LT-4 8.00 400 1.56 
LT-5 8.25 400 1.47 
LT-6 7.75 400 1.67 

Fig. 15. Diagram of dependence of quantity of blows 
K and refusals  from embedded depth L (test steel 
pile LT-8, refusal =1.25 cm) 

After "rest", “H” piles driving with such re-
fusals were tested by static loadings. 

4.1.2. Carrying out of static tests of the first 
stage

Static tests were spent according to require-
ments of Standard ASTM D 1143-81 and of 
GOST 5686-94, as object of research is the 
Embassy of the USA [2, 5, 7]. 

Steel piles should be tested for a minimum 
200 design working loadings, on 600 kN design 
loading to apply pressing loading 1200 kN, and 
on 400 kN accordingly 800 kN. 

At static tests the following equipment was 
applied:
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− hydraulic jack SMJ-158  - 200 ton; 
− caving in-measurers of the type 6 .

The pressure in the jack was created with the 
help of manual oil pump station MNSR-400 
with power up to 800 kg/cm², the moving of 
steel piles was fixed by caving in-measurers of 
the type 6-PAO, which were positioned on both 
sides of unmovable bearings with the bench-
mark system. 

The first count out, performed right after 
putting the loading, then consequently 4 counts 
out with an interval of 15 minutes, 2 counts out 
with an interval of 30 minutes and further for 
every hour until the conditional stabilization of 
deformation. Loadings were created by steps on 
150 kN. 

For the criterion of conditional stabilization 
of deformation was taken the speed of settle-
ment of boring piles on the given stage of 
loading that did not exceed 0.1 mm during the 
last 1-2 hours of observation. Steel piles re-
quired reactive efforts. Reloading was con-
ducted in stages 300 kN. 

Carrying out of static test and results are 
shown in Figure 16 and Table 6. 

Fig. 16. Test by static loadings of steel pile LT-8, 
L=15.0 m

Table 6. Results of static tests of the first stage 

N
um

be
r o

f 
pi

le

Em
be

dd
ed

de
pt

h,
 m

 

D
es

ig
n 

lo
ad

, 
kN

R
ef

us
al

 o
f 

pi
le

 a
t 

dr
iv

in
g,

 c
m

 

Se
ttl

em
en

t,
m

m

A
pp

lie
d 

lo
ad

, 
kN

LT-1 7.00 600 1.00 43.03 900 
LT-9 9.25 600 1.25 52.55 900 
LT-4 8.00 400 1.56 39.88 600 

Diagrams of dependence of loading and set-
tlements of steel pile by results of static tests of 
the first stage in Figure 17..
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Fig. 17. Graph of dependences of settlements S from 
the loading P

The further test of other six piles had no 
sense as results of static tests have shown not 
satisfactory bearing capacity, and the decision 
about extension lengths of a pile was accepted. 

Fig. 18. Mechanical splices for the steel “H” pile 

4.1.3. Dynamic tests of the second stage 

In the second stage steel piles driving, after 
extension lengths of a pile by electric welding, 
according to criteria for a stop: 
− for 600 kN, refusal of 0.33 cm (25 cm/75 
blows); 
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− for 400 kN, refusal of 0.83 cm (25 cm/30 
blows).  

Results driving after extension are shown to 
test pile LT-8 on the diagram (Figure 19). 

Fig. 19. Diagram of dependence of quantity of blows 
K and refusals  from embedded depth L (test steel 
pile LT-8, refusal =0.30 cm) 

4.1.4. Static tests of the second stage 

After extension lengths of piles and repeated 
driving them before refusals resulted above 
(item 4.1.3.), have been lead static tests of the 
second stage, their results are resulted in    
Table 7. 
Table 7. Results of static tests of the second stage 
after augmentation 
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LT-1 9.75 600 0.31 4.66 1200 
LT-2 15.00 600 0.31 7.34 1200 
LT-3 13.00 600 0.32 7.00 1200 
LT-7 11.00 600 0.28 4.41 1200 
LT-8 16.00 600 0.30 6.27 1200 
LT-9 12.75 600 0.27 4.96 1200 
LT-4 11.25 400 0.78 3.38 800 
LT-5 11.25 400 0.74 2.17 800 
LT-6 9.75 400 0.63 3.17 800 

4.2. Carrying out of static tests of the Bored 
pile through FDP technology 

The technology of static loading test of 
bored piles was done in accordance with the 
requirements of GOST 5686-94, i.e. according 
to the GOST requirements bored pile is tested 
after reaching its concrete strength of precast 
pile till 80% from total strength and for driving 
piles the test is provided after 6 day “rest”. Then 
both piles are tested on their concrete body 
integrity with the help of computer testing - 
FPDS SIT (Foundation Pile Diagnostic System 
Sonic Integrity Testing).

Fig. 20. The scheme of anchor-persistent test bench 
1 – FDP pile, 2 – basic beam, 3 – auxiliary beam, 4– 
pipes for welded seam, 5 – jack, 6 - caving in-
measurer, 7 - benchmark system, 8 – pump with 
manometer.

The loads were made by three 2000 kN hy-
draulic jacks DG200P150 rest on anchoring 
supporting stand. The reaction force took by 
forth anchoring bored piles (Figure 20) [10]. 
The pressure in the jack was created with the 
help of manual oil pump station NRG-8080, 
load was controlled with the technical mono-
meter MA100BU63. Measuring of settlement 
every pile was performed by two deflectometers 
type of 6PAO with division of a scale 0.01 mm. 
The first count out – right after putting the 
loading, then consequently 4 counts out with the 
interval 15 minutes, 2 counts out with the 
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interval 30 minutes and further in every hour till 
the conditional stabilization of deformation. For 
the criterion of conditional stabilization of 
deformation was taken the speed of settlement 
of bored pile on the given stage of loading that 
did not exceed 0.1 mm during the last 1 hour of 
observation.

Table 8. Results after static load tests
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CFA 1 60.0 16.5 4280 40.00 3798 
FDP 2 41.0 16.5 2996 66.64 2200 

Driven
pile

3 30 30 11.5 1070 6.70 1070 

Since maximum pile settlements did not run 
up to the ultimate settlement value being         
16 mm, the maximum imposed loads were 
taken as the pile bearing capacity [4, 9]. 
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Fig. 21. The comparing curves of piles dependences 
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5. CONCLUSION

1. Results of static tests of steel “H” piles  
lead to two stages on that soil conditions 
show, that these piles it is possible to punch 
dense not bearing soils and to use as a pile-
rack, prop up the bottom end on not com-
pressed or not enough compressed soils. 

Concrete driving piles tested on analogi-
cal grounds have shown the same results, as 

well as at tests of steel piles at the first 
stage. Then the project it was accepted to 
increase quantity of concrete working piles 
twice. While steel piles driving by expansion 
length, after the first static test. 

2. The advantages of the FDP pile tech-
niques are: 

- High productivity and bearing capacity 
of the FDP piles; 

- High quality of filling of a borehole con-
crete under pressure; 

- Absence of a sludge by boring of a 
ground on a construction site. 
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SOIL-STRUCTURE INTERACTION 





1.  INTRODUCTION 

There is increasing awareness that traditional 
geotechnical structure design often requires 
huge material usage in order to achieve a certain 
specified satisfactory performance. However, 
due to economic constraints, it is not always 
possible to guarantee that such structures will 
achieve the desirable level of performance 
required. For example, it cannot be guaranteed 
that collapse or excessive deformation will 
occur under all possible circumstances through-
out specified lifespan. Traditional geotechnical 
design evolution utilises the concept of Factor 
of Safety (FOS), which is based on assigning an 
average single value (deterministic) to parame-
ters such as material properties. The shortcom-
ing of this concept is that the appropriate values 
are uncertain resulting in uncertainty in engi-
neering judgement. It is believe that reliability 
based method, which extends the FOS concept 
by accounting for uncertainty in parameters 
through statistics of existing data; gives more 
meaningful result, enhance engineering judge-
ment and lead to sustainable design.

This paper focuses on comparing traditional 
design approach to stochastic method. It com-
pares some values of FOS to values computed 
through stochastic approach. 

There are large volumes of work on the 
topic of reliability based design (e.g., Hick & 
Samy, 2002c, Griffiths and Fenton, 1998; Low 
and Tang, 1997; and Harr, 1987) highlighting 
the importance of considering reliability based 
analysis for structural designs, most of these 
have not addressed the effect of the degree of 
anisotropic of material property.  Therefore, this 
work investigates the influence of anisotropic 
heterogeneity on reliability-based analysis. 

2. RELIABILITY ANALYSIS 

Reliability analysis can be defined as the 
“probability of a system performing its purpose 
adequately for the period of time intended for 
under the operational conditions encountered”. 
It is consistent evaluation of risk using 
probability theory. It allows accurate estimation 
of failure risk, to avoid unnecessary expenditure 
of design parameters, to achieve pre-specified 
target reliabilities to meet safety and 
economical requirement. 

Under geotechnical design reliability, R, can 
be defined as: 
R + Pr (f) = 1 (1) 
Where, Pr(f) is probability of failure. 

A structure is considered reliable unless it 
fails.

ABSTRACT: This paper looked into influence of anisotropic heterogeneity on soil- structure interaction, in 
particular, the choice of Factor of Safety of exit gradient for traditional geotechnical structural design and those 
derived from reliability analysis taking into account spatial variation of soil permeability has been investigated. 
The study investigated seepage under cofferdam with two-cut off walls imbedded in stochastic soil. It was found
that spatial variability of permeability and degree of anisotropic heterogeneity has effect on Factor of Safety 
required to achieve reliability of 95% and above. 

Soil and structure interaction: considering uncertainty in geotechni-
cal design 

G. Appiah-Kubi 
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In this investigation, reliability has been 
computed using the below expression: 
R = 1 – ( Nf /N ) × 100 % (2) 

Where, Nf is the number of realisations in 
which a certain critical value is exceeded (e.g., 
critical hydraulic gradient) and N is the number 
of realisations corresponding to convergence 
solution.

3. SEEPAGE UNDER COFFERDAM WITH 
TWO-CUT OFF WALL 

Figure 1 below shows cofferdam with two-
cut off wall beneath imbedded in stochastic soil. 
The upstream face is subject to a constant fluid 
potential, H1= 10.0m and zero fluid potential, 
H2=0.0m along the downstream face. 

Figure 1. Seepage under cofferdam 

The flow under the structure is assumed to 
be at steady state so Laplace equation was 
applied.

The property of soil is generated using LAS 
method. An isotropic heterogeneous 
permeability random field is generated by the 
input statistics of permeability. These are the 
mean (μ), standard deviation (σ) and scale of 
fluctuation (θ). θ is a measure of variation of 
soil from point to point. Figures 1.1 and 1.2 
show typical isotropic heterogeneous 
permeability fields, of two scales fluctuation. In 
the figures the dark zones represent regions of 
high permeability and the light zones. For 
smaller scale fluctuation, the permeability field 
exhibits high variability and, as θ approaches 
zero, the permeability field varies significantly 
from point to point. In contrast for larger θs, the 
fields become more uniform. 

Figure 1.1. Isotropic heterogeneous permeability 
field with θ = 0.50 m 

Figure 1.1. Isotropic heterogeneous permeability 
field with θ  24 m 

Anisotropic heterogeneous permeability 
values are obtained by either squashing the 
generated isotropic field in vertical direction or 
stretching in the horizontal direction. 

Factor of safety against piping is given by: 
FOS = ic/ie (3)

Where, ic and ie is critical hydraulic gradient 
and exit gradient at downstream face respec-
tively.

The downstream exit gradient is given by 
ie = dh/dl  (4) 

Where, dh/dl is the rate of head lost at the 
downstream face. 

For alluvial soils, critical hydraulic gradient 
is approximately equal to 1. Permissible exit 
gradient can be found by adopting a FOS 
applicable to the soil, which is between 4 and 7. 
FOS for the soil in this study is between 4 and 
5; hence, the permissible exit gradient is 
between 1/4 and 1/5. 

4. INVESTIGATIONS AND RESULTS 

For the purpose of analysing the effect of 
soil medium anisotropy on the choice of factor 
of safety for exit gradient, which can give 
reliability of 95% and above, a series of investi-
gations has been carried out. 

166



0

20

40

60

80

100

1. 0 1. 5 2 . 0 2 . 5 3 . 0 3 . 5 4 . 0 4 . 5 5 . 0

FOS

R
el

ia
bi

lit
y 

(%
)

ξ= 1 ξ= 2

ξ= 4 ξ= 8

ξ= 1 2 ξ= 2 4

0

2 0

4 0

6 0

8 0

10 0

1. 0 1. 5 2 . 0 2 . 5 3 . 0 3 . 5 4 . 0 4 . 5 5 . 0

F O S

R
el

ia
bi

lit
y 

(%
)

ξ= 1 ξ= 2 ξ= 4

ξ= 8 ξ= 1 2 ξ= 2 4

Figure 2.1. Influence of ξ on reliability for various 
FOS of exit gradient for θ = 0.25m 

Figure 2.2. Influence of ξ on R for various FOS of 
exit gradient for θ = 4.0m 
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Figure 2.2. Influence of ξ on reliability for various FOS 
of exit gradient for θ = 16.0m 

Figure 2.4. Influence of ξ on reliability for various 
FOS of exit gradient for θ =32.0m 
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Figure 3.1. Influence of ξ on R for various FOS of 
exit gradient for COV=0.125 

Figure 3.2. Influence of ξ on R for various FOS of exit 
gradient for COV = 4.0 
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Figure 2.1 to Figure 3.2 show the plot of re-
liability against factor of safety of exit gradient 
(FOS) for different degree of anisotropy. In 
figures 2.1 to 2.4, the scale of fluctuation, , of 
permeability has been varied from 0.25m to 
32m while the ratio σ/μ=COV=0.50 (coefficient 
of variation of permeability) has been kept 
constant. It can be seen from the Figures 2.1 to 
2.4 that, as the θ increases, the reliability (R) for 
factor of safety between 4 and 5 increases from 
90% to 100%. For very high θ, R=95% corre-
sponds to FOS=3.0 and R=100% corresponds to 
FOS=4.0 for all degree of anisotropy, ξ. This 
implies that for a uniform anisotropic heteroge-
neous medium, the FOS to achieve R=95% is 
lower that the recommended value (i.e. between 
4 to 5). For small, θ, as shown in Figure 2.1, as 
ξ increases, reliability increases, implying that 
for highly variable anisotropic heterogeneous 
soil medium, the level of reliability is highly 
dependent on ξ. In contrast, for average values 
of θ, the lower the ξ, the higher the reliability. 

Figures 3.1 and 3.2 show variation of reli-
ability with factor of safety of exit gradient for 
different degree of anisotropy for a constant θ.
This time, the investigation has been carried out 
for COV=0.125 and 4.0. Studying figures 3.1 
and 3.2, it can be seen that as COV increases, R 
decreases for all ξ.  From Figure 3.1, it can be 
inferred that, for smaller, COV, FOS between 
1.8 and 2.0 is sufficient to achieve R between 
95% and 100%. This is because for smaller 
COV, the soil medium becomes uniform with 
very little variation in permeability. The com-
puted values of the exit gradient become less 
variable, FOS required to achieve satisfactory 
performance of structure reduces. Therefore, 
higher reliability is achieved for lower FOS. On 
the contrary, for higher COV, as in Figure 3.2, 
R decreases and high FOS will be required to 
achieve R=95% and above. This is because 
higher COV represents highly variable soil 
medium, as the permeability vary from point to 
point, the exit gradients are highly variable, and 
hence, high FOS is required. 

5. CONCLUSION AND 
RECOMMENDATION

The effects of anisotropic heterogeneity on 
reliability based analysis has been investigated 
for various factors of safety of exit gradient at 

downstream of a cofferdam with two cut-off 
walls embedded in a stochastic soil. The 
stochastic approach has been used in the finding 
factor of safety required to achieve reliability of 
95% or above as proposed by Eurocode 7. 

Investigation conducted in this study reveals 
that soil spatial variability and degree of 
anisotropic of heterogeneity has effect on the 
value of FOS required to achieve reliability of 
95% and above. It was observed that soils with 
large values of θ and lower COV values, lower 
FOS values than recommended (i.e. between 4 
and 5) are required to achieve reliability of 95% 
and above. In contrast, for lower θ and high 
COV values, larger FOS would be required. 

The investigation could be extended to con-
sider multivariate anisotropic random field with 
three-dimensional problem domains. 
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This paper is based on the practical expe-rience 
of the author. A light industrial building 
founded on silty sand is used as an example. 
The skeleton of the building consists of a two 
storey, two portal steel frame structure  
(figure 1). For the geotechnical part of this 
article, results  from soil investigations and tests 
with large model foundations by Bergdahl et al. 
(1986) were used as a comparative base. 

The strip foundation of the frame is di-
mensioned in projected Ultimate Limit State, 
when the contact pressure distri-bution and the 
soil bearing pressure are calculated as Ultimate 
Soil Bearing Pressure. The acting forces of the 
super-structure are calculated in projected 
Ultimate Limit State (ULS); the acting forces 
including the normal forces as well as the 
moments of the frame columns. 

The bearing capacities are determined using 
the formula of Brinch Hansen. The contact 
pressure distribution in projected Ultimate Limit 
State is roughly deter-mined according to the 
settlement calcu-lations of theoretically sepa-
rated mini-mum foundations (figures 2 and 3). 
To obtain real knowledge of settlements, an 
elastic-plastic empirical model law, accor-ding 
to Horn (1970, 1972) (figure 4), has been used. 

Figure 1. Light industrial building
founded on silty sand. 

ABSTRACT: A practical design procedure is suggested for geotechnical and structural Ultimate Limit Design of
a strip foundation, which is resting on frictional soil. The procedure takes into account the Serviceability Limit
State by using the mean settlement of the total foundation and by using the criterion of angular distortions. 

Ultimate Limit State Design of a Strip Foundation

Kari Avellan 
KAREG Consulting Engineers, Helsinki, Finland 
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Figure 2. Total Strip Foundation and separated minimum parts I II  and III. Acting forces in ULS (Fd) 
from the superstructure and opposing force Qd are subjected to soil pressure in ULS (qd). 

Figure 3. Contact pressure distribution (pd),  Rotational Centers (RC), Plastic Hinges (H) and Plastic 
Moments (Mp) 

Settlement calculations have been made us-
ing a 3-dimensional Deformation Mo-dulus Ed,
according to the tests made by Bergdahl et al. 
(1986), and the Schultze and Sherif method 
(1973) based on the SPT-test. 

The plastic moments (Mp) of the structure 
are calculated with the Kinematic Method of the 
Theory of Plasticity. Sufficient ductility for the 
plastic rotation has been verified to be in accor-
dance to Eurocode 2 (1992), and FIP recom-
mendations (1984). The angular distortions are 
calculated by using settlements of the separated 
foundations which are estimated by applying 
the contact pressure distribution in the projected 
Ultimate Limit State divided by a safety factor 
according to the acting building code. 

Thus the settlement and the angular distor-
tions are considered the criteria of the Service-
ability State. The calculated Ultimate Limit 
State moments divided by the same safety 
factor, as earlier mentioned, are close to the 
Serviceability Limit State (SLS) moments. 
These are determined using the Modulus of 
Compressibility Method and using the Modulus 
of Subgrade Reaction Method. The contribution 
of the groundsoil has been analyzed in Service-
ability Limit State by Subgrade Reaction 
Method using Winkler's springs as well as by 
Compressibility Method with help of Sherif's 
and König's tables(1975) 
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Figure 4. Elastic-Plastic Model. 

The results of the Plastic Moments (Mp) of 
the foundation of the light industrial building 
are presented in figures 5  and 6. The numerical 
results are shown in graphic form and represent 
cases in which the superstructure is loaded by 
maximum vertical forces (fig. 5) and by mini-
mum vertical forces with wind loading (fig. 6). 

In figure 7, the design procedure in geotech-
nical and Structural Ultimate Limit State is 
explained. Using the mentioned procedure the 
engineer can design the strip foundation in ULS 
and at the same occasion, can check the service-
ability in SLS. 

Figure 5. Strip Foundation. a) Acting forces      Figure 6. Stip Foundation. a) Acting Forces and 
from superstructure. b) Moment Diagrams.     Moments for superstructure. b) Moment Diagram 

These results demonstrate that even though 
the soil pressure and the settlements estimated 
by different approaches and theories differ 
slightly from each other, this has no significant 
bearing for the design moments of the founda-
tion. The design moment Mp  is the sum of the

moments Mp and M  ( Mp = Mp+ M ).
Should the engineer make a general assump-

tion that the soil pressure is distributed evenly 
on the total length of the strip foundation, this 
would lead to an overdesign of the strip founda-
tion of approximately 50 to 80 percent.
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Figure 7.  Geotechnical and structural design procedure in ULS for Strip Foundation. Double line for Boxes 
represent Serviceability State (SLS) 
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1. INTRODUCTION

The analysis of the deep foundation sur-
rounded by soil is a task, which is conditioned 
on many factors. The ground base on the sig-
nificant depth is involved in the cooperation 
with foundation (the measure of the depth is 
very often larger than that one, which is recog-
nized in geological investigation). The experi-
ments show that usually deeper occurring soil 
layers to be characterized with higher values of 
parameters (first of all stiffness). It is caused by 
higher values of effective stress and the state of 
consolidation.

The credibility of numerical computation 
depends on the precision of geological investi-
gation and on correctness of the determination 
of material parameters’ values. 

It is common knowledge that the stiffness of 
soil is a changeable parameter, which depends 
on soil deformations. The characterization of 
soil stiffness is discussed in. articles of e.g 
Georgiannou, V.N. et al. (1991), and Shibuya, 
S. (1992). 

Usually, if the required number of known 
parameters is not high enough to be applied to 
advanced models of soil (what is very common 
in calculation concerning real structure), the 
designer opts for calculation relying on the 
Coulomb-Mohr or Drucker-Prager conditions. 

The observations of the ground settlement 
under the high-rise buildings show that the real 
settlements are smaller than those, which have 
been calculated on the basis of traditionally 
determined values of elasticity modulus. Carry-
ing out of the „back analysis", conformity of  
calculated values and measured values of 
settlements is obtained at modulus of elasticity 
several times strengthened for materials laying 
deep under the foundation level with relation to 
traditionally determined modulus of elasticity or 
recommended by Polish Standards. The “back 
analysis" is not a perfect way of material pa-
rameters’ selection in layers, which are difficult 
to rich for direct measurements. Some degree of 
uncertainty is involved with applying the „back 
analysis": the more the geological structure is 
complicated, the higher the degree of uncer-
tainty is, even though such analysis is carried 
out on the basis on the rational premises e.g. the 
stiffness of the soil is modified in proportion 
with the overconsolidated pressure. 

If the loading, which had an effect on struc-
ture in selected stage of construction, and 
measured values of displacements, are known, it 
is possible to establish the values of material 
parameters for soils under the foundation layer 
using the „back analysis". 

The model should reflect stages of building 
one by one and the changes of loading, which 

ABSTRACT: This paper presents the results of numerical analysis of the constructional solutions of building X 
foundations. The calculations were performed using material parameters verified by the „back analysis" depend-
ing on the observations of the construction's movements and recent soil investigation. The paper shows the 
methods used in the analysis and the results of parameters verification. 

Numerical model verification on the basis of the measurements and
investigation carried out during the structure realization 

M.Bara ski & T.Szczepa ski
Department of Engineering Geology, University of Warsaw 

P.Popielski & A.D bska
Department of Hydraulic Engineering and Hydraulics, Warsaw University of Technology 
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are connected with it. The real, observed behav-
iour of building (e.g. displacements, deforma-
tions, course of filtration) are compared with 
data obtained from the model. The essence of 
disagreement between the monitoring results 
and the outcomes calculated on the model is 
evidence that the used model does not corre-
spond with the facts. In the successive approxi-
mations, changing the characteristic material 
parameters in model, or even the way of load-
ing, we can reach the model conformity with 
realities. It allows to forecast the future behav-
iour of building in more credible way than on 
the project stage. Such way of computing 
allows to estimate average values of soil pa-
rameters or other elements of the model. 

The experience obtained from the analysis 
of other buildings displacements shows that the 
elasticity modulus estimated on the basis of the 
„back analysis” are burden with little mistakes. 
It gives the possibility for displacement forecast 
to be more precise. The “back analysis” might 
be identified with tarring the numerical model. 
Only properly verified numerical model can be 
used in some practical engineering problems. 

The foundation of building in the direct vi-
cinity of underground railway is an example of 
analysis, how the designed structures influence 
the underground constructions. The hypothetical 
models in the form of material zones’ scheme 
are presented in the Figure 1. 

Figure 1. Diagram of the material zones for the 
analysis of the deep foundation in the area of under-

ground structures 

The finite element method (MES) is the ba-
sis of the scientific technique for the all dis-
cussed examples and it allows to solve given 
initial-boundary problem (Zienkiewicz, O. C. 
1972). The HYDRO-GEO package was used for 
this purpose (D u ewski, J. 1997). 

The results from clear-cut determined loads, 
e.g. making the foundational plate of structure, 

should be used of the “back analysis”. It is 
possible if the right bench-marks (Figure 2) are 
installed on the bottom of the foundation trench 
before making the bottom plate (on the layer of 
the lean concrete and the insulation). The 
bench-marks are discussed in the article of 
Popielski, P. et al. (2005). If the measurement 
of displacements after executing the bottom 
plate is known, the material parameters ac-
cepted for computing should be verified in order 
to secure maximum credibility. In case of 
studying the monitoring project in the area of 
building structure, the bench-marks for the 
ground displacement measurement under the 
influence of making the foundation plate should 
be taken into the consideration intentionally. 

Figure 2. The bench-marks for measuring the founda-
tion plate displacements 

2. VARIANTS OF THE STRUCTURE’S 
FOUNDATION

The influence of building structure on the 
displacement of the construction, which was 
built earlier in the direct vicinity of building is 
analyzed in the discussed computational exam-
ple. The analysis takes into the consideration 
the interaction between the bottom plate and the 
hollow sheet pile walls, which works as founda-
tion walls. The office building was designed as 
12-stored with additional 3 underground stores 
(the depth of foundation 10,2 below the ground 
level). The bottom plate is 1 m thick and the 
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hollow sheet pile walls are 80 cm thick. There is 
another, 10-stored office building, with the 
foundation level is on about 5 m below the 
ground level, in the vicinity of the construction. 

Few variants of foundation were analyzed 
during numerical simulation: 

Variant 1 – the support by using the earth 
slope until the core is built and using it as 
support for struts, which protect the hollow 
sheet pile walls during sinking excavation in the 
direct vicinity. 

Variant 2 – an application of “under 
floored” method, a support by floors almost on 
the whole circumference of the hollow sheet 
pile walls. 

Variant 3 – an application of the anchored 
hollow sheet pile walls. 

Finally, the hollow sheet pile walls ware 
supported by applying the under floored method 
from the side of the nearest building in order to 
limit expected displacements of the walls. The 
anchoring was used on the whole length of the 
opposite wall in order to improve the opportu-
nity of transport from and to excavation. 

Estimating the material parameters of 
ground was a basic problem during analyzing. 
The material parameters have been determined 
during geological reconnoiter in 3 studies in the 
years of 1997, 1999, 2001, on the basis of 
Polish Standard PN-81/B-03020. The selected 
material parameters from those studies are 
presented in Table 2. The parameters of mate-
rial 6 were different 5 times depending on the 
study.

Table 1. The values of selected material parameters 

No. Soil Type E [kPa] 

1 Out-of-control embankment 35 000 
2 Slightly clayey sand, clayey 

sand
35 000 

3 Clayey sand above the ground 
water level 

31 000 

4 Clayey sand below the ground 
water level 

31 000 

5 Medium sand, coarse sand 
below the ground water level 

92 800 

6 Clayey sand below the ground 
water level 

74 000 
(15 000) 

7 Medium sand, coarse sand 
below the ground water level

140 000 

The elasticity modulus of deep occurred 
soils were modified for needs of computing on 
the basis of  results from the „back analysis” for 
calculated settlements of others high building in 
Warsaw, which have been structured on the 
hollow sheet pile walls interacting with bottom 
plate and the settlements result from the moni-
toring earlier built structures. The parameters 
have been modified in the so-called zone of 
“small deformations”. Taking into account the 
technique used for determining the elasticity 
modulus of soils, the computed settlements are 
estimated.

It was postulated that the geodesic surveys 
of displacements should be conducted and the 
bench-marks ought to be installed on: the 
hollow sheet pile walls, foundation plate and 
firstly made floors. It was suggested installing 
the inclinometers in the hollow sheet pile walls 
and conducting the measurements of horizontal 
displacements. Additionally, it was suggested 
installing: 8 bench-marks directly before mak-
ing the foundation plate for measuring the 
settlements, which was caused by making the 
bottom plate and about 20 bench-marks around 
the building for joining them in the measure-
ment cycle. The measuring points should be 
easy to reach during the whole time of construc-
tion work. 

The parameters of the soils, which are di-
rectly below the excavation bottom, are of great 
importance for the settlement computing. It was 
suggested in the studies to conduct CPT sound-
ing or geophysical testing in order to determine 
the material parameters values for soils below 
the foundation plate to 15 m depth. 

It was planned to repeat the computing, 
when the measurements of displacement after 
making the bottom plate were known, or per-
formed the modern tests for soils. In additional 
computing was planned: conducting the “back 
analysis” on the basis of  monitoring in the first 
stage of constructing and using the new parame-
ters determined on the basis of  soil investiga-
tion adjusted to the range of deformation, which 
will occur in subsoil. 
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3. PERFORMED STRUCTURE 
MONITORING

The wide range of monitoring was applied 
in the area of discussed structure during the 
time of constructing: 
- the bench-marks for measuring the ground 
displacements, which are caused by making 
the foundation plate – 6 pieces, 
- the inclinometers in the hollow sheet pile 
walls – 6 pieces, 
- the hollow sheet pile walls horizontal 
displacements monitoring – 10 points, 
- the control bench-marks on the plate – 12 
pieces,
- the monitoring of vertical displacements for 
building in the vicinity of building site – 15 

control bench-marks and 4 bench-march of 
reference,
- the monitoring of horizontal displacements 
for building in the vicinity of building site – 
12 points (sight rails), 
- the deep piezometers – 3 pieces,
- the shallow piezometers – 2 pieces.
The effective tarring of numerical model was 
possible thanks to using in the „back analysis” 
the results of measurement obtained in the 
first stage of constructing. The model used for 
the displacements determination in the area of 
investment in the “0” state is presented in the 
Figure 3. The results from computing for all 
state of constructing were consistent of the 
displacement measurements. 

Figure 3. Diagram of the model used for the determination of displacement in the area of investment in the “0” 
state

4. ADDITIONAL SOUNDING 

The geophysical testing, the static sounding 
CPT and Marchetti’s dilatometer testing have 
been carried out. The obtained results were used 
for confirmation of values of parameters ac-
cepted during the analysis in the “small defor-
mations” zone. The results of modern field tests 
for soils were used as additional verification of 
modified parameters. 

5. THE GEOPHYSICAL FIELD TESTING 
OF THE ELASTIC PARAMETERS OF 
SOILS

The geophysical seismic testing has application 
in geology from the 20th century and it has been 
discussed in the article of Bara ski, M. et al. 
(2007).

The constructions in the urban areas are very

often located on demolition sites, where the 
penetrating instrument might be damaged very 
easily. The geophysical seismic testing requires 
to move in the ground the cone with one or two 
geophones, which are not commonly used in 
Poland owing to its value and sensitivity to 
damage. Additionally limitation is very often 
the instrument size.

The seismic surface methods using the 
Rayleigh waves, discussed in article of Bara -
ski, M. et al. (2007), become more and more 
important in practice. The high potential of 
Rayleigh waves as an additional source of data 
results from non-invasive (therefore cheap and 
fast) working. There is also a possibility of 
completing the area among the investigation 
points (exploratory drilling and sounding 
points) with data, at the same time verifying the 
changeability of soils elastic parameters among 
the points. 
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The soil stiffness profiles i.e. the distribution 
of soils’ shearing modulus changeability Gmax or 
the distribution of soils’ Young modulus 
changeability Emax, along with depth, are the 
results of that testing. The advantage of that 
testing is the ability of carrying them out on 
each stage of constructing, also in deep excava-
tions. The results of investigation carried out 
with this method find application in e.g. settle-
ment computing, density control, subsoil 
consolidation or modeling the cooperation 
between the construction with ground by means 
of programs using MES.

The investigation has been performed by 
using unique apparatus, which belongs to The 
Department of Engineering Geology of Warsaw 
University. That apparatus has been designed 
and produced by British company GDS Instru-
ments Ltd. There are used two methods in the 
testing: SASW (Spectral Analysys of Surface 
Waves) and CSWS (Continuous Surface Wave 
System).

The waves are induced by hammer or other 
object hitting (depending on the needed range of 
frequency) in the SASW system. The wide 
range frequency is generated. The wave spreads 
radiantly (similarly to the waves on the water 
surface) and reaches the geophones (from 2 to 
6), which are arranged in known distances in 
straight line from the source. 

The electric signals, which are induced in 
the geophones, are analyzed by computer using 
the FFT (Fast Fourier Transform) in order to 
find the wave’s phase displacement on each of 
them.

The CSWS system is different from the 
SASW; it has a vibrator with inert mass 63 kg. 
The vibrator is controlled by computer, which 
makes a possibility of generating the waves’ 
frequency in the range of 6 to 600 Hz. It allows 
to control the investigation conditions more 
precisely: the lower frequency of surface wave 
is, the bigger is the soil zone of elastic deforma-
tions. Changing the range of frequency of 
generated surface waves, the different deep of 
testing can be obtained. 

The photographic documentation of meas-
urements carried out in the area of the analyzed 
building foundation by seismic surface method 
is presented below. Three series of geophysical 
measurements have been done on different 
levels of sinking foundation trench. The method 

SASW (Spectral Analysis of Surface Waves), as 
well as the method CSWS (Continuous Surface 
Wave System), have been applied during the 
testing. The views of the measuring position for 
the investigation at ground level is presented in 
Figure 4. 

The views of the measuring position for the 
investigation at the bottom of the foundation 
plate are shown in Figure 5 and 6. 

Figure 4. The view of the measuring position for the 
investigation at ground level 

Figure 5. The view of the measuring position against 
the foundation cut 

Figure 6. The view of the measuring position for the 
investigation at the bottom of the foundation plate 

The selected results of investigation carried 
out in the area of the analyzed building founda-
tion by seismic surface methods are presented 
below in Figure 7. The obtained results confirm 
order of magnitude of parameters, which were 
estimated by using thethe „back analysis”. 
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Figure 7. The results of the investigation carried out the seismic surface wave methods in the area of the anlyzed 
structure’s foundation 
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according to investor’s representative wishes,  
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7. CONCLUSIONS

 Credibility of numerical computing results 
depends on the precision of the geological 
reconnoiter and correctness of determined 
material parameters. 

 In most cases the material parameters are 
determined by simplified methods, which have 
been worked out especially for soils occurred in 
small depth, so in effect the values are lower. A 
consequence of that fact is showed in  
standardized method of estimating flat founda-
tion settlements. 

 The parameters are very often determined by 
simplified methods – especially on the initial 
stage of designing or on the areas, on which 
constructions are going to be knocked down, 
where the direct tests with presiometer or SCPT 
sounder are not possible to be performed. 

 The parameters determined on the basis of the 
„back analysis” might be even a few times 
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higher in relation to the parameters’ values 
established on the basis of  the standard tests. 

 The results of computing ought to be verified 
on the basis of measured values of displace-
ments at the practical problems with building 
foundation.

 The „back analysis”, which is done on the 
basis of the existing monitoring displacements, 
allows to verify the soils parameters adapted to 
the computing. 

 The modified values of material parameters 
allow to verify the numerical simulation results. 

 Additionally, the recent measuring methods 
should be applied to verify the material parame-
ters e.g. microseismic or others geophysical 
methods.

 The „back analysis” and the test conducted 
during the structure execution allow to effec-
tively verify the numerical models applied to 
the computing. 

 The foundation cooperates with the subsoil on 
quite considerably depth (most often the depth 
quite considerably exceed the depth of geologi-
cal reconnoiter). Experiences show that the 
layers occurring lower are characterized by 
higher parameters values (first of all the stiff-
ness), mainly, as a result of more consolidation 
influence.

 The execution of deep foundation is a com-
plicated process and demands a cooperation of 
specialist from many building engineering field.

 It would be beneficial to create the data bank 
of the performed projects including the material 
parameters from geological documentation and 
parameters, which would be verified by the 
„back analysis” on the basis of monitoring 
results.
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1. INTRODUCTION

Field tests are uncommon in fiber-reinforced 
soil researches. Consoli et al. (2003) were the 
first researchers to demonstrate that the poly-
propylene fibers mixture on a compacted 
residual sandy soil can increase the bearing 
capacity response to be used as a base of shal-
low foundations, when compared with non-
reinforced soil. Past research has demonstrated 
that inclusion of fibers significantly improves 
the engineering response of soils. Gray & Al 
Refeai (1986) studied the mechanics of fiber-
reinforcement in cohesionless soils and showed 
that inclusion of fibers increased peak shear 
strength and ductility of soils under static loads. 
A number of factors such as fiber content, 
orientation of fibers with respect to the shear 
surface, and the elastic modulus of the fiber 
were each found to influence the contribution of 
fibers to the shear strength. Later work (e.g. 
Maher & Gray 1990; Maher & Ho 1993; Morel 
& Gourc 1997; Consoli et al. 1998, 1999, 2002, 
2004, 2005, 2007a, 2007b; Zornberg 2002; 
Vendruscolo 2003; Michalowski & Cermák 
2003; Heineck et al. 2005; Casagrande 2005 
and Casagrande et al. 2006) has improved 
understanding of the mechanisms involved and 
the parameters affecting the behavior of fiber 
reinforced soils under static loading conditions. 

The present work is aimed at a fundamental 
understanding of the behavior of a plate bearing 
test on a compacted uniform sand-
polypropylene fiber stratum, when compared to 
a non-reinforced layer, including an investiga-
tion of the performance at large displacements 
and the determination of the vertical displace-
ment level where the reinforcement will present 
influence in strength and deformability charac-
teristics for the new material, which can be used 
as cover liners and embankments on soft soils. 
The results presented are part of a comprehen-
sive testing program being run at the Federal 
University of Rio Grande do Sul (UFRGS), in 
southern Brazil. 

2. EXPERIMENTAL PROGRAM 

2.1. Materials

The Osorio Sand was sampled from the region 
of Osorio near Porto Alegre, Rio Grande do Sul, 
Brazil. The soil is classified as non-plastic 
uniform fine sand (SP) and the specific gravity 
of the solids is 2.63. Mineralogical analysis 
showed that sand particles are predominantly 
quartz. The grain size is entirely fine sand with 
an effective diameter of 0.16 mm, and uniform-
ity and curvature coefficients of 1.9 and 1.2, 

ABSTRACT: Present research intends to study the behavior of a plate bearing test on a compacted uniform sand-
polypropylene fiber stratum, when compared to a non-reinforced sand layer, including an investigation of the 
performance at large displacements. The soil layers were compacted at 50% of relative density, with random 
inclusion of 24 mm long and 0.5% in weight fibers. The analysis of the results indicates that the soil load-
settlement behavior is significantly influenced by the fiber inclusion, occasioning a drastic change in load-
settlement behavior, increasing bearing capacities and changing the soil failure mechanisms, conferring for the 
new material an increasing in strength and stiffness characteristics, when compared with non-reinforced sand. 

Behavior of plate load tests bearing on fiber-reinforced sand

N. C. Consoli 
Federal University of Rio Grande do Sul, Brazil 

M. D. T. Casagrande 
Catholic University of Rio de Janeiro, Brazil 
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respectively. The minimum and maximum void 
ratios are 0.6 and 0.9, respectively. 

2.2. Plate Load Tests 

The plate load tests were carried out in real 
scale, on the top of a non-reinforced and fiber-
reinforced sandy soil. The fiber content was 
calculated in relation of 0.5% of the dry soil 
weight. The material was prepared by mixing, 
in a drum rotating mixer, respectively, dry soil, 
fibers and water. Both layers were 1.2 m thick 
(4 times the plate diameter) and were built in 
twelve consecutive lifts, each of 0.1 m each, by 
using a steel roller, compacted with 10% of 
water content, in 50% of relative density, inside 
of a square wood box with dimensions of 2.80 
m of edge and 1.40 m high. The tests were 
conducted using a reaction system and load 
application with 250 kN of capacity and 0.30 m 
diameter smooth circular rigid steel plates that 
were 25.4 mm in thickness. The displacements 
in the top of the plate were measured using 
three horizontal displacements disposed 120° 
each one over the plate. Another horizontal 
displacement was positioned 50 mm out of the 
plate, to verify the external displacements 
caused by the loading. The results were col-
lected by a date acquisition connected to the 
load cell and horizontal displacements. Pressure 
cells were connected inside the box and were 
found no tensions in the box wall during the 
tests.

The load was applied through a system 
comprising a hydraulic jack, a reaction beam, 
and a load platform, and measured using a 
calibrated load cell. Four dial gages with divi-
sions of 0.01 mm and 50 mm travel were used 
for settlement measurement. The gages were 
fixed to a reference beam and supported on 
external rods. The test procedure followed the 
American Society for Testing and Materials 
standard ASTM D 1194-94 (1998). When the 
gauges reached their limit, they were reset at the 
end of a loading stage, allowing settlement 
measurements greater than 50 mm. 

3. RESULTS AND ANALYSIS 

Figure 1 illustrates the load-settlement behavior 
of plate load tests bearing on sand and fiber-

reinforced sand, both in a relative density of 
50%. The results present readings of displace-
ments on the top of the plate, as well as on the 
surface of the tested fiber-reinforced and non-
reinforced sand (50 mm from the border of the 
plate). Looking at the load-vertical displace-
ments on the top of the plate curves, for both 
fiber-reinforced and non-reinforced sand results 
shown in Figure 1, it can be observed that the 
fibers start acting after the occurrence of some 
displacements, after which the fiber-reinforced 
curve detaches from the non-reinforced one. 
The fiber-reinforced sand curve has a linear 
increase of load with increasing displacements 
up to the end of testing, at about 250 mm. 

Measurement of displacements on the sur-
face of the sand, 50 mm from the border of the 
plate, have shown (Figure 1) that for the non-
reinforced sand, upheaval occurs in the region, 
at the time the plate is punching through the 
loose sand. In the case of the fiber-reinforced 
sand, as the plate is moving downwards, the 
material positioned at the side of the plate 
moves in the same direction of the load applied.  
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Figure 1. Load-settlement behavior observed for non 
reinforced sand and fiber-reinforced sand. 

Figures 2 (a) and 2 (b) show, respectively 
for non-reinforced and fiber-reinforced sand, 
pictures that illustrate distinct failure mecha-
nisms of the plate load tests. In Figure 2 (a), it 
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can be observed that the plate had a vertical 
penetration in the sand, named punching failure, 
as suggested by Vésic (1975), of normal occur-
rence in loose sands. It can be observed in 
Figure 2 (b) that, for the plate load tests carried 
out in fiber-reinforced sand under the same 
density conditions as the non-reinforced test, 
there is no occurrence of any punching. In fact, 
Figure 2 (b) shows that the surface of the fiber-
reinforced sand situated out of the plate shows a 
descendant movement, following the direction 
of the displacements of the plate, showing no 
signs of discontinuities. 

(a)

            (b) 
Figure 2. Failure mechanisms obtained for (a) non 
reinforced sand, and (b) fiber-reinforced sand. 

Figures 3 (a) and 3 (b) illustrate the probable 
displacement region (for maximum loads tested) 

for non-reinforced and fiber-reinforced sand, 
respectively. It can be verified that the fiber 
inclusion in sand occasioned a radical change in 
failure mechanisms observed. This behavior is 
attributed of a fiber interaction, between the 
material around and below the plate, avoiding 
failure observed for soft non-reinforced sands. 
The fiber-reinforced sand failure mechanism in 
loose conditions is considered descendent in all 
of the plate area, without present any disconti-
nuities. Another fact observed that confirm the 
fiber-reinforced sand mobilization out of the 
plate is that the radial fissures that occurred in 
non-reinforced sand did not show up for the 
fiber-reinforced case. 

   (a) 
          (a) 

  (b) 

Figure 3. Failure mechanisms observed for com-
pacted materials: (a) non reinforced sand, and (b) 
fiber-reinforced sand. 
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4. CONCLUDING REMARKS 

The following observations and conclusions are 
made regarding for the behavior of plate tests 
bearing on polypropylene fiber-reinforced and 
non-reinforced sandy soil: 

• The fiber inclusion caused a drastic change 
in load-settlement behavior, mainly at large 
displacements, conferring to the new mate-
rial special characteristics, such as increas-
ing linearly strength, changing completely 
when compared with non-reinforced sand;

• The fiber inclusion changed the failure 
mechanisms observed for non-reinforced 
sand, which can be classified as punching
failure (Vésic 1975). The interaction be-
tween fiber-reinforced sand and the fibers, 
which occur for all reinforced stratum, do 
not allow the occurrence of the punching 
failure and causes the descendant movement 
in all region around the plate; 

• The improvement of soil behavior due to 
fiber introduction suggests the potential ap-
plication of fiber-reinforcement for landfill 
final covers, embankments over soft soils 
and other earthworks that may suffer exces-
sive deformation. 
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1. INDRODUCTION 

Reclamation of coastal lowlands underlain very 
soft and highly compressible soils requires 
rising the ground to a level and makes it safe 
from the effects of tides and inundation. Engi-
neered granular fills containing single or multi 
layers of geosynthetic reinforcement are placed 
on the soft soil in many practical situations in 
the field to improve such soil conditions. Based 
on lumped parameter modeling approach many 
researchers have studied the load-settlement 
behavior of such reinforced foundation beds for 
single layer reinforced system (Madhav and 
Poorooshasb, 1988; Ghosh and Madhav, 1994; 
Shukla and Chandra, 1995; Yin, 1997; 
Maheshwari et al., 2004). In recent years, few 
models have been developed for multi layer 
reinforced system (Deb et al., 2005a, b, c; Deb 
et al. 2006a, b; Deb et al., 2007a, b). However, 
in the available models for multi layer rein-
forcements, the effect of shear modulus of 
granular bed has not been studied. In this paper, 
a study has been done on the effect of shear 
modulus of granular bed on settlement response 
of multi layer geosynthetic-reinforced granular 
fill-soft soil system. The effect of the shear 
modulus on the mobilized tension in reinforce-
ment layers has also been studied.

2. STATEMENT OF THE PROBLEM 

Figure 1 shows a multi layer geosynthetic-
reinforced granular bed on soft foundation soil. 
The proposed foundation model has been shown 
in Figure 2. In this model, the granular bed and 
the soft soil have been idealized by the Paster-
nak shear layer and a layer of Winkler springs, 
respectively. The behavior of the granular fill 
and the soft soil is considered as linear. Rough 
elastic membranes represent the geosynthetic 
reinforcement layers. Three geosynthetic layers 
are considered in the model and they divide the 
shear layer into four equal parts. However, the 
present model can be applied for unequal 
spacing between the geosynthetics layers also 
(Deb et al. 2005a). The shear modulus of 
granular fill is taken as constant throughout the 
study. It is assumed that the geosynthetic 
reinforcement layers are rough enough to 
prevent slippage at the interface with soil. Plane 
strain conditions are considered for the loading 
and the reinforced foundation soil system.

A footing load of intensity q is applied over 
a width of 2B on the multi layer geosynthetic-
reinforced granular fill of width 2L over soft 
soil as shown in Figure 2. 

Using non-dimensional parameters as: 
X=x/B; W=w/B; G*=GH/ksB2; Tj*=Tj/ksB2; and 
q*=q/ksB, the governing equations for the 

ABSTRACT: Use of geosynthetic-reinforced granular bed over soft soil increases the bearing capacity of soft 
soil and decreases the settlement of the foundation constructed on soft soil. The paper presents a study of the 
effect of shear modulus of granular bed on settlement response of multi-layered geosynthetic reinforced granular
bed resting over soft soil. An iterative finite difference scheme is applied for obtaining the solution and results 
are presented in non-dimensional form. It has been observed that in case of granular bed with high shear modulus
or more thickness, use of multiple geosynthetic layers is not so effective to reduce the maximum settlement. 

Effect of Shear Modulus of Granular Bed on Settlement Response
of Multi Layer Geosynthetic-Reinforced Soil

Kousik Deb 
I.I.T Roorkee, India 

S. Chandra & P. K. Basudhar 
I.I.T Kanpur, India
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normal stresses and the mobilized tension for 
elements of the geosynthetic reinforcement 
layers are obtained as follows (Deb et al.,
2005a, b, c; Deb et al. 2006b; Deb et al.,
2007b):
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For the bottom reinforcement layer: 
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where H and G are the thickness and the shear 
modulus of the granular layers; q is the average 
normal stress acting on the top of the element of 
shear layer 1; qs is the average normal stress 
acting on the bottom of the bottom shear layer 
element 4; w is the vertical displacement; T1, T2
and T3 are the tension mobilized in the top, 
middle and bottom geosynthetic layer, respec-
tively; μ is the interface friction at the top and 
bottom of the geosynthetic layers; θ  is the slope 
of the membrane and tanθ = -dw/dx; and K0 is
the coefficient of lateral earth pressure at rest 
and is assumed to be equal to 1− sinφ (Brooker 
and Ireland, 1965), where φ is the angle of 
shearing resistance. 

Figure 1. Geosynthetic-reinforced granular bed on 
soft soil 

Figure 2. Proposed foundation model 

The stress-displacement response of the soft 
soil deposit can be represented as: qs = ksw,
where ks is the modulus of the subgrade reaction 
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(spring constant) for the Winkler spring layer as 
shown in Figure 2. 

3. METHOD OF SOLUTION 

3.1 Finite difference formulation 

Finite difference method has been employed to 
solve the differential equations [Equations (1)-
(4)]. In these equations, the derivative d2W/dX2

has been expressed by central difference 
scheme while dTj

*/dX have been expressed by 
forward difference scheme. The total length L/B
may be divided into n number of parts of the 
same length with (n+1) number of node points 
(i = 1, 2, 3, 4………., n).

3.2 Boundary conditions and loading  

Due to symmetry of the system only half 
portion is taken into consideration. At X = 0, 
due to symmetry, the slope, dW/dX, will be zero 
and at X = L/B, the geosynthetic layers are free, 
so that the mobilized tension in different geo-
synthetic layers, i.e. Tj

*= 0. The shear stress 
acting on the shear layer at the edge (at X = L/B)
will also be zero since there is no confinement, 
i.e. dW/dX = 0. The loading conditions that are 
considered are given as: qi

*(X) =q* for |X| 1.0
and qi

*(X) =0 for |X|>1.0.

4. RESULTS AND DISCUSSIONS 

A computer program based on the formulation 
has been developed and solutions are obtained 
using an iterative technique with a tolerance 
value of 10-4. The typical values used for this 
study are: φ = 36°; K0 = 0.41; μ = 0.5; q* = 0.8; 
and L/B = 2.0.

Figure 3 shows the effect of shear modulus 
of granular bed on settlement response. It has 
been observed that as the G* value increases 
settlement decreases. The settlement reduction 
rate also decreases as G* increases. For unrein-
forced case as the G* value increases from 0.05 
to 0.5, the maximum settlement is decreased by 
34%. For G* = 0.05, the settlement is reduced 
by 17.6%, 26%, 32% as the number of 
reinforcement layers increases from zero to one, 
two, three, respectively. However, for G* equal
to 0.5 the reductions are 4%, 7.5%, 10%, 

respectively. This is due to the fact that as the 
shear modulus of granular bed increases settle-
ment of the soil decreases and the effectiveness 
of geosynthetic layers also decreases. It has 
been further observed that as the number of 
reinforcement layers increases settlement 
reduction rate decreases. Thus, for granular bed 
with higher shear modulus value use of multiple 
reinforcement layers is not effective. From the 
Figure 3 it is also noted that differential settle-
ment decreases as the shear modulus value 
increases.
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Figure 3. Effect of shear modulus of granular bed on 
settlement response (a) G* = 0.05 (b) G* = 0.5 

The non-dimensional shear modulus (G*)
value is proportional to shear modulus as well 
as the thickness of the granular bed. Thus, as the 
shear modulus or thickness of the granular bed 
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increases (keeping other parameters constant) 
G0

* value also increases and maximum 
settlement decreases. Thus, use of multiple 
geosynthetic layers is also not effective when 
thickness of the granular bed is more. 
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Figure 4. Effect of shear modulus of granular bed on 
mobilized tension in the reinforcement layers (a) G*

= 0.05 (b) G* = 0.5 

Figure 4 shows the effect of shear modulus 
of granular bed on mobilized tension in the 
geosynthetic layers (for three layers system). It 
has been observed that as the G* value increases 
difference between the mobilized tension in 
reinforcement layers decreases. It has been 
further observed that slightly higher mobilized 
tension is induced in the reinforcement layers as 
G* value increases.

5. CONCLUSIONS 

Multi layer geosynthetic reinforced system is 
not so effective to reduce the maximum settle-
ment when granular bed has high shear modulus 
or more thickness as settlement of the soil 
decreases with the increase of G* value which 
reduces the effectiveness of using multiple 
geosynthetic layers. For granular bed with high 
G* value, the rate of maximum settlement 
reduction decreases as the number of rein-
forcement layers increases. The differential 
settlement also decreases as the G* value in-
creases. It has been further observed that mobi-
lized tension in different reinforcement layers 
increase as the G* value increases.
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1.  INTRODUCTION 

Analysis of laterally loaded pile is a complex 
soil structure interaction problem. Cyclic lateral 
loading, which is encountered in offshore 
environment, introduces additional complexity 
to this problem. Information available on the 
effects of cyclic lateral loading on a pile indi-
cates that, it causes a remarkable reduction in 
load capacity and stiffness of soil-pile system. 
The approach most commonly adopted for the 
analysis of laterally loaded piles is using p-y 
curves, which is based on Winkler’s hypothesis. 

Here, the effect of lateral cyclic loading on 
the behavior of a long, flexible, unrestrained 
vertical pile in stiff clay is analyzed. The analy-
sis is carried out using the p-y curves developed 
by Reese (1975) for both static and cyclic 
loading conditions. An iterative scheme is 
employed with secant modulus approach using 
a matrix method known as moment area method 
developed by Sawant and Dewaikar (1994). The 
allowable lateral deflection of pile top is taken 
as 20 mm and load values corresponding to this 
deflection level are computed for both static and 
cyclic conditions. The computations are carried 
out for various load eccentricities, embedment 
lengths, pile diameters and un-drained cohesion 
values.

2. METHOD OF ANALYSIS 

2.1. Estimation of ultimate lateral load 

An unrestrained vertical pile with embedded 
length Lf, subjected to a lateral load H, is shown 
in Fig.1. From the analysis, pile top deflections 
are obtained for various cyclic loads applied at 
an eccentricity, e from the ground surface. 
Computations are carried out for various load 
eccentricities and pile diameters. A graph is 
plotted on log – log scale for applied cyclic load 
versus pile top deflection and two straight lines 
of different slopes passing through most of the 
points are identified. The intersection of these 
two lines gives the lateral load capacity, Pu
(Indian Standard Code of Practice in Soil 
Engineering, Method of Load Test on Soils – 
IS 1888: 1988 

2.2. p-y curves

Reese et al. (1975) performed lateral load 
tests on steel pipe piles 610 mm in outside 
diameter and 15.2 m in length driven into stiff 
clay at a site near Manor, Texas. Experimental 
and analytical procedures were followed that 
were similar to employed by Matlock (1970) 
and a new procedure was recommended for 
constructing p-y curves for stiff clay under short 
term static and cyclic loading. 

ABSTRACT: In this paper, the ultimate lateral resistance of a long flexible unrestrained pile in stiff clay is 
computed under cyclic loading conditions using p-y curves. An iterative analysis is employed with secant 
modulus approach using a matrix method known as moment area method developed by Sawant and Dewaikar
(1994). The load-ground line displacement relationship is obtained for different load eccentricities, and pile 
diameters.  Ultimate lateral load is computed from the log-log plot of ground line displacement and applied load 
and the effect of diameter and load eccentricity on the ultimate lateral resistance is investigated. 

Ultimate lateral load of a pile in stiff clay under cyclic loading

D.M. Dewaikar, R.S. Salimath 
Department of Civil Engineering, Indian Institute of Technology Bombay 
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Fig 1: Laterally loaded pile of diameter D 

The characteristic shapes of the p-y curves 
for static and cyclic loading conditions are 
shown in Figs.2 and 3. 

Fig 2:  p-y curve for static loading in stiff clay 

Material properties 

Soil – stiff clay 
• un-drained shear strength, cu varying 

from 80 to 145 kN/m2

• saturated unit weight γ = 20.0 kN/m3

• ε50 = 0.007 to 0.005 (strain correspond-
ing to 50% of failure stress in an un-
consolidated un-drained tri-axial test). 

Pile
• Young’s modulus, E= 3.0 ×107 kN/m2

Fig 3: p-y curve for cyclic loading in stiff clay 

Where,
p = soil resistance (kN/m) 
pu = ultimate soil resistance (kN/m) 
y = deflection (m) 
y50 = deflection at one half the ultimate soil resis-
tance (m) 

50 = strain corresponding to 0.5( 1- 3)f, where ( 1-
3)f is the failure stress difference in the tri-axial test 

Es = soil modulus 
Ks and Kc values are obtained from tables (Reese 
1975)
As and Ac are constants which are obtained from the 
readymade graphs (Reese 1975). 
The detailed procedure to construct p-y curves in 
well documented and therefore not described here. 

3. RESULTS AND DISCUSSIONS 

The computations are performed with pile 
diameters ranging from 0.25 m to 1.75 m and 
embedded lengths from 4.5m to 7.5m. Each pile 
of a specified diameter is further analysed for 
various load eccentricity values. 

3.1. Effect of load eccentricity 

From Table 1 it is seen that, in respect to a 
long pile of 0.25m diameter, with a decrease in 
eccentricity ratio from 8.8 to 0.0, the ratio, 
Hs/Hc decreases from 1.84 to 1.67. 

For a short pile of 1.45m diameter, with de-
crease in eccentricity ratio from 3.79 to 0.0, the 
ratio, Hs/Hc  decreases from 1.63 to 1.42. 
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The computations thus show that, both short 
and long pile exhibit similar behavior under 
cyclic loading with variation in load eccentricity 
and cyclic loading brings about a reduction in 
the lateral pile capacity. 

3.2. Effect of diameter

The results are tabulated in Table. It is seen 
that, with pile diameter increasing from 0.25m 
to 2.0m, the ratio, Hs/Hc increases from 1.60 to 
1.76. This means that, with increasing diameter, 
the effects of cyclic loading tend to become 
more significant. 

4. CONCLUSIONS

On the basis of this study, the following 
conclusions are drawn. 

Cyclic loading brings about a reduction in 
the lateral pile capacity.

Both short and long piles exhibit similar be-
havior under cyclic loading with variation in 
load eccentricity. 

With increasing diameter, the effects of cy-
clic loading tend to become more significant. 

Table 1: Effect of eccentricity ratio (e/D) on Hs/Hc ratio 

Sl.No D (m) Lf (m) e (m) e/D Cu
(kN/m2) Hc (kN) Hs(kN) Hs/Hc 

1 0.25  2.2 8.8  70.5 129.5 1.836879 

2 0.25 4.5 1.8 7.2 80 75.5 132 1.748344 

3 0.25  0.6 2.4  77.2 144 1.865285 

4 0.25  0 0  80.75 135 1.671827 

5 0.5  2.75 5.5  161.6 292.5 1.810025 

6 0.5 5.6 2.33 4.66 100 160.95 288.5 1.792482 

7 0.5  0.667 1.334  161.5 307.178 1.902031 

8 0.5  0 0  160.3 300.5 1.87461 

9 0.6  3.3 5.5  192.5 290 1.506494 

10 0.6 5.6 2.8 4.666667 100 189 288.5 1.526455 

11 0.6  0.8 1.333333  190.2 290.3 1.526288 

12 0.6  0 0  197.5 311 1.574684 

13 0.86  3.45 4.011628  230 360.5 1.567391 

14 0.86 5.4 2.9 3.372093 115 219 372 1.69863 

15 0.86  1.4 1.627907  230 385 1.673913 

16 0.86  0 0  240 365 1.520833 

17 1.2  4.5 3.75  315 513 1.628571 

18 1.2 6.2 2.5 2.083333 135 390 670 1.717949 

19 1.2  1.16 0.966667  275 425 1.545455 

20 1.2  0 0  353 495 1.402266 

21 1.45  5.5 3.793103  380.5 621 1.632063 

22 1.45 7.4 3.2 2.206897 145 490 745 1.520408 

23 1.45  2.3 1.586207  538 762 1.416357 

24 1.45  0 0  485 690 1.42268 

25 1.75  6.638 3.793143  562 910 1.619217 

26 1.75 7.4 3.862 2.206857 145 565 884 1.564602 

27 1.75  2.775 1.585714  498 845 1.696787 

28 1.75  0 0  427 768 1.798595 
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Table 2: Effect of diameter, D on Hs/Hc ratio 
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0.6 4.5 17.5 490 304.5 1.609195

0.85 4.5 12.35294 601.5 373.5 1.610442

1.1 4.5 9.545455 584 357.5 1.633566

1.5 4.5 7 602.5 348 1.731322
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2 4.5 5.25 680 385 1.766234

2.5 4.5 4.2 892 507.5 1.757635

2.75 4.5 3.818182 902 497.5 1.813065
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1. INTRODUCTION

One of the widely studied areas in the field of 
soil-structure interaction is to model the behav-
ior of beams resting on elastic foundations using 
the Winkler’s assumption. With appropriate 
choice of the model parameters, this model is 
quite efficient and correct in analyzing and 
predicting the behavior of long beams resting on 
such foundations. Several researchers proposed 
different improvements on the model to remove 
its inherent deficiencies (Filolenko-Borodich, 
1940; Hetenyi, 1946, 1950; Pasternak, 1954; 
Kerr, 1964; Rhines, 1969). However, the 
concept of constant modulus of subgrade 
reaction along the length of the footing still 
persists as it was in the original model. How-
ever, this assumption is not very realistic. It is 
well established that elastic modulus of soil is a 
function of confining pressure (Makhlouf and 
Stewart, 1965). Depending on the loading 
condition, the confining pressure varies along 
the length of the footing; thus, the elastic 
modulus is also likely to vary. Modulus of 
subgrade reaction being a function of elastic 
modulus (Biot, 1937; Vesic, 1961), it is justifed 
to assume that modulus of subgrade reaction 
should also vary along the length of the footing 
even for homogeneous soils. This paper aims to 
present a study on the determination of such 

variation of modulus of subgrade reaction 
beneath a beam resting on an elastic foundation, 
subjected to different loading conditions. 

2. VARIATION OF SUBGRADE MODULUS 

From plate load tests, the modulus of subgrade 
reaction is observed to be a function of shape 
and size of the plate, depth of embedment and 
type of soil (Terzaghi, 1955). Soil-structure 
interaction problems based on Winkler’s model 
or its extension make use of the modulus of 
subgrade reaction in the analysis. Several 
researchers [Biot (1937), Galin (1943), Vesic 
(1961), Barden (1962, 1963), Vesic and John-
son (1963), Vlasov and Leontiev (1966), 
Fletcher and Hermann (1971), and Horvath 
(1983)] have correlated the modulus of sub-
grade reaction (k) with the fundamental soil 
properties (elastic modulus and Poisson’s ratio). 
Elastic modulus for cohesionless soils is a 
function of confining pressure and not of the 
maximum principal stress (Makhlouf and 
Stewart, 1965). Janbu (1963) proposed the 
following relationship between the elastic 
modulus of soil and the effective confining 
stress:

( )1 n'
a h aE = m p

−
σ σ ,  (1) 

ABSTRACT: This paper presents an investigation on the distribution of the modulus of subgrade reaction 
beneath a footing resting on a granular stratum idealizing the footing as a beam resting on a Winkler medium. 
This study is based on the idea that the variation of modulus of subgrade reaction is a function of the variation in 
contact and confining pressures along the horizontal extent of the beam. The solution of the resulting governing 
differential equations has been obtained by using Finite Difference Method, iteratively. The study reconfirms the 
well established fact, that the distribution of contact pressure and modulus of subgrade reaction is significantly 
affected by the loading pattern apart from other factors. The study truly reflects that the modulus of subgrade 
reaction is non-uniform along the length of the footing. 

Distribution of Modulus of Subgrade Reaction beneath Beams on
Elastic Foundation 
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where E – elastic modulus of soil, h' – effective 
confining stress, m – modulus number, pa – 
atmospheric pressure, and n – a dimensionless 
number. The parameter n has a magnitude of 
0.5 for medium dense sands. For sands and silty 
sands, the magnitude of m varies from 50 to 
500.

In this study, the above relationship is used 
to determine the variation of elastic modulus of 
soil along the length of the footing as a function 
of confining pressure.

3. PROBLEM DEFINITION 

Figure 1(a) shows a surface footing resting on a 
granular stratum. The footing is idealized as a 
beam with a flexural rigidity EbIb. The length of 
the footing is 2lf. Figure 1(b) depicts the sche-
matic diagram of the physical modeling of the 
problem. The granular stratum is idealized as a 
Winkler medium with varying modulus of 
subgrade reaction. Three cases of load distribu-
tion on the footing have been considered for the 
present study as shown in Figure 1(c). p(x) is 
the distribution for contact pressure beneath the 
footing; where, x is the distance from the mid-
span of the beam. 

Figure 1(a). Definition sketch of the problem 

Figure 1(b). Schematic diagram of the problem 

Figure 1(c). Cases of load distribution on footing 
beam considered in the study 

4. ANALYSIS

4.1. Governing Differential Equation 

The governing differential equation for the 
flexural response of the footing beam is ex-
pressed as: 

4

b b f4

d yE I p(x) 0 x l
dx

= − ∀ ≤ ≤ ,  (2) 

where y – deflection of the footing beam. 

4.2. Non-dimensional form of the Governing 
Differential Equation 

4 '
'f

n n4
n

d y p(x)l p (x ) 0 x 1
dx Q

= − = − ∀ ≤ ≤ ,  (3) 

Where y' – non-dimensional deflection of 
footing beam, xn – non-dimensional distance 
from mid-span of footing beam, p' – non-
dimensional contact pressure beneath the 
footing beam, and Q – total load acting on the 
footing beam. 

4.3. Boundary Conditions 

The boundary conditions for the footing beam 
under different loading conditions [Figure 1(c)] 
are described as follows: 
Case 1 loading condition: 

n

3

3
n n x 0

1dy ' d y '0 anddx dx 2 =

= = ,  (4a) 

n

2 3

2 3
n n x 1

d y ' d y '0 and 0dx dx
=

= = ,  (4b) 

Case 2 loading condition: 

n

3

3
n n x 0

dy ' d y '0 and 0dx dx
=

= = ,  (5a) 

n

2 3

2 3
n n x 1

d y ' d y '0 and 1dx dx
=

= = ,  (5b) 

Case 3 loading condition: 

n

3

3
n n x 0

dy ' d y '0 and 0dx dx
=

= = ,  (6a) 
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n

2 3
'

2 3
n nf x 1

Md y ' d y 'M and 1dx dxPl
=

= = = ,  (6b) 

where M and M' is the moment in its dimen-
sional and non-dimensional form acting at the 
edge of the footing for Case 3 loading respec-
tively, P is the concentrated force acting on the 
footing beam for Case 3 loading. 

5. METHOD OF SOLUTION 

The differential equation governing the flexural 
response of the footing beam is expressed in a 
finite difference form using Central difference 
scheme to convert the differential equations into 
difference equations. Due to symmetry of 
loading and geometry, only half of the footing 
beam is analyzed. The finite difference form of 
the governing equation for flexural response of 
footing beam is expressed as follows: 

' ' ' ' ' '
i 2 i 1 i i 1 i 2 n

n

y 4y 6y 4y y p (x )
0 x 1

− − + +− + − + = −
≤ ≤

,  (7) 

Equation (7) is applied at each node of the 
footing incorporating appropriate boundary 
conditions. The set of equations so obtained, is 
solved by using Gauss-Seidel Iteration scheme 
to obtain the deflection and contact pressure 
profile along the length of the footing. 

6. RESULTS AND DISCUSSION 

In order to start the iterative process to obtain 
the final solution, initial guesses for non-
dimensional contact pressures [ v'(xn)] are 
considered as depicted in Figure 2. Based on the 
available literature the shape of initial distribu-
tion of contact pressure curves has been consid-
ered representing them by fitting appropriate 
polynomials. The following expression for the 
coefficient of lateral earth pressure at rest, as 
suggested by Jaky (1944) has been used for 
computational purpose: 

'
0K 1 sin= − φ ,  (8) 

where ' – effective angle of internal friction 
for granular medium.

The confining pressure along the length of 
the beam is computed using the following 
expression:

' '
h n 0 v n(x ) K (x )σ = σ ,  (9) 

Thereafter, the distribution of elastic mod-
ulus along the length of the beam is found by 
using Equation (1) in conjunction with Vesic’s 
correlation to obtain the distribution of modulus 
of subgrade reaction as given below: 

0.834
n n

n 2
b b s

E(x )b E(x )0.90k(x )
C( 1.10) E I 1

=
= − ν

,  (10) 

where k – modulus of subgrade reaction of 
granular medium, b – width of the beam and, 

s – Poisson’s ratio of granular medium. 
The above distribution of modulus of sub-

grade reaction has been utilized to solve the 
difference equation [Equation (7)] and deter-
mine the contact pressure beneath the footing. 
The currently obtained contact pressure distri-
bution is then compared with the same obtained 
in the previous iteration, and the root mean 
square (RMS) difference of the distributions 
was calculated. If the RMS value is found to be 
greater than the tolerance value (10-5 for the 
present study), the entire procedure is repeated 
based on the current distribution of contact 
pressure. Thus, in the procedure developed here 
in, the distribution of modulus of subgrade 
reaction and contact pressure along the footing 
are both part of the solution process contrary to 
the conventional approach of assuming the 
modulus of subgrade variation and finding the 
contact pressure.

The above procedure is repeated for the var-
ious loading conditions as shown in Figure 1(c). 
From the results depicted in Figures 3a – 3c, it 
can be seen that regardless of the choice of the 
initial contact pressure distribution, the final 
distribution is unique for each loading condi-
tion.
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The distributions of non-dimensional mod-
ulus of subgrade reaction beneath the beam, as 
obtained from the final contact pressure distri-
bution are depicted in Figure 4 for different 
loading conditions. It is observed from the 
figure that the distributions are considerably 
different from each other for different loading 
conditions. Thus, it can be inferred and reiter-
ated that the modulus of subgrade reaction is 
not constant for a soil medium, but depends on 
the type of loading in occurrence. The fitted 
equations for the distribution of non-
dimensional modulus of subgrade reaction 
along the length of the footing are: 
Case 1 Loading: 

3 2
n n n nk(x ) = -0.378x  + 0.225x  - 0.241x  + 0.999 (13a)

Case 2 Loading: 
2

n n nk(x ) = 1.114x  - 0.109x  + 0.003 ,  (13b) 

Case 3 Loading: 
3 2

n n n nk(x ) = 0.078x  -0.16x  +0.07x  + 0.999  (13c) 

7. CONCLUSIONS

This study investigates about the distribution of 
modulus of subgrade reaction for a beam resting 
on elastic foundation subjected to various 
loading conditions that may be generally en-
countered in practice. In the developed proce-
dure, the distribution of modulus of subgrade 
reaction and contact pressure along the footing 
are both part of the solution process contrary to 
the conventional approach of assuming the 
modulus of subgrade variation and finding the 
contact pressure.

The study reflects correctly the fact that 
modulus of subgrade reaction is a function of 
the loading conditions apart from other factors 
even for homogeneous soil bed. This is due to 
the fact that it is a function of the confining 
pressure existing below the footing. 

The study highlights that for a prudent and 
realistic analysis the above aspect should 
always be taken into account 
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Figure 2. Different distributions of contact pressure 
considered in the study 

Figure 3a. Initial and final distributions of contact 
pressure under Case 1 loading 

Figure 3b. Initial and final distributions of contact 
pressure under Case 2 loading 

Figure 3c. Initial and final distributions of contact 
pressure under Case 3 loading 

Figure 4. Distribution of modulus of subgrade 
reaction beneath beam on elastic foundation sub-
jected to various loading condition 
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1. INTRODUCTION

Reinforced soil structures could offer many 
advantages, including speed and relative ease of 
construction, flexibility of the resulting struc-
ture, and economy (Whitcomb and Bell, 1979). 
Besides, like reinforced concrete, the beneficial 
effects of adding materials to soil depend on the 
combination of the tensile strength of the 
reinforcing material and the shear bond with the 
surrounding soil (Lee et al, 1973). 

Reinforced Earth is a composite material, 
combining the compressive and shear strength 
of compacted granular fill with the tensile 
strength of horizontal, inextensible reinforce-
ments (McKittrick, 1978). 

In practical terms, the larger the surcharge 
provided on top of a Reinforced Earth structure, 
the stronger the material becomes. Thus, under-
standing Reinforced Earth's basic mechanics 
and its resulting inherent strength and flexibil-
ity, and with the addition of a facing system, 
this composite material was well suited for use 
as bridge abutments and other heavily loaded 
structures. The combination of facing, rein-
forcement and granular backfill has performed 
successfully, in an ever-increasing number of 
retaining walls including bridge abutments and 
other structures, for over three decades (Ander-
son, 2004). The performance of Reinforced 

Earth structures under major earthquakes has 
been remarkably well in the past in spite of the 
fact that whether specifically designed for 
earthquakes or not. (TAI Internal Report, 1984), 
(RECO-Manography M12, 1994), (Boyd, 
1995), (Mitchell et al, 2000), (Segrestin, 2000), 
(Sankey & Segrestin, 2001), (Martin et al, 
2007).

As an addition to what have been said, it 
must be mentioned that, to be able to have the 
stronger material as the surcharge and the 
seismicity of the area are increased, the amount 
of strips (the used number and length of strips 
used per m2 of wall) will be increased accord-
ingly placed in the reinforced earth structure.

In this study a case study for a bridge abut-
ment located at a seismically active region of 
Turkey is presented. The displacements are 
estimated using numerical techniques and 
software programs FLAC and PLAXIS under 
both static and earthquake loadings. In addition, 
tensile stresses developed at the lowest row of 
galvanized steel strips are estimated providing 
comparison of the results with the values 
estimated using conventional design methods, 
(AASHTO, 2006).

ABSTRACT: Reinforced earth soil structures have been applied to many projects worldwide during last thirty-
five years. Economic feasibility, fast construction and high resistance to earthquakes due to the flexibility of the 
system are the main reasons for the preference of Reinforced Earth instead of the conventional rigid retaining 
structures. This article focuses on the numerical analysis of a bridge abutments and comparison of the displace-
ments under static and earthquake loadings obtained by two different numerical methods are provided. Stresses 
estimated at some specific strips using numerical methods and conventional design procedure are also com-
pared.
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2. BRIDGE ABUTMENT STRUCTURE –
A CASE STUDY 

2.1. Introducton

In the content of the Bozüyük Mekece Highway 
Improvement Project Section 2, DDY-8 Rail-
way Overpass Bridge abutment walls are 
planned to be constructed using Reinforced 
Earth technique. The bridge is located at a very 
seismically active area of Turkey, as shown at 
Figure 1 and 70 kilometers south of North 
Anatolian Fault (NAF) that was ruptured during 
August 17 and November 12, 1999 earthquakes. 
In the discussion that was arranged between the 
Client, Consultant and Reinforced Earth Com-
pany, The Consultant, required the displace-
ments of the abutments to be estimated under 
static and earthquake loadings in order to 
approve the design solution with reinforced 
earth, considering the subject site is located at a 
very seismically active region under the influ-
ence area of North Anatolian Fault System, 
NAF.

Figure 1. DDY-8 Railway Overpass Bridge Abut-
ment Structure location. 

Figure 2. DDY-8 Railway Overpass Bridge Abut-
ment Structure, 2006. 

The classical preliminary designs prepared 
by the Reinforced Earth Company both under 
static and earthquake loadings were not able to 
estimate the displacements in the abutment 
system because the designs were using “Limit 
State” methods, using the stress limits of the 
materials in design but it does not take into 
account the strains formed by the stresses. 
Therefore a method to estimate the displace-
ments is needed. 

In order to answer the request with satisfac-
tory manner, it is decided that a numerical 
analysis of the reinforced abutment system will 
be appropriate since numerical analysis methods 
are capable of calculating the displacements in 
any part of the defined system. This is done by 
the finite difference software FLAC first and 
then the geotechnical finite element program 
PLAXIS. These programs are chosen because of 
their wide usage in geotechnical applications 
and consequently consultant is familiar with the 
procedure. As will be explained, the designed 
reinforced earth abutment with limit state 
method is also checked by the numerical analy-
sis in this case study. 

The soil parameters used in numerical mod-
elling is given in Table 1. The parameters were 
determined according to the values given in 
literature (Kulhawy and Mayne, 1990) based on 
the results of soil investigations. 

Table 1.  The soil parameters used in numerical 
modeling.

Soil Type φ c
(kPa)

E
(MPa) υ 

Occasionally
blocky silty sandy 
gravel

30 - 100 0.3 

Medium stiff, 
occasionally
gravelly, silty 
sand

30 - 80 0.3 

Medium stiff, 
occasionally
blocky rare 
gravelly, silty 
sand

30 - 50 0.3 

Reinforced Earth 
Fill 36 - 60 0.3

5
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Table 2.  The parameters used for the structural 
elements.

Structural
Elements

E
(GPa)

Cross
Sectional
Area (m2)

Moment
of Inertia 
(m4)

Facing
Panels 32.7 0.18 4.86e-4 

Steel
Strips 210 2e-4 - 

In numerical analysis, the initial design ob-
tained from the results of limit state analysis is 
utilized. So instead of making a secondary 
design, a control analysis of the limit state 
design is performed. The parameters used for 
the structural elements are provided in Table 2. 
The height of the abutment is 6.0 m and the 
length of the steel strips are taken as 11.0 m. 

2.2. FLAC analysis results 

Results of the analysis performed can be seen in 
the Figure 3 through Figure 6. In this analysis, 
by taking into account the borehole data given, 
the subsoil is numerically modelled, after that 
the structural elements -the precast panels and 
steel strips- are modelled. Finally the pseudo 
statically calculated equivalent seismic forces 
are applied to the system. 

The resulting displacements as a result of 
these loadings are calculated. In the graphs 
given, the calculated displacements in the x and 
y direction is presented. For the static case the 
maximum displacements occur as, δx=12.5 mm, 
δy= 45.0 mm. These displacements form espe-
cially at the construction stage as elastic defor-
mations. After the equivalent seismic load is 
applied, displacements increase to δx=17.5 mm 
ve δy= 45.0 mm. Therefore, the additional 
displacements that are expected to occur for the 
seismic conditions are, Δδx = 5.0 mm Δδy=
= 0.0 mm. 

Considering the subsoil conditions, the ver-
tical displacements are expected to be 45.0 mm 
as said before the additional equivalent seismic 
loading did not cause a change in these values. 
As a result it is concluded that, the abutment 
wall stays in the acceptable engineering limits, 
even under earthquake loadings. 

Figure 3. FLAC Static Case Lateral Displacement 

Figure 4. FLAC Static Case Vertical Displacement 

Figure 5. FLAC Seismic Case Lateral Displacement 
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Figure 6. FLAC Seismic Case Vertical Displacement 

2.3. PLAXIS Analysis Results 

Like the analysis performed by FLAC, the 
same structural and soil parameters are used 
with the PLAXIS software. For the static case 
the displacements are calculated as, δx=19.0
mm δy= 40.0 mm. In the seismic case the 
displacements are increased to be, δx=35.0 mm 
δy= 52.0mm. Therefore under the pseudo static 
earthquake conditions the additional displace-
ments are Δδx=16.0 mm Δδy= 12.0 mm. In the 
Figure 7 through Figure 10 the PLAXIS analy-
sis results are presented. 

The steel strip applications are approxi-
mately same in both programs and an equivalent 
sheet is idealized in both programs. FLAC 
requires detailed friction properties where as 
PLAXIS requires only EA value of the strip. 
This may lead to an error of checks in pull-out 
resistance. In the calculations this kind of an 
error has not been encountered. 

Figure 7. PLAXIS Static Case Lateral Displacement 

Figure 8. PLAXIS Static Case Vertical Displacement 

Figure 9. PLAXIS Seismic Case Lateral Displace-
ment

Figure 10. PLAXIS Seismic Case Vertical Displace-
ment
2.4. Stresses on Strips 

In Figures 11-12, the calculated stresses for the 
lowermost strips for the 1m width of wall are 
given. FLAC calculates the total force needed to 
carry by strips as 85,0 kN, where as PLAXIS 
calculates the same value as 80.7 kN. It must be 
emphasized that, the calculated number of strips 
per 1m width of the reinforced earth wall by 
limit state design is 2, which means that, with 
the material safety factors applied, the lower-
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most strips has a safe capacity of                        
2 × 47.6 = 95.2 kN which is slightly higher than 
both of these numerically calculated values. 

  FLAC (Version 4.00)        

LEGEND

   21-May-06  15:10
  step    292767
  8.617E+00 <x<  2.064E+01
  6.814E+00 <y<  1.884E+01

Cable Plot
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Structure      Max. Value
# 1 (Cable)     -8.516E+04
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Figure 11. FLAC Stresses on Lowermost Strips 

Figure 12. PLAXIS Stresses on Lowermost Strips 

3. CONCLUSIONS

The main aim of the study is to present nu-
merical analysis to reinforced earth systems and 
estimating the displacements in the abutments 
under static and earthquake loadings. In order to 
achieve this aim two different softwares are 
used namely FLAC and PLAXIS. 

This study serves also for the applicability 
and comparison of these softwares on the 
specific Reinforced Earth abutment case study. 

The estimations of the displacements are 
very close except for x direction under earth-
quakes and they were under the serviceability 
limits.

The results of this analysis clearly showed 
that under a relatively high and concentrated 
load as in bridge abutments and under seismic 
load application reinforced earth abutments are 
performing in the acceptable engineering limits 
in terms of their serviceability as long as they 
are properly designed according to conventional 
limit state procedures. This is in good agree-
ment with the recent performance of such 
structures under earthquake loadings, 
(Segrestin, 2000) (Mitchell et al, 2000), (Martin 
et al, 2007) 
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1. INTRIDUCTION

The foundation of high rise buildings on com-
pressible subground presents a challenge for 
both geotechnical and structural engineers. 
Despite that the cost of the foundation of a high 
rise building is only a small fraction of the total 
cost (less than 10 to 15%), the foundation is one 
of the main design elements, which affects the 
whole behaviour of the building. On the other 
hand, the construction time of the foundation 
and basement floors takes about 30 to 50 % of 
the total construction time. These conditions 
make the foundation of high rise building one of 
the most critical construction items regarding 
the risk assessment analyses and optimization of 
construction schedule. Therefore, investigating 
the subsoil conditions and determining the 
related design parameters play an important role 
to achieve the most effective and economic 
design of complex high rise buildings. The 
foundation design should be based on an en-
hanced geotechnical site investigation including 
laboratory and in-situ tests. A complete plan-
ning of the foundation comparing different 
possibilities should be carried out as a part of 
the feasibility study including the geotechnical, 
hydrological and environmental aspects. En-
hanced numerical analyses applying appropriate 
constitutive laws become more and more 

popular. In the same time, for every-day design 
practice a simple and modest design method is 
highly needed at least in the preliminary design 
stage, to assess the feasibility of different 
foundation types for the specific project condi-
tions.

2. CONVENTIONAL RAFT FOUNDATION 
AND THEIR DESIGN ASPECTS 

The city of Frankfurt in Germany is an ex-
cellent example for the development of im-
proved foundation techniques. Regarding the 
today’s situation, the centre of Frankfurt has to 
be considered concerning the concentration of 
high rise buildings within the core of the city as 
can be seen in figure 1. The view is still chang-
ing. This growth is caused by the need of more 
and more office space. But still in the 1950s 
nobody could imagine that the construction of 
buildings of such height would be possible on 
the subsurface ground conditions of Frankfurt. 

A tertiary clay layer up to about 100 m 
thickness is found below Frankfurt city. It 
would cause settlements of about 30 cm under 
corresponding large loads. But as can be seen 
from Table 1, in the 1970s buildings with height 
of up to 200 m and settlements of the mentioned 
order were already built. This development took 
place in the 1960s when a succession of build-

ABSTRACT: The quick growth of main cities in the last two decades all over the world led to a rapid increase in 
the number and height of high rise buildings even in unfavourable subground conditions. Since the 80's, a new 
foundation technique, the so-called piled rafts, has been developed and used extensively in order to reduce the 
maximum as well as the differential settlements and the associated tilting of the buildings. The analysis of piled 
raft is a very interesting example of the soil-structure interaction that requires the co-operation between the 
geotechnical and structural engineers to reach the most economic foundation system. Different case histories of
conventional raft and piled raft foundations will be discussed. The developed analytical technique will be 
presented and their results are compared. 

Foundation of high rise buildings on compressible subground 

Y. El-Mossallamy 
Department of Civil Engineering, Ain Shams University  Abdo Basha, Cairo, Egypt 
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ings became step by step higher and higher and 
their settlements larger and larger. Moreover it 
was experienced that buildings with settlements 
of 30 cm showed rather no deficiencies. This 
experience is in accordance with the findings of 

Grant et al. 1974 and in contrast to the defini-
tion of maximum settlement as an indication for 
failure by Skempton and Mcdonald 1956. Only 
some adjacent buildings suffered under dam-
ages if no adequate measures were applied. 

Fig. 1: Frankfurt Skyline 

Table 1: Some data of high rise buildings at Frankfurt 

ID Name Slenderness ratio H/B (-) Depth of 
foundation (m) 

Observed
settlement (cm) Observed tilt (-)

1   x) Commerzbank, old 116/42    = 2.8 13 10 - 14 1 : 5700 
2   x) Marriot-Hotel (Plaza) 174/63    = 2.8 14 - 17 15 - 27 -
3   x) City I 154/47    = 3.3 12 27 -
4   x) Eurotower (BFG, old) 175/70    = 2.5 25 12 -
5   x) Dresdner Bank, old 180/49    = 3.7 14 15 - 20 1:1300
6   x) FBC 155/36.5 = 4.2 12 23 - 31 1:500
7   x) DG-Bank 120/38    = 3.1 16 11 -
8   x) Deutsche Bank 170/65    = 2.6 12 16 - 22 1 : 870 
9   x) Citibank 101/37    = 2.7 11 12 - 17 1 : 900 
10 xx) Torhaus 130/24.5 = 5.3 3 8 - 12 1:1250
11 xx) Messeturm 230/59    = 3.9 13 12 1:4000
12 x) Trianon (BFG, new) 205/69    = 3.0 19 10 - 12.5 1:6000
13 xx) Westendstrasse 1 222/47.5 = 4.7 14 11 1:1600
14 xx) Forum (Pollux) 144/35    = 4.1 13 7 1:6000

14 a.xx) Forum (Kastor) 109/36    = 3.0 13 5.5 1:5000
15 xx) Japan - Centre 131/37    = 3.6 16 6 1:9000
16 xxx) Commerzbank, new 230/55    = 4.2 9 2 almost 0 

x) :    Raft foundation        xx) : Piled raft          xxx) : Pile foundation 
H :  Height of building above foundation level             B :  Smallest width of foundation 
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So far this development was a sequence of 
trials, therefore accompanied by more meas-
urements than usual in routine work. The most 
important result of these measurements was 
back calculations of Young's modulus Es for 
Frankfurt clay with depth according to 
measured settlements using multi-points 
extensometer (Amann 1975). It was concluded 
that the Frankfurt clay can be considered as a 
Gibson-soil (Gibson 1974) in case of primary 
loading. The deformation modulus can be 
expressed as Es = 7 + 2.45 z (in MPa and z is 
the depth measured from clay surface). 

The larger the second term of the above 
formula, the more the settlement trough is 
deviating from a continuous curve. This means 
that steep parts interrupting the continuous 
settlement trough beside the edges of the rafts 
are observable within a strip of few meters 
round the heavy high rise buildings (Figure 2). 
Therefore, fortunately existing older buildings 
in the neighbourhood outside of this strip are 
less affected by the settlement of a new high 
rise building than expected regarding traditional 
settlement calculations (compare Fig. 2). 

Another informative result of gathered ex-
perience of raft foundations in Frankfurt is 
seen in figure 3. It shows the settlement/time 
behaviour of the buildings of the 1960s gathered 
by Amann and Breth 1972. The initial settlement 
of overconsolidated stiff clay with rather equal 
values of the shear deformation modulus for 
drained and undrained conditions is about 60 to 
70 % of the final settlement. This conclusion 
is in good agreement with other experiences 
(Burland et al. 1977). 

Fig. 3: Observed time-dependent settlements during 
and after construction of high rise buildings on 
Frankfurt clay using raft foundations 

The above description of "Frankfurt 
clay" causes the imagination of a very 
homogeneous soil. This is not always in agree-
ment with reality. Therefore, it must be added 
here that the possibility of geological devia-
tions from the summarised character of Frank-
furt clay cannot be excluded always and careful 
soil investigations for each building location are 
necessary.

The stiffness of the high rise buildings that 
should be considered in the design can be 
expected depending on the observed deflections 
of the foundations (Fig. 4, Trianon high rise 
building). Although the thickness of the raft is 
6 m in the middle area decreasing to 3 m at the 
edges, the bending deformation of the raft 
reaches about 3 cm (about 25 % of the total 
settlement).

Fig. 2: Settlement trough of Trianon High rise building  along section I-I as defined in figure 4 
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Observations have shown that the stiffness 
of the whole superstructure of high rise build-
ings is by far smaller than the summation of 
theoretical values of all its components. There-
fore, no general rules for stiffness calculations 
can be defined. Empirical decisions must be 
often made taking into account the specific 
conditions of actual cases, i.e. experience is 
required depending on the type of the super-
structure, its material, the construction method 
and even on the local soil conditions. Measure-
ments aiming at gathering such experience were 
made on 3 buildings with 17, 18 and 19 storeys 
on rafts ranging in size between 20x20 m and 
20x30 m constructed on sand in Berlin. As 
settlements and deflections were measured 
during the progress of construction the depend-
ence of the summarised stiffness of the build-
ings on the increasing number of storeys could 
be observed. The conclusion was that the 
contributions of higher storeys are relatively 
small (Muhs and Weiß 1963). Similar observa-
tions for high rise buildings on Frankfurt clay 
were compiled. The observations in Frankfurt 
indicated that the stiffness of concrete is overes-
timated if not taking into account the develop-
ment of cracking and creep of concrete (Heil 
1971). More recent, the corresponding gathered 
knowledge was published by Smoltczyk and 

Netzel (1997). In many cases the stiffness of the 
superstructure can be taken into account by 
assuming an increased raft thickness compared 
with the real one. 

3. PILED RAFT FOUNDATION AS AN 
INNOVATIVE FOUNDATION 

The piled raft is a foundation system con-
sisting of piles, raft and soil. In the conventional 
design of pile foundations, it is assumed that the 
total applied load has to be carried only by the 
piles with a certain factor of safety against 
bearing capacity. On one hand, considering the 
contribution of the raft bearing capacity can 
lead to a more economic foundation in compari-
son with a pure pile foundation. On the other 
hand, the contribution of piles reduces the 
settlement significantly in comparison with a 
conventional raft foundation. Moreover the 
piles can be designed in such cases to carry 
loads close to their ultimate capacity (Burland et 
al. 1977, Hanisch et al. 2002) whilst the whole 
system (raft and piles) has an adequate bearing 
capacity against failure. Measurements have 
shown that this idea of the bearing behaviour of 
the piles is not very close to reality (Lutz et al. 
1996 and Lutz 2002). The raft contact stresses 
lead to an increase in the baring capacity of the 

Fig. 4: Observed settlements of Trianon High rise building 
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individual pile group piles of the piled raft. This 
effect can be shown applying adequate numeri-
cal analyses to simulate the behaviour of piled 
rafts (El-Mossallamy and Franke 1997 and El-
Mossallamy 2004). 

The piled raft was extensively used in Ger-
many to optimize the foundation of high-rise 
buildings as well as bridges in different subsoil 
conditions. Some case histories will be pre-
sented to demonstrate the application of the 
piled raft as an economic foundation system. 

3.1. Piled raft of high-rise buildings on over-
consolidated “Frankfurt-clay” 

During its development into a European cen-
tre of finance, the Rhein-Main metropolis 
Frankfurt has developed its unique skyline 
(Fig.1).The piled raft was developed to optimize 
the foundations of these high-rise buildings on 
the overconsolidated highly plastic clay subsoil, 
which may be compared to “London-clay”. 

The Messeturm (Sommer and Hoffmann 
1991, Fig. 5) is a good example of this new 
foundation type. Only 64 piles with pile length 
of 29 to 35 m and a pile diameter of 1.3 m were 
enough to reduce the settlement to 14.4 cm and 
the tilting to 1:2400. 

3.2. Feasibility study of piled raft foundation 

The construction of heavy high rise build-
ings with large load eccentricity adjacent to 
existing sensitive structures is a real challeng 
task for engineers. The Gallileo high rise 
building (Fig. 6) demonstrates the application of 
piled raft foundation just beside sensitive 
historical buildings. 

The 136 m (40-storey) Gallileo building 
with a 3-story underground basement has an 
area of 3200 m² with a load eccentricity of 
about 10 m. The foundation lies 16.5 m to 17.5 
m beneath the ground surface. It consists of an 
asymmetrical and strongly subdivided ground 
plan. A feasibility study to choose the most 
suitable and economic foundation system was 
carried out including the conventional raft and 
piled foundations in comparison with piled raft 
using the program software GAPR (Geotechni-
cal Analysis of Piled Raft, El-Mossallamy 
1996). An important criterion to choose the 
most suitable foundation system is the service-
ability requirements of the adjacent historical 
neighbouring building. 

As the settlement using a raft foundation 
would have reached 18 cm (in the shown cross 
section 16 cm) with a differential settlement of 

Fig. 5: Behaviour of piled raft foundation of Messeturm High rise building 
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10 cm (Fig. 7), a conventional raft foundation 
cannot fulfil the serviceability requirements. 
Therefore, a piled raft foundation with floating 
piles in Frankfurt clay as well a pure piled 
foundation with socketed piles in Frankfurt 
limestone were further checked. Regarding 
these analyses a piled raft foundation was 
developed and has shown its validity as the 
more economic design. The piled raft decreases 
the foundation settlement to less than 5 cm with 
a maximum differential settlement less than 
3 cm. The distortion angle of the neighbouring 
buildings could be reduced to an acceptable 
value (Fig. 7). 

Figure 8.a shows the designed load settle-
ment behaviour of the piled raft. The pile load 
share is about 76% under working conditions. 
The pile stiffness of each individual pile as well 
as the distribution of the raft subgrade reaction 

modulus were determined under the working 
loads and applied in the structural design of the 
raft and superstructure. The load settlement 
behaviour of the piled raft is investigated for 
higher loads up to double the working load to 
check the bearing capacity of the whole founda-
tion as well as to determine the pile stiffness 
and raft subgrade reaction modulus under 
higher loads in case of applying the partial 
safety design concept. 

The measured settlements of Gallileo build-
ing is shown in figure 8.b about one year after 
the end of exterior construction without consid-
ering settlements due to the raft weight (about 
1.5 cm). Therefore the maximum total measured 
settlement reached about 4 cm which agrees 
well with the design value of about 5 cm. The 
maximum measured tilting of the tower reaches 
about 1 : 3000 with maximum distortion angle 

Fig. 6: High rise building Gallileo in Frankfurt, Germany. 

Fig. 7: Settlement trough regarding the different foundation systems, High rise building Gallileo. 

214



between the highly loaded tower and the lightly 
loaded side building of about 1 : 1500. The 
piled raft foundation of the Gallileo building 
with only 47 piles has shown its validity to 
fulfil the structural serviceability requirements. 
The pure piled foundation would have required 
the use of long piles that should penetrate the 
clay layer and be enough socketed in Frankfurt 
limestone. 113 piles with average pile length of 
36 m should have been required for the conven-
tional piled foundation. Regarding the market 
prices in Germany the conventional deep 
foundation would cost 2.5 million Euro more 
than the conducted piled raft. This case history 
demonstrates the piled raft as an economic 
alternative to conventional deep foundation. 

Another special feature of the Gallileo foun-
dation is the use of the piles beside their struc-
tural function as energy piles to utilize the 
geothermal energy as a part of the heating and 
cooling system of the building. This environ-
ment-friendly system has proved its validity in 
high rise buildings in Frankfurt. 

3.3. Piled raft on medium dense sand 

The subsoil conditions in Berlin represent a 
good example for the application of piled raft in 
sandy soil. The Berlin subsoil condition is 
dominated by sand and marl layers, which are 
different and somewhat stiffer than the Frank-
furt clay. At some project sites, the soil condi-
tion may differ from the general conditions. For 
example huge deposits of loose to medium 
dense sand or soft to stiff marl deposits may be 
encountered. Under these subsoil conditions, or 
in order to avoid unacceptable effects on exist-

ing near-by buildings, piled rafts have been 
used in Berlin (Richter et al. 2005). 

One example is the Sony-Centre at the 
“Potsdamer Platz”. The building is located 
directly beside the new built railway tunnel. The 
raft foundation level is located within the upper 
part of the marl layer. Therefore, the settlement 
and the soil pressure under the raft foundation 
had to be reduced by introducing piles. The 
utilized piles were of 1.5 m diameter having 
variable lengths of 15 m to 25 m (Fig. 9). Up to 
the end of construction a total of 3 cm settle-
ment has been observed (Fig. 9). 

A relatively new application of piled rafts is 
to optimize the raft thickness as an economic 
foundation system for high-rise buildings in 
medium to dense sand. The objective of the 
piled raft in this case is mainly to decrease the 
internal raft stresses and moments by choosing 
optimal pile positions (just beneath the support 
elements). This leads to a reduction in raft 
thickness that has economic effects on the cost 
of the raft, the excavation volume, the cost of 
the required dewatering and the cost of the pit 
excavation support system. The Herriot´s 
building near the Main River in Niederrad-
Frankfurt demonstrates an excellent example of 
the application of piled raft in medium to dense 
sand. The 72 m height Herriot´s building with a 
2-storey underground basement has a founda-
tion area of 12800 m² (Fig. 10). The foundation 
lies about 8 m beneath the ground surface. The 
subsoil consists of medium to dense sand 
extending to a large depth. The building com-
plex consists of 4 towers with a total area of 
3000 m² surrounded by a 2-storey basement. 

Fig. 8: Load-settlement behaviour of the piled raft foundation, High rise building Gallileo. 
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The groundwater level reaches about 5 m above 
the foundation level. Therefore the lightweight 
basement should be adequately designed against 
uplift. The aim of the foundation design was to 
achieve a joint-free raft comprising the 4 towers 

and underground basement. The foundation 
system consists of a piled raft beneath the 
towers with a raft thickness of 1.0 m and ten-
sion piles beneath the basement with a raft 
thickness of 0.7 m. With this combined founda-

Fig. 9: High-rise building Sony Centre, Berlin and its load settlement relationship with time. 

Fig. 10: Measured settlements trough of Herriot´s building 
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tion system the distortion angle at the transient 
zone from the highly loaded towers to the 
approximately non-loaded basement can be 
reduced to an acceptable limit. Figure 10 shows 
the measured settlement trough along the 
foundation. The maximum measured distortion 
angle of 1 : 2500 demonstrates the success of 
the optimized piled raft system. 

The remarkable number of recently con-
structed and planned tall buildings, especially in 
the Gulf Countries, makes the need of the 
shortest construction time of their foundations a 
real engineering challenge. The piled raft can 
help to achieve the desired short construction 
time through optimizing the required number of 
piles. Simultaneously, the use of piled raft can 
lead to more optimization of the raft. All these 
aspects have a very positive effect on the 
required construction time and on the total 
costs.

The piled raft is a suitable foundation sys-
tem for most of prevailing subsoil conditions in 
Gulf Countries (El-Mossallamy et al. 2006). In 
most cities in the Gulf Countries (e.g. Dubai, 
Abu Dhabi and Doha), there is a surface layer 

of sandy soil followed by rock formations with 
different degrees of weathering. The foundation 
level lies in most cases in the rock formation. 
Due to the very heavy loads of the tall building 
and due to the highly heterogeneous properties 
of the rock formation, deep foundation using 
large diameter bored piles extending to great 
depths are applied in most cases. The piles are 
utilized mainly to control the settlement and 
differential settlements within the structural 
requirements. In such cases, the piled raft can 
be applied successfully to reduce the required 
number of piles and hence to reduce the re-
quired construction time. 

The subsoil conditions in other Gulf Coun-
tries such as Kuwait are different from the 
above-mentioned conditions. In Kuwait, the 
subsoil consists mainly of thick layers of 
calcareous sand. Despite that the deformation 
behaviour of the calcareous sand is in general 
more compressible than that of other sand types 
such as quartz sand; its shear strength depends 
on its structure especially on the type of the 
chemical bonds between the sand particles. The 
piled raft was already applied for the design of 

Fig. 11: Flow chart for the design of piled raft 
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some high rise buildings in Kuwait. Experience 
with such foundation system is gained with time 
regarding also the results of monitoring pro-
grams.

4. DESIGN CONCEPT OF PILED RAFT 

Figure 11 shows schematically the proposed 
design sequence of piled raft foundations 
considering the required co-operation between 
both the geotechnical and the structural engi-
neers. The pile/soil stiffness and the subgrade 
reaction distribution beneath the raft were found 
to be a very convenient interface between the 

geotechnical and the structural engineers. 
Enhanced in-situ tests may be necessary to 

determine realistic design parameters of sub-
ground. Special in-situ dynamic tests are an 
example for such enhanced site investigation. 
Figure 12 shows the results of cross-hole 
seismic test in Frankfurt to determine the 
dynamic parameters required to check the 
serviceability requirements under dynamic 
loads (e.g. wind loads). The Tishman high rise 
building (Fig. 12.a) has a slenderness ratio 
(Height / minimum breadth) of about 5.3, which 
represents a very slender construction. The 
conventional ratio of dynamic to static deforma-

Fig. 12: Seismic in-situ tests to determine accurate dynamic parameters 
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tion modulus of Frankfurt subsoil according to 
the German recommendation of soil dynamic 
reaches about 3 to 4 (Fig. 12.b). The service-
ability requirements under dynamic loads can 
not be fulfilled applying this ratio (Dürrwang et 
al. 2006). Cross-hole seismic tests were carried 
out to determine accurate dynamic parameters. 
The results of the seismic tests are shown in 
Figure 12c. A dynamic modulus of about 7 to 
10 times the static modulus could be defined 
according to the conducted in-situ seismic tests. 
The serviceability requirement could be proved. 

A realistic numerical model is a central part 
of the design of the piled raft foundation. The 
numerical model includes the applied numerical 
method and the constitutive laws to model the 
soil stress-strain behaviour. According to the 
gathered experience, the three dimensional 
nature of the complex piled raft plays a very 
important role and should be considered by the 
applied numerical model to obtain realistic 
results which can be used for the design of the 
structural elements. The nonlinear behaviour at 
pile shaft and pile base should be modelled in a 
realistic manner. 

Different numerical procedures in conjunc-
tion with different constitutive laws are applied 
to analyse the behaviour of single piles, pile 

groups and piled raft foundations. Fig. 13 
illustrates the currently available numerical 
procedures used. 

A traditional 3D finite element technique 
with the appropriate soil constitutive laws 
presents a powerful tool to model the complex 
soil-structure interaction of piled raft. Neverthe-
less, the main disadvantage of applying the 3D 
FE analyses is the need of a huge number of 
volume elements which can exceed the avail-
able computer capacities. To cover this prob-
lem, a new technique combined the so called 
embedded pile model with the 3D finite element 
model has been developed (Plaxis manual, 
2007).

The 120 m building (Japan-Centre in Frank-
furt) with a 4-storey underground basement was 
modelled applying this new technique to check 
its validity (El-Mossallamy 2007). The Japan-
Cater high rise building has an L shape (Fig. 14) 
with a load eccentricity of about 7.0 m. Apply-
ing the concept of piled raft foundation; it was 
possible to construct the foundation without 
settlement joints between the tower and the 
adjacent 4-storey underground garage. The piles 
were placed eccentrically below the tower to 
balance the load eccentricity. 

Figure 15 shows the applied three dimen-

Fig. 13: Different numerical procedures to analyse the behaviour of single piles, pile groups and piled 
raft foundations 
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sional finite element mesh. The soil stress-strain 
relationship was modelled using the Hardening 
Soil Model (HSM). The main advantage of this 
constitutive low is its ability to consider the 
stress path and its effect on the soil stiffness and 
its behaviour. The soil stiffness depends on the 
applied stress level according to the following 
relationship:
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In which: 
– refE50 : Primary loading (Reference value) 
– m: Power in stiffness laws 
– c´: Effective soil cohesion 
– ´: Effective soil angle of internal friction 

The model can distinguish between primary 
loading, reloading and unloading conditions. It 
is a double hardening model (shear and com-
pression hardening) with a traditional failure 
criterion according to Mohr-Coulomb. The 
required soil parameters are determined accord-
ing to the conducted laboratory triaxial tests as 
well as on the existing experience of similar soil 
conditions.

Fig. 14: General layout 

Fig. 15: The applied 3D finite element mesh 
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Figure 16 demonstrates the raft settlements 
under working loads. There is good agreement 
between calculated and measured settlement. 
This example shows the possibility of enhanced 
3D finite element method using the embedded 
pile technique to study the behaviour of piled 
raft. The embedded piles help to reduce the 
required number of elements needed to model 
the complex three dimensional feature of piled 
rafts. Nevertheless, the experience with this 
model type should be gathered with time. The 
effect of the shoring system on the behaviour of 
piled raft needs further investigation. 

5. SIMPLE DESIGN METHOD 

Simple design methods are always applied 
in the feasibility studies of most geotechnical 
projects to help the planer to find the most 
economic solution that fulfils the specific 
project conditions. The number and length of 
piles, the pile load share, the total bearing 
capacity of the piled raft and its settlement are 
the main design criteria that should be investi-
gated during a feasibility study to check the 
validity of a piled raft. Therefore, a simple 
method that can help to give a quick answer on 
these design criteria is highly recommended 
from the practical point of view. 

Several assumptions regarding the stress-

strain behaviour of the piles, the subsoil and the 
superstructure should be made to create such a 
simple design method. The piles and the super-
structure are assumed to be rigid. The soil as 
well as the pile-soil response under working 
conditions is assumed linearly elastic. Consider-
ing these assumptions, Lutz (2002) has devel-
oped a simple method based on the work of 
Randolph (1983) and Randolph/ Clancy (1993). 
Figure 17 summarizes the main aspects of this 
simple approach. 

This simplified approach combines the sepa-
rate stiffness of the pile group and the raft so 
that the pile load share and the settlement of the 
piled raft can be put in the following equations 
(Randolph/Clancy 1993): 
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sPR = wRR · QR + wPR · QP
sPR = wPP · QP + wPR · QR

(3)

Where:
wPP : Pile group stiffness representing the pile 

group settlement under unit load 
wRR : Raft stiffness representing the raft settle-

ment under unit load 
wPR : Pile/Raft interaction factor representing 

the settlement of the pile group due to 
unit load applied on the raft 

Fig. 16: Foundation settlement under working loads 
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5.1. Pile group stiffness wPP

The settlement of a single rigid pile in ho-
mogeneous elastic half space can be determined 
based on theory of elasticity (Randolph/Wroth 
1978) as follows: 

ogleo r
L

sGr
P

ζ
π+

ν−η
= 2

)1(
4

sin

 (4) 

and  = ln (rm/ro)
Where:
P :  Applied load 
ssingle :  Settlement of single pile 
G:  Shear modulus of the soil 
ro:  Pile radius 
L:  Pile length 
rm: Influence radius at which the shear 
stresses become negligible. Randolph (1977) 
has suggested rm = 2.5 L (1- ) based on a 
parametric study using an axisymmetrical finite 
element analyses. 

The above-mentioned equation may be 
modified to consider approximately the pile 
stiffness, the soil inhomogeneity in vertical 
direction (acc. to Gibson 1967), the thickness of 
the compressible layer (Lutz 2002) and the 
nonlinear soil stress/strain behaviour adjacent to 
the pile shaft (Randolph 1977 and Randolph and 
Wroth 1978). Another possibility to determine 
the settlement of single pile is to use the charts 
of Poulos (Poulos and Davis 1980) or to apply 
the recommended values as given by standards 
(e.g. DIN 1054-100) or to use the results of pile 
load tests. 

It is convenient to relate the settlement of a 
group of piles “sgroup” to the settlement of the 
corresponding single pile “ssingle” by the settle-
ment ratio “Rs”.

sgroup = ssingle • Rs
Randolph and Wroth (1979) have suggested 

an approximate analytical solution to calculate 
the vertical deformation of a rigid pile group 
using the superposition technique. For the jth 
pile of a group of "Np" piles, the shaft settle-
ment "(Ss)j" and the base settlement "(Sb)j" are: 
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where:
Dij is the distance between the centre lines of 
two piles in the group (Dij = ro for i = j) 
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rm = 2.5 L (1– ) + rg (7) 
in which rg is the radius of an equivalent circu-
lar area covering the pile group. 

Equations 5 and 6 represent a set of linear 
equations, which may be solved for applying 
the condition of equal settlements of all piles 
(rigid raft) to determine the pile group settle-
ment and hence the pile group stiffness. 

Fig. 17: Principles of the simple method to determine the load settlement behaviour of piled raft foundation 
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5.2. Raft stiffness wRR

The raft stiffness wRR can be easily deter-
mined from common methods based on theory 
of elasticity (e.g. Steinbrenner’s equation, 
which gives the settlement at the characteristic 
point for a rigid raft considering the influence 
depth beneath the raft). 

5.3. Pile/Raft interaction factor wPR

The interaction factor wPR can be calculated 
applying the method of neutral plane (El-
Mossallamy et al. 2006. The method of neutral 
plane was first suggested by Fellenius (1989) to 
calculate the negative skin friction acting on 
pile shaft. Figure 18 illustrates the principle of 
the neutral plane method to calculate the 
pile/raft interaction factor wpr.

The depth of the neutral plane can be deter-
mined from the following equation (Lutz 2002): 
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for E = m · z  (Gibson-soil) 
The soil settlement with depth can be calcu-

lated for a rigid raft at the characteristic point 
under stresses that are corresponded to a unit 
load on the raft applying theory of elasticity 
(e.g. Steinbrenner’s equation). 

Thus Eq. 2 and 3 can be solved to determine 
the pile/raft load shares and the foundation 
settlement. The basic advantage of such a 
simplified approach is to investigate quickly the 
effect of the main elements of a piled raft 
foundation on its behaviour in the first design 
stage.

Hanisch et al. 2002 have studied the load 
settlement relationship of a piled raft with 25 
piles (Fig. 19) applying a three dimensional 
finite element analyses (Program ABAQUS). 

This example was further calculated using 
the boundary element method applying program 
GAPR (El-Mossallamy 1996) and the above-
mentioned simplified method (Fig. 20). 

Fig. 18: Principles of the neutral 
plane method to determine the 
pile/raft interaction factor 

Fig. 19: Layout of the studied 
piled raft (Hanish et al. 2002) 
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Fig. 20: Load-settlement relationship of the piled raft 

Figure 20 shows a comparison between the 
results of the different methods. A good agree-
ment can be recognized between the different 
methods up to reaching the ultimate capacity of 
the pile group which is calculated in the simpli-
fied method as the summation of the ultimate 
capacities of the individual piles. The ultimate 
pile group capacities according to both finite 
element and boundary elements methods are 
comparable and larger than the simplified 
method. This is due to the contribution of the 
raft contact stresses that increases the horizontal 
effective stresses around the pile group piles 

and hence increases their ultimate capacity. 
Nevertheless, there is approximately reasonable 
agreement between the determined foundation 
behaviour in the high load range of the piled raft 
according to the boundary element and the 
simplified methods. On the contrary the finite 
element analysis gives a smaller ultimate 
capacity of the piled raft than the other two 
methods. Both numerical methods do not lead 
to a well defined ultimate bearing capacity. This 
point needs more treatment in further research. 
It should be emphasised that the simplified 
method is neither suitable to determine the load 
distribution among the pile group nor to deter-
mine the stiffness of each pile, which is required 
for the structural design of the piles and the raft. 
More enhanced methods such as the three 
dimensional boundary element method (El-
Mossallamy 1996) or three dimensional finite 
element method should be applied in the final 
design stage. 

6. THE ULTIMATE CAPACITY OF PILED 
RAFT

The pile/raft load share and the settlement of 
piled raft can be determined as mentioned above 
to check the serviceability limit state of the 
foundation. Another design criterion is the 
ultimate limit state. The problem of bearing 
capacity of a piled raft is rather complicated and 
there is no unique mechanism that governs the 
failure of such complex combined system of 
piles, soil and raft. Even numerical studies with 
sophisticated constitutive laws did not lead to 
trustworthy results. Although this design crite-
rion seems somewhat exaggerated because in 
most cases of piled rafts the serviceability limit 
state of the superstructure should be decisive 
(Franke et al. 2000), a rational simplified 
method to estimate the bearing capacity of piled 
raft should be helpful to fulfil the design re-
quirements.

For the understanding of the suggested sim-
ple approach it is important to consider that the 
ultimate shaft resistance along the piles devel-
ops at small relative pile/soil movements in the 
order of 1 to 2 % of the pile diameter (according 
to a rather rigid plastic stress-strain behaviour), 
whilst notable yielding of the soil beneath the 
pile base requires larger settlement (about 10% 
the pile diameter). On contrary, failure of large 

224



rafts requires relatively large settlements in the 
order of decimetres or even more. It was this 
sequence of two approximately not overlapping 
failure events (piles and raft) that has led to the 
suggestion, explained by Burland et al. 1977, to 
regard piles below a raft as settlement reducers, 
assuming the piles working at their ultimate 
resistance. In this case, the safety is left com-
pletely to the offset from failure of the raft/soil 
contact pressures. 

Generally, a realistic estimation of the limit 
state for piled rafts should consider the effect of 
number of piles, pile spacing and pile length 
related to the failure mechanism of raft without 
piles. Poulos (2002) has suggested a rough 
simplified method for practice proposes by 
adding the ultimate resistances of the piles 
(without taking into account their increase due 
to the raft/soil contact pressures) and the ulti-
mate resistance of the raft without piles. The 
validity of this simplification should be checked 
regarding the different possible failure mecha-
nisms. For example, in case of a large raft with 
relatively short piles, the ultimate capacity is 
more governed by the capacity of the raft alone. 

7. CONCLUSIONS AND 
RECOMMENDATIONS

The geotechnical engineer’s objective is to 
guarantee stability of foundations and to ensure 
the serviceability requirements of the building 
taking the profitability of project implementa-
tion into consideration. The piled raft founda-
tion is an excellent example to show the interac-
tive process between the observational method, 
the numerical analyses and the development of 
new geotechnical systems to achieve an eco-
nomic solution that fulfils all stability and 
serviceability requirements. The piled raft 
foundation provides a new geotechnical concept 
for the design of foundations not only for high 
rise buildings but also for residential buildings 
and bridges which allows an outstanding level 
of both technical and economical optimization 
of the construction. The fact, any kind of 
eccentric construction can be safely founded on 
soft to stiff clay (now also on medium to dense 
sand and even on highly weathered rock forma-
tions) by appropriate distribution of piles, 
staggering the pile length and suitable pile 

diameters means almost unlimited possibilities 
for the construction of foundations. 

The illustrated examples show that under-
standing of the effects of the interaction be-
tween construction and subsoil based on the 
appropriate theoretical knowledge and on 
experienced application of measurement tech-
niques and numerical modelling are the neces-
sary qualification for a safe and economic 
design for such complex foundations. 

It is worth adding this enhanced foundation 
technique in the Egyptian Code of Practice. 
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1. INTRODUCTION

Mechanically Stabilized Earth (MSE) structures 
using steel reinforcements have been con-
structed worldwide, especially in the USA and 
Europe over the last 30 years. Most constructed 
walls have been well performing (AMSE 2006 
and Gladstone et al. 2006). In this study, meas-
ured corrosion rates are compared to predicted 
corrosion rates of MSE wall reinforcements 
using the AASHTO 2007 and Romanoff 1957 
prediction models. Also, measured corrosion 
rates are correlated with backfill properties 
defined by AASHTO corrosion model to 
delineate the importance of each parameter on 
measured corrosion rates.

2. DATABASE

Measurements of MSE wall steel reinforcement 
corrosion were collected for 81 MSE walls in 
the USA and Europe. Data locations and 
sources are summarized in Table 1.

Data characterization is performed applying 
the following steps: (1) Divide the database into 
two primary groups including data conforming 
to AASHTO and Data not conforming to 
AASHTO, (2) Compare measured corrosion 
rates to estimated corrosion rates using 
AASHTO model, (3) Compare measured to 

estimated corrosion rates using Romanoff’s 
model., and (4) as practical, evaluate the impor-
tance of each AASHTO model requirement 
(i.e., pH, resistivity, chlorides, sulfates) on 
measured corrosion rates.
Table 1: Locations and references of MSE walls 

Location Reference(s) 

California Nelson (2003); Elias (1990); Jakura 
(1987)

Florida Sagues (1999) 
Georgia Frondistou-Yannis (1985) 

Kentucky Beckham et al. (2005) 
Nevada Gladstone et al. (2006) 

New York Elias (1990); CCT (2000), Wheeler 
(2001)

North
Carolina Medford (1999) 

Virginia Anderson and Sankey (2002) 
Europe AMSE (2006) 

3.  AASHTO CORROSION CRITERIA 

AASHTO (2007) requires that reinforcements, 
backfill and environment conditions conform to 
the following: pH = 5 to 10, resistivity  3000 
ohm-cm, Chlorides  100 ppm, sulfates  200 
ppm and organic contents  1 percent. In 

ABSTRACT: AASHTO specifies a corrosion model for the soil reinforcement of mechanically stabilized earth 
(MSE) walls. The model becomes applied where a soil backfill satisfies 5 electrochemical limits including pH, 
resistivity, chlorides, sulphates and organic contents.  Also, a wall has no exposure to a marine or other chloride-
rich environment. Soil reinforcement field measured corrosion data were collected at different sites in the USA 
and Europe. Measured corrosion rates are compared to predicted corrosion rates using the AASHTO model. The 
AASHTO model results in conservative corrosion rates in most cases. Based on available data, organics content, 
chlorides, sulfates and relatively high values of pH have much less effect on measured corrosion than the 
resistivity and relatively low values of pH. 

Assessment of AASHTO Corrosion Model of MSE Wall Soil
Reinforcement
Y.A. Hegazy 
D’Appolonia Engineering, USA 
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addition, the backfill is not exposed to a marine 
or other chloride-rich environment, or stray 
currents such as from nearby underground 
power lines or adjacent electric railways. 

The AASHTO corrosion model was applied 
to estimate reinforcement corrosion rates and 
compare them to measured corrosion rates. For 
structural design, sacrificial thicknesses were 
computed for each exposed surface as follows, 
assuming that the soil backfill is nonaggressive: 
loss of galvanization = 15 mm/yr (first 2 years), 
loss of galvanization = 4 mm/yr (subsequent 
years, up to 16 years in the case of 86 mm 
galvanization thickness) and loss of carbon steel 
= 12 mm/yr (after zinc depletion) 

The corrosion rate of uncoated steel coupons 
is taken = 12 μm/yr. Data characterization 
analysis results are discussed below. 

4. CORROSION ANALYSIS RESULTS 

In the following sections, analyses were per-
formed using corrosion data measured in soil 
backfills conforming to AASHTO criteria. 

4.1. Comparing measured corrosion rates to 
AASHTO estimated corrosion rates 

Figure 1 shows that only 8 points out of 198 
have corrosion measurements above the rates 
calculated using the AASHTO corrosion model. 
The AASHTO corrosion model provides a 
conservative corrosion estimate at most loca-
tions.

4.2. Corrosion of coated and uncoated rein-
forcements

Figure 2 examines the effect of reinforcement 
coating on measured corrosion. Figure 2 indi-
cates that measured corrosion rates are within 
the bounds of the AASHTO model estimated 
corrosion rates for coated and uncoated rein-
forcements embedded in soil backfills conform-
ing to AASHTO criteria. 

4.3. Effect of time on measured corrosion rates 

Figure 3 shows the effect of time on measured 
corrosion and compares measured corrosion 
rates and calculated corrosion rates using 
AASHTO model. Figure 3 indicates that rela-
tively large corrosion rates are measured during 
the first year of installation and the rate declines 

afterwards to lower values. Note that beyond 
the corrosion of the first year, about 94 % of the 
data are less than 4 μm/yr. 
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Figure 1. Comparison of measured and calculated 
corrosion rates using AASHTO model. 
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Figure 2. Comparison of measured and calculated 
corrosion rates of coated and uncoated steel rein-
forcements using AASHTO model. 

4.4. Comparing average measured corrosion 
rates at a site with estimated AASHTO cor-
rosion rates 

The average measured corrosion of coated steel 
reinforcement, zinc and coated steel coupons 
and uncoated steel coupons were calculated at a 
site and compared to the corresponding average 
estimated corrosion rate using the AASHTO 
model. The results are shown on Figure 4 which 
indicates that the average measured corrosions 
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were less than the average calculated corrosion 
rates using AASHTO for all reinforcement 
groups except for five groups. 

4.5. Comparison between measured and pre-
dicted corrosion rates using Romanoff’s 
model

Romanoff developed a metal corrosion model in 
1957 to predict corrosion rate with time: 

nktP = ,  (1) 
where P = average thickness loss of metal (zinc 
+ steel) for one side of the sample, k = coeffi-
cient depending on soil aggressiveness (k = 25 
mm/yr for soils with resistivity  1000 ohm-cm 
and k = 20 mm/yr for soils with resistivity 
3000 ohm-cm), t = time and n = fractional 
exponent, typically 0.65. 

Corrosion measurements at sites where soil 
backfills conform to the AASHTO criteria are 
compared to predicted corrosion rates using 
Romanoff’s model in Figure 5. Figure 5 indi-
cates the Romanoff’s model overestimates 
corrosion rates of 99% of the data. 

4.6. Effect of marine environment 

The effect of having a wall exposed to a marine 
environment is illustrated in Figure 6 which 
depicts that the corrosion rates of coated steel 
reinforcements and coupons and zinc coupons 
are within the bounds of AASHTO predicted 
corrosion rates. However, a marine environment 
accelerated the corrosion rates of uncoated steel 
coupons with values exceeding the AASHTO 
estimated corrosion rates by several times. 
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Figure 3. Effect of time on measured corrosion rates. 
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Figure 4. Comparison of average measured corrosion 
rates and calculated corrosion rates using AASHTO 
model.

0

5

10

15

20

0 5 10 15 20
Romanoff's Corrosion Rate 

(mm/yr) 

M
ea

su
re

d 
C

or
ro

si
on

 R
at

e
(m

m
/y

r)

Figure 5. Comparison of measured and calculated 
corrosion rates using Romanoff’s model. 
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Figure 6. Comparison of measured and calculated 
corrosion rates using AASHTO model for steel 
reinforcement exposed to marine environment. 
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4.7. Effect of backfill properties on corrosion 
rates

Organics content: Figure 7 shows the relation 
between the corrosion rate and organics content. 
Figure 7 indicates that increasing the organic 
content beyond 1% (AASHTO upper limit for 
conforming backfill) did not result in a signifi-
cant increase in measured corrosion rates. Note 
that available data are limited and only available 
at four sites. 

pH: Figure 8 demonstrates measured corro-
sion rates as a function of pH. Within AASHTO 
accepted range (5 < pH < 10), data represent a 
mix of accepted and rejected backfill. Rejected 
backfill is primarily due to low soil resistance. 
Values of pH > 10 did not result in a noticeable 
increase in measured corrosion rates. However, 
values of pH< 5 are correlated with extreme 
values of measured corrosion rates. Therefore, 
lower pH values (< 5) increase the rate of 
corrosion much more than higher pH values (> 
10).

Resistivity: Figure 9 shows the correlation 
between soil resistivity and measured corrosion 
rates. Figure 9 shows that measured corrosion 
rates significantly decreased where soil resis-
tance values exceeded 3000 ohm-cm. No non-
conforming backfill was reported beyond a 
resistivity of approximately 5500 ohm-cm. 
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Figure 7. Effect of organics content on measured 
corrosion rates. 
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Figure 8. Effect of pH on measured corrosion rates. 
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Figure 9. Effect of soil resistivity on measured 
corrosion rates. 

Sulfates: Figure 10 depicts the effect of sul-
fates in backfill soils on measured corrosion 
rates. Acceptable and unacceptable backfill 
soils lie in the zone of AASHTO conformance 
level where sulfates concentration is  200 ppm. 
Sulfates beyond this level did not result in 
higher measured corrosion rates. 
Chlorides: Figure 11 shows the relationship 
between chlorides concentration in backfill soils 
and measured corrosion rates. Many data points 
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that belong to nonconforming backfills are 
within the acceptance range of AASHTO where 
chlorides concentration is  100 ppm. Having 
chlorides concentration greater than 400 ppm 
did not result in significantly greater measured 
corrosion rates. 
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Figure 10. Effect of sulphates on measured corrosion 
rates.
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Figure 11. Effect of chlorides on measured 
corrosion rates. 

5. CONCLUSIONS

For backfills conforming to AASHTO criteria, 
the AASHTO corrosion model overestimates 
steel corrosion rates for 98% of the data. For 
backfills conforming to AASHTO criteria, 
marine environments have minor to no effect on 
measured corrosion rates of coated reinforce-
ments, but marine environments accelerate 
corrosion rates of uncoated steel reinforce-
ments. Soil resistivity values < 3000 ohm-sec 
and pH values < 5) cause steel corrosion rates to 
dramatically increase beyond rates estimated by 
the AASHTO corrosion model. Based on 
available data, organics content, chlorides, 
sulfates and relatively high values of pH have 
much less effect on measured corrosion than the 
resistivity and relatively low values of pH. 
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1. INTRODUCTION

Buried structures such as box culverts experi-
ence a variety of loads during their lifetime,  
e.g. construction loads from compactive equip-
ment, dead loads from backfill and vehicular 
loading. In recent years, there have been a 
number of experimental and numerical investi-
gations of soil live-loading attracted to shallow 
and deep buried box culverts (e.g. Kim and 
Yoo, 2005; James and Brown, 1987). In particu-
lar, for shallow buried box culverts (defined by 
AASHTO as having fill less than 2.44 m over 
the culvert roof), the live loading becomes the 
primary design consideration. Unfortunately, 
the effect of compaction induced stresses on the 
the behaviour of box culverts subject to live and 
dead loads has not received much attention.

Compaction of backfill material adjacent to 
stiff, unyielding structures, such as the sidewalls 
of reinforced concrete box culverts, can cause a 
permanent increase in lateral soil pressure 
against the structure over the ‘at-rest’ pressure 
conditions. Duncan and Seed (1986) proposed a 
hysteretic model for multicycle K0-loading to 
account for these compaction induced lateral 
stresses. Duncan et al. (1991) developed charts 
to estimate compaction induced earth pressures 
based on several influencing factors, such as 
compactor force, area of load application, 

backfill lift thickness, closest distance of com-
pactor from wall and angle of internal friction.

In this study, a full-scale reinforced concrete 
box culvert subjected to overburden and vehicu-
lar loading was modeled using the finite ele-
ment (FE) software Plaxis®(V 8.4). The primary 
objective of this paper is to report the effects of 
the culvert installation and backfill compaction 
process on the lateral soil pressures applied to 
the structure. The effects of subsequent live 
load pressure distributions are also presented. 
The testing program of the culvert adopted for 
this modeling is summarized in the next section.

1.1. Description of the field testing program 

A 2.44-m by 2.44-m by 13.41-m buried rein-
forced concrete box culvert was constructed in 
1982 at Texas A & M University (James and 
Brown, 1987). It had 177.8-mm-thick slabs, 
203.2-mm-thick walls and flared wingwalls 
(Figure 1). The project was concerned with the 
design of culverts for shallow fills. The objec-
tive was to compare the measured data with the 
AASHTO design pressures and develop an 
improved method of predicting earth pressures 
on box culverts due to dead and live loads. The 
culvert was instrumented with twenty earth 
pressure cells on the top and side slabs (Figure 
1), and six resistance strain gauges on the 

ABSTRACT: Buried box culverts can experience a variety of loads, from construction loads from compactive 
equipment, to dead and live loads from backfill and vehicles. Whilst there have been a number of experimental 
and numerical investigations of soil-structure interaction on shallow and deep buried box culverts, very little 
attention has been paid to the effects of compaction of the backfill on the live and dead loads attracted to these 
buried structures. This paper describes a finite element study of a full-scale test program. The study shows that 
compaction induced increases in lateral earth pressure in the free field can be significant. In addition, even slight 
deflections of culvert sidewalls can considerably modify lateral pressures applied to the structure. 
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tensile reinforcing steel in the top slab. Meas-
urements of the top slab deflection were made 

Figure 1. Culvert dimensions and position of pressure 
cells (James and Brown, 1987) 

with a deflection gauge. Dead loads caused by 
backfill and up to 2.44 m of cover were applied 
in 0.61-m increments. Live loads were applied 
by a vehicle loaded to the alternate interstate 
design load, consisting of a 214-kN tandem rear 
axle. The vehicle was parked at various dis-
tances from the centreline of the culvert along a 
perpendicular roadway constructed on the 
embankment over the culvert.

The soils at the test site were sedimentary 
deposits from an ancient course of the Brazos 
River, consisting of thin layers of pea gravel, 
sugar sand, and silts interlain with thicker layers 
of a fine, red, clayey sand and a fine, light, tan 
sand. The culvert was constructed directly on 
the natural ground, on a layer of the free-
draining, fine, light tan sand. The backfill, 
embankment, and roadway were constructed of 
the readily available fine, red, clayey sand, 
providing an adequately strong and stable 
roadway. Based on grian size characteristics, 
this soil was assigned a dual symbol of SC-SP, 
according to the United Soil Classification 
System (USCS). The liquid limit and plasticity 
index were 37.5% and 21.3%, respectively. The 
effective cohesion (c′) and angle of internal 
friction (φ′) were 0 kPa and 31.8°, respectively. 

The test vehicle was a five-axle tractor-
semi-trailer combination. This provides a 
tandem loading of two 107-kN axles spaced 
1.22 m apart at the rear. The tread width for the 
truck is approximately 1.83 m. The air pressure 
in the tires was approximately 483 kPa. Since 
the tire air pressure closely approximates the 
average contact pressure between the tire and 

the roadway surface (Katona, 1990), the tire 
contact area (or tire footprint) can be computed 
by dividing the tire loading by the tire pressure. 
Based on a tire loading of 53.5 kN (half of one 
axle load), the tire footprint can be computed as 
0.11 m2. Past studies have assumed a length of 
0.25 m in the direction of travel (James and 
Brown, 1987; Katona, 1990). This sets the 
transverse dimension as 0.44 m. 

2. DESCRIPTION OF THE FE MODEL 

The full-scale culvert was modeled assuming a 
2-D plane strain condition. Figure 2 shows the 
finite element mesh for the 2.44 m depth of 
cover (H). Lateral boundaries were placed 5B 
from the culvert sidewalls, where B is the width 
of the culvert equal to 2.84 m. The mesh was 
extended to a depth of 4D below the bottom of 
the culvert, D being the height of the culvert 
(2.79 m). The boundary conditions were 
smooth, rigid (roller) for the lateral boundaries 
and rough, rigid (fixed) for the bottom one. 
Drained soil conditions were assumed, with the 
water table well below the culvert.

Figure 2. Finite element mesh for the Texas culvert 

4158 elements of the 15-noded triangular type, 
which provide fourth order interpolation for 
displacements, were used to discretize the soil 
domain. The culvert was modeled using linear 
elastic, 5-noded beam elements. The corners of 
the culvert were modeled as fully rigid, i.e. no 
relative rotation occurs between the slab and the 
wall at a joint. Interface elements were used 
along the culvert periphery to provide for 
possible slippage and separation between the 
culvert and the surrounding soil. A 33% reduc-
tion in soil strength was assumed (Rinter = 0.67) 
at the interface between the concrete culvert and 
the surrounding soil. The ‘hardening soil model’ 
was deemed the most capable for simulating the 
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soil behaviour associated with compaction and 
incremental placement of backfill. The soil 
parameters, representing the properties of the 
fine, red, clayey sand, are presented in Table 1.
Table 1. Soil parameters for the hardening soil model 

Parameter Value Unit 
Unit weight, γ 18.73 kN/m3

Secant stiffness for drained 
triaxial test, E50

ref 30 MPa 

Tangent oedometer stiffness, 
Eoed

ref 30 MPa 

Unloading/reloading stiffness, 
Eur

ref 60 MPa 

Power for stress level depend-
ence, m 0.5 - 

Reference stress, pref 100 kPa 
Poisson’s Ratio, νur 0.2 - 
Lateral stress coefficient, K0

NC 0.473 - 
Cohesion, c 1 kPa 
Angle of internal friction, φ 31.8 °
Angle of dilation, ψ 2 °

The culvert material was assigned a Young’s 
Modulus (E) of 29,000 MPa, and a Poisson’s 
Ratio (ν) of 0.2. 

2.1. Compaction and placement of backfill 

The vertical force from compaction of the 
backfill tends to displace soil laterally, and post-
compaction horizontal stresses in the soil 
adjacent to a stiff and unyielding structure can 
exceed the at-rest stresses existing in normally 
consolidated soil (Duncan and Seed, 1986). It is 
important to account for compaction induced 
lateral earth pressures in the analyses of struc-
tures such as retaining walls and culverts, as 
negligence could lead to damage or excessive 
deformation. In this study, a uniform downward 
pressure of 40 kPa was applied across each 
increment of backfill to simulate the effect of 
compaction. For modeling convenience, the 
thickness of each ‘lift’ of backfill was chosen as 
approximately 560 mm, which resulted in five 
layers of backfill soil. The compaction pressure 
was applied at a distance of 150 mm from the 
culvert sidewall, assumed to be the closest the 
compactor came to the sidewall.

To represent the field situation as closely as 
possible, the model was solved using ‘staged 
construction’, i.e. placement of fill and the 
ensuing compaction and truck loading were 

activated in different calculation phases. The 
construction procedure for modeling purposes 
can be described as follows: 1) culvert 
placed/activated on natural ground; 2) first fill 
of 560 mm thickness activated; 3) compaction 
pressure of 40 kPa across the fill activated; 4) 
compaction pressure deactivated to simulate 
vertical relaxation or unloading following 
compaction; 5) next fill layer placed and steps 3 
and 4 repeated. Two additional steps between 4 
and 5 were needed when the depth of cover  
became 0.61 m: truck tire pressures were first 
activated and then deactivated in the next phase. 
The same applied to the other three depths of 
cover (1.22 m, 1.83 m and 2.44 m).

This scheme of modeling the compaction 
process explicitly along with staged construc-
tion was named ‘Staged Construction Explicit 
Compaction (SCEC)’. For comparison pur-
poses, a less rigorous method ‘Wished in Place 
Implied Compaction (WIPIC)’ was also used. In 
this method, the entire geometry and the culvert 
were ‘wished in place’ underneath a given depth 
of cover. The soil up to a given depth of cover 
and the buried culvert were active from the 
beginning and only the tire pressure had to be 
activated during a single calculation phase. An 
OCR value of 2 was applied to the backfill 
layers during generation of initial stresses. This 
gave a coefficient of lateral earth pressure value 
of 0.7. This implied compacted backfill with 
higher lateral soil pressure. The backfill soil 
was assigned higher stiffness moduli than the 
in-situ soil (more than 3 times as stiff). 

To simulate a finite tire footprint in the FE 
model, the plane-strain pressure was reduced 
from the actual pressure by using a reduction 
factor r (Katona, 1990). The reduction factor r
is a function of tire patch dimensions (B and L) 
and depth z where stress equality is desired. The 
reduction factor was found to decrease in 
magnitude with depth of cover, being 0.46, 
0.28, 0.17 and 0.07 for depths of cover 0.61 m, 
1.22 m, 1.83 m and 2.44 m respectively.

3. RESULTS OF ANALYSIS 

3.1. Effect of compaction on lateral  pressure 

The sequence of placement of backfill soil 
layers are shown in Figure 3, which also shows 
a vertical cross-section ‘X-X’, taken two culvert 
widths (2B) away from the culvert sidewall.  
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Figure 3. Sequence of placement of backfill layers 
and position of cross-section X-X 

Figure 4 presents the states of lateral soil 
pressure at X-X, assumed to represent free-field 
stress conditions. The pressure distributions 
were taken before, during and after the compac-
tion of the fifth and final layer of backfill, i.e. 
when the backfill level reached the top of the 
culvert. These three stages were named pre-
compaction (final fill placed), peak compaction 
(compaction pressure applied) and residual 
(compaction deactivated) lateral pressures. The 
horizontal broken line at a height of 2.24 m 
from the base of the culvert demarcates the first 
4 layers and the final layer of backfill. The 
precompaction pressure distribution matches the 
theoretical ‘at-rest’ pressure distribution exactly 
for the final layer. However, the two distribu-
tions do not match below the broken line due to 
the presence of residual lateral stresses arising 
from the compaction of the lower layers. During 
the application vertical compaction pressure, the 
lateral stresses increase considerably from their 
precompaction values. However peak lateral 
soil pressures are transient; they reduce in 
magnitude during the residual stage when the 
vertical compaction pressure is removed, but 
remain resulting in ‘locked-in’ lateral stresses. 

The increase in lateral pressure over the pre-
compaction values during compaction and 
residual stages was found to vary between 
uncompacted and previously compacted soil. 
The previously uncompacted final layer of 
backfill experiences a peak increase of lateral 
pressure of approximately 20 kPa. Conversely, 
the previously compacted lower layers of 
backfill only see an average increase of 13 kPa 
during peak compaction. Again the overcon-
solidated lower layers retain just around 20% of 
this peak increase as residual increase in lateral 
pressure, whereas the bottom portion of the 

final layer retains as high as 40%. These find-
ings indicate a behavioural contrast between 
previously compacted and uncompacted soils 
and agree with Duncan and Seed (1986).

Figure 4. Free field lateral soil pressure at a vertical 
cross-section of backfill soil at various stages 

It is informative to inspect the stress path of a 
point ‘A’, located in the middle of the 4th

backfill layer in the free field (Figure 3), in the 
effective horizontal vs. effective vertical stress 
space at different stages of loading. Figure 5 
shows the stress path of point A during place-
ment, compaction application and removal of 
the 4th backfill layer. During placement of the 
layer, the path moves from the origin to point a. 
During compaction, the path continues along 
the same line to reach point b with an increase 
in vertical stress equal to the compaction pres-
sure of 40 kPa. The line from the origin to point 
b has a slope of approximately 0.5, which is 
close to the at-rest coefficient of lateral earth 
pressure (K0

NC) value of 0.473 for normally 
consolidated soil. The slight deviation can be 
attributed to the fact that lateral deformations 
can occur in the free-field soil in response to 
compaction loading, which violates K0 condi-
tions. Hence the line with a slope of 0.5 was 
named the ‘K′ line’. During compaction re-
moval, the path tracks back along a different 
line to reach point c approaching passive condi-
tions denoted by the Kp line.

This line has an intercept of 2c′√ Kp on the 
effective horizontal stress axis as a small value 
of cohesion of 1 kPa was used in the FE analy-
sis for numerical stability. An important obser-
vation can be made about the unloading behav-
iour: although the removal of the compaction 
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pressure returns the vertical stress to its pre-
compaction value (so that points a and c lie on 
the same vertical line), the horizontal stress 
retains a residual increase of about 8 kPa as 
locked-in lateral stress. 

Figure 5. Stress path of a free-field point (4th layer) 

The states of lateral soil pressure against the 
culvert sidewall, however, are more compli-
cated than those in the free field as deflection of 
the sidewall can alter the pressure distributions 
significantly. The three separate pressure 
distributions during the operations on the final 
backfill layer are shown in Figure 6. The pre-
compaction pressures (pressures after placement 
of the fill) are smaller than the at-rest pressures 
in the final layer. In addition, unlike in the free 
field, the precompaction pressure distribution in 
the lower layers is not consistently greater than 
the at-rest distribution. Interestingly, the resid-
ual pressures are greater than the peak compac-
tion pressures in the fifth layer. A possible 
explanation could be that elastic inward deflec-
tion of the top of the sidewall during compac-
tion of the final layer reduces the peak lateral 
stresses there. As the compaction pressure is 
removed, the wall rebounds to its previous 
position and pushes the soil, thus increasing the 
residual pressures. Apparently, the deflection-
induced decrease in pressure plays a more 
significant part than the loading-induced in-
crease in peak lateral pressure. 

Figure 7 shows the measured and FE pre-
dicted residual soil pressure distributions 
against the culvert sidewall for the 0.61 m cover 
depth. Pressure cells 1-4 and 17-20 were placed 
on opposite sidewalls, but are presented in the 
same plot due to symmetry. The theoretical at-

rest lateral pressure distribution is included for 
comparison. Generally, for all 4 cases, the 
SCEC distribution compares well with the test. 

Figure 6. Lateral soil pressure against the sidewall 

Figure 7. Lateral soil pressure against the sidewall for 
0.61 m cover 

However, the SCEC curve is consistently 
conservative compared to the test values for the 
bottom half of the sidewall where the test values 
are actually lower than the at-rest distribution. 
The residual increase in lateral pressures over 
their at-rest values is evident throughout the 
length of the sidewall, but more so for the top 
half. The simplified WIPIC prediction is seen to 
be unsatisfactory in capturing the behavior of 
the soil-structure system satisfactorily. 

3.2. Live load pressure predictions 

A system of grid points was used to compute 
the live load pressure distributions by the 
theoretical Boussinesq and Superposition 
methods. It is to be noted that pressure cells 
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were longitudinally aligned with the two lines 
of wheels. Therefore for comparison purposes, 
the pressure distributions from these methods 
were also chosen to be the ones along either line 
of wheels, which is indeed the line of maximum 
pressure at lower depths of cover. However, at 
greater depths of cover (1.83 m and 2.44 m), the 
line of maximum pressure distribution actually 
shifts to the centreline of the vehicle. For design 
purposes, this maximum line of pressure should 
be used. Note that the centreline pressure only  

Figure 8. Comparison of different methods with test 
data for the 0.0 RR case (0.61 m cover)

exceeds the wheel line pressures by a negligible 
amount. For brevity, only a single plot from the 
0.0 RR live load case (where the centroid of the 
tandem axle is on the culvert centreline) is 
presented in Figure 8. This plot is for the lowest 
depth of cover (0.61 m), when the significance 
of live load is greatest. The finite element live 
load pressures (SCEC and WIPIC) were ob-
tained by subtracting dead load pressures from 
the combined dead and live load pressures.

As seen in Figure 8, the finite element re-
sults match the test values remarkably well both 
in magnitude and general shape. No distinction 
is visible between the SCEC and WIPIC curves 
for this particular case. For all the curves, 
isolated peaks occur under the wheels about 0.6 
m from the culvert centreline on both sides. The 
theoretical Boussinesq and Superposition 
predictions are seen to be unconservative near 
the peaks and conservative at the culvert centre-
line. The relatively flexible central portion of 
the top slab usually transfers a portion of the 
vertical load to the stiffer edges. The theoretical 
solutions cannot take into account this ‘arching’ 
mechanism and hence fail to provide accurate 

predictions. The Boussinesq peak pressure 
expectedly exceeds the superposition peak by 
about 10 kPa, the former solution being based 
on point load and the later on distributed load.

4. CONCLUSIONS

This paper has described the procedure and 
results of the finite element modeling of a full-
scale box culvert subject to both dead and live 
loads. The influence of compaction on the state 
of lateral pressure in the backfill soil, both in 
the free field and against the culvert sidewall, 
was studied. It is shown that the compaction 
induced increase in lateral earth pressure during 
the culvert installation process is significant and 
should be assigned due importance in design 
considerations. However, even slight deflec-
tions of the culvert sidewall are found to con-
siderably modify the lateral pressures applied to 
the structure. Compaction induced deflection 
(away from the soil) and the resulting decrease 
in lateral soil pressure can play a more impor-
tant part than the compaction induced increase 
in lateral soil pressure. Live load pressure 
distributions on the box culvert were also 
analyzed, where tire-footprints of finite dimen-
sions were modeled by an equivalent strip load. 
The results show an excellent match with the 
measured test data. 
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1. INTRODUCTION

In urban areas reinforced soil retaining walls are 
more popular for their applications like flyover 
abutments and soil retention because of their 
cost economy, faster as well as ease in construc-
tion and the elegant look. However, in many 
situations construction of conventional rein-
forced soil retaining wall found difficult due to 
restricted backfill zone, i.e., space restrictions 
due to close rock. One of the solutions to this is 
could be anchorage of reinforcement in rigid 
rock. However, the situation still remains 
critical in case of urban areas, where there is 
scarcity of space and it becomes impracticable 
to anchor the reinforcements i.e., not even rock 
is available. Recent solution over this problem 
would be the use of cellular type reinforcement 
in place of conventional geogrid reinforce-
ments.

Behaviour of conventional reinforced soil 
walls have been studied by many researchers 
(Laba et al. 1986, Hoshiya et al. 1990, Gomes et 
al. 1994, Wong et al. 1994, Pinto et al. 1999, 
Simonini et al. 2003, Cho et al. 2004, Lawson et 
al. 2004; Shinde and Mandal 2007). In particu-
lar, Lawson et al. (2004) and Shinde and Man-
dal (2007) have studied design/analysis for 
reinforced soil retaining walls with constrained 
reinforced fill zones. However, deformation 

behavior of such walls is not clear. Khedkar and 
Mandal (2007) have studied cellular reinforce-
ment for its use in reinforced soil wall. Keeping 
this in view, in the present paper, various 
laboratory model tests are conducted on rein-
forced soil walls with restricted fill zone with 
different surcharge pressures. Three different 
cases of wall reinforced with geogrid only, 
geogrid plus anchors and cellular reinforce-
ments were studied with the help of finite 
element method.

2. LABORATORY EXPERIENT 

2.1. Soil

White colored quartz sand was used as back-
fill material in the experimental work. Figure 1 
shows particle size distribution curve of the 
quartz sand. 

Figure 1. Particle size distribution of backfill soil 

ABSTRACT: Reinforced soil retaining wall is the most common type of wall. However, scarcity of space and 
high height requirements constrains the length of backfill zone in urban areas. In the present paper, laboratory 
model tests have been conducted on geogrid reinforced soil walls with restricted fill zone. Different surcharge 
pressures were applied on the top in order to study the behaviour of wall. Finite element study was conducted for
three different cases of restricted fill zones reinforced with geogrid only, geogrid plus anchors and cellular 
reinforcement. Comparison of results found that geogrid plus anchors gives minimum top wall displacement. 
Yet, cellular reinforced soil wall has shown considerable improvement over geogrid reinforced wall and can be
considered when geogrid anchoring is not practicable. 
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Other properties of quarts sand are: specific 
gravity = 2.5; mean particle size = 0.85 mm; 
uniformity coefficient = 1.38; minimum dry 
unit weight = 16 kN/m3; maximum dry unit 
weight = 18 kN/m3; internal friction angle of 
sand = 35º; and dry unit weight of sand in 
backfill and foundation = 16.5 kN/m3.

2.2. Reinforcement

Geogrid with aperture size of 10 mm x 16 mm 
with soil reinforcement friction angle of 32º was 
used for the experimental investigations. Ten-
sile strength in load direction was observed as 
1.15 kN/m with the 6% elongation at maximum 
strength.

2.3. Laboratory  model with restricted fill zone 

Reduced scaled laboratory experiments are 
carried out to study the response of a reinforced 
soil retaining wall subjected to the vertical 
surcharge strip load aligned parallel to the wall 
head. With this intention, a test tank of overall 
dimensions 700 mm x 400 mm x 400 mm 
(length x width x height) was fabricated with 
front side as perspex glass in order to obtain 
unobstructed view of wall and backfill deforma-
tions. Figure 2 shows schematic diagram of the 
reinforced soil wall model and the test arrange-
ment for different loading locations.

Figure 2. Schematic view of reinforced soil wall 
model with different loading locations 

Test set up accommodates wall facing, sand 
backfill with reinforcing elements, surcharge 
load, and all of the instrumentation. The facing 
was placed very close to rigid rock zone. Re-
stricted fill zone was created by construction of 
rigid rock zone behind backfill using plaster of 
paris. Panel displacements as well as strain 
distribution patterns in the reinforcing element 
were studied for various surcharge pressures by 
placing 100 mm wide strip load at different 
locations along the wall top. For this purpose 
three different locations of load were adopted; 
however, in this paper, only ‘location-I’ is 
discussed. 

2.4. Test procedure 

Full height facing panel was used with an 
embedment depth of 60 mm into the foundation 
sand to allow the rotation of panel simulating 
cantilever wall. Five layers of reinforcements 
were placed and connected to the facing panel 
at a vertical spacing of 60 mm. Sand was placed 
in layers of 30 mm by raining method with 
approximate height of 900 mm from the center 
of layer. The sand layers were compacted to the 
density of 16.5 kN/m3, using a small handy 
vibrator. Wall was constructed from bottom to 
top by anchoring the facing panel to a vertical 
track, which was removed after the wall con-
struction. After construction of the model, and 
prior to application of a strip surcharge load on 
the soil surface, all measuring instruments were 
set to zero. At the selected location the vertical 
strip load of intensity varying from 0.25 to 2.5 
kg/cm2 was applied by hydraulic jack and the 
resulting panel displacements and movement of 
markers (for strain calculation) were recorded at 
each increment. Movement of markers was 
recorded by digitizing the images taken at 
various surcharge pressure using commercial 
software ‘GRAM++’. 

3. EXPERIMENTAL RESULTS AND 
DISSCUSSIONS

Figure 3 (a - c) represents strain distribution in 
geogrid layer-5, layer-4 and layer-3 respec-
tively. It is observed that strain in geogrid layers 
increase with increase in the surcharge pressure. 
Strain induced in the geogrid is observed largest 
close to the facing and at the back of the strip 
load and decreases to zero towards the free end 
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at the back. Higher geogrid strains are seen in 
layer-4. No residual strains are observed in 
geogrid layers at the back but slight value of 
residual strains are noticed in layer-3.

Figure 4 shows relationship between panel 
displacements and wall height at various strip 
surcharge pressures. It can be observed that 
panel displacements go on increasing with 
increase in surcharge pressures, with the maxi-
mum value at the top of the wall. Maximum 
panel displacement at 2 kg/cm2 is observed to 
be 27.57 mm. 

Figure 3. Strain distribution along geogrid under 
various surcharge pressure: (a) Layer-5; (b) layer-4; 
(c) layer-3 

Figure 4. Relationship between panel displacement 
and wall height under various surcharge pressures 

4. FINITE ELEMENT ANALYSIS 

Three different types of reinforced soil walls 
have been simulated in finite element method, 
i.e., geogrid reinforced, geogrids with anchors 
and the wall reinforced with cellular reinforce-
ments. A commercial finite element software 
Plaxis version-8 is used for analysis. In the 
finite element modeling wall components are 
carefully modeled including the foundation and 
rigid rock zone. A refined medium mesh con-
sisting of around 600 elements are adopted. The 
lateral and bottom boundaries are placed at 
locations with sufficient distance. Soil was 
simulated by 15 nodded triangular elements 
with Mohr-Coulomb model while rock was 
simulated by 15 nodded triangular elements 
with linear elastic model.  Facing panel and 
geogrid were simulated by 5 nodded line and 
beam elements respectively, with elastic model. 
10 nodded interfaces were used for finite 
element analysis purpose. Figure 5 (a) shows 
the geometry created in Plaxis for the reinforced 
soil retaining wall with restricted fill zones 
reinforced with geogrid. The fixed-end anchors 
are tied at the end of geogrids into the rigid rock 
zone as shown in Figure 5(b) while Figure 5(c) 
shows the geometry for wall reinforced with 20 
mm height cellular reinforcements. Longitudi-
nal spacing of reinforcement members was kept 
as 70 mm while centre to centre spacing in the 
reinforcement was kept as 60 mm. 
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Figure 5. Geometry created in Plaxis for restricted fill 
zone soil wall reinforced with: (a) geogrid; (b) 
geogrid and anchors; (c) cellular reinforcement 

4.1. Material properties 

Table 1 shows the material properties for sand.
Table 1. Soil properties for finite element analysis 

Parameter Value  

Material Model Mohr-Coulomb 
Type of material behavior Drained 

Poisson’s ratio ( ) 0.3 
Cohesion (Cref) 0.2 (kN/m2)

Friction angle ( ) 35(º) 

Facing material was simulated with Young’s 
modulus (E) = 9.24x106 kN/m2 and the equiva-
lent thickness (d) = 4 (mm). The only property 
used to simulate geogrid was axial stiffness 
(EA) = 1.15 kN/m. Limestone martial of rock 
was simulated with a Young’s modulus (E) = 
40x106 kN/m2 and Poisson’s ratio ( ) = 0.25. 
Fixed end, elastic type, 0.05 m long anchors at a 
spacing of 1m was used in finite element 
analysis. The normal stiffness (EA) was 0.1 kN 
and the rotation angle was kept as zero degrees. 
Longitudinal member of cellular reinforcement 
were simulated with geogrid elements with EA 
= 840 kN/m. In order to account the flexural 
rigidity of transverse members they were 
simulated by plate element (EA = 540 kN/m) 
with the equivalent depth of 1 mm. 

5. FINITE ELEMENT RESULT AND 
DISCUSSIONS

5.1. Restricted fill zone model reinforced with 
geogrid

For wall reinforced with geogrid, the maximum 
displacement is observed to be 25.88 mm at 2 
kg/cm2 pressure as shown in Figure 6. Panel 
displacement at the top is found out to be 19.56 
mm. Stain distribution along the geogrid layers 
is shown in Figure 7. Residual strains at the free 
end reinforcement can be seen especially in 
laye-3, layer-4 and layer-5. 

Figure 6. Total displacement plot for geogrid rein-
forced wall

Figure 7. Strain distribution along the geogrid 
reinforcement layers 

5.2. Restricted fill zone model reinforced with 
geogrids and anchors 

In this case the geogrids were tied at the back 
with help of anchors. Panel displacements are 
largely reduced as compare to that of only 
geogrid reinforced case. Fixing anchor to 
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geogrid helps in mobilizing the strain of geogrid 
and thereby increasing the efficiency of the 
geogrids. Maximum displacement is found to be 
4.54 mm as shown in Figure 8, where as, Figure 
9 shows the strain distribution along the an-
chored geogrid reinforcement. Residual strains 
are observed in lower layers of wall. 

Figure 8. Total displacement plot for anchored 
geogrid reinforced soil wall 

Figure 9. Strain distribution along the anchored 
geogrid reinforcement layers 

5.3. Restricted fill zone model with cellular 
reinforcements

The restricted fill zone is reinforced with 20 
mm height of cellular reinforcements in place of 
geogrids. No anchoring was provided in this 
case. Due to the height of cellular reinforcement 
specially the height of transverse members, 
panel displacement is observed less than the 
geogrid case. Maximum total displacement is 
found to be 5.44 mm as shown in Figure 10; 

where as maximum horizontal panel displace-
ment is observed to be 3.74 mm.

From the strain distribution in Figure 11, it 
can be seen that the strain induced in the cellu-
lar reinforcement is greater near to facing and to 
the back of strip load, and found decreasing 
towards the free end. 

Figure 10. Total displacement plot for cellular 
reinforced soil wall 

Figure 11. Strain distribution along the cellular 
reinforcement layers 

6. COMPARISON OF RESULTS 

The predicted wall response results from the 
plane strain finite element model are compared 
with measured response of 300 mm high test 
soil walls constructed with restricted sand 
backfill at surcharge pressure of 2 kg/cm2. The 
Finite element results are found in good agree-
ment with experimental studies. Different cases 
of wall reinforced with only geogrid, geogrid 
and anchors and the cellular reinforcements are 
also considered. Table 2 indicates the Compari-
son of maximum panel displacement, total mean 
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stress and total shear stress by finite element 
results on with geogrid, geogrid plus anchor and 
cellular reinforcement. It is seen that the 
geogrid with anchors shows the minimum panel 
displacement amongst all. However cellular 
reinforcement may be considered in order to 
avoid anchorage difficulties. 
Table 2. Comparison of maximum panel displace-
ment, total mean stress and total shear stress by finite 
element results on with geogrid, geogrid plus anchor 
and cellular reinforcement 

Study method 

Maximum
panel

displace-
ment
(mm)

Total
mean
stress

(N/mm2)

Total
shear
stress
(N/

mm2)
Experimental study 
with geogrid 
reinforced wall 

27.57 - - 

Finite element 
analysis for wall 
reinforced with 
  1.  Geogrid
      (without anchor) 
  2.  Geogrid with
       anchors 
  3. 20 mm  height
      cellular rein-
      forcement 

19.56

3.58

5.44

-0.56

-0.1

-0.063

1.1

0.22

0.14
“-” indicates not available and “-ve” values 
indicates compression

7. CONCLUSION

In restricted fill zone consideration, reinforced 
soil walls with geogrid only, geogrid and 
anchors and cellular reinforcements were 
studied. Following conclusions are made from 
experimental and finite element study. 

1. Finite element and experimental results are 
in reasonable agreement for the case of 
geogrid reinforced soil wall.

2. Displacement of the panel is lower in case 
of geogrid with anchor and cellular rein-
forcement with respect to geogrid rein-
forced soil wall, also the maximum panel 
displacement was observed at the top of 
wall as a result of rigid full height facing. 

3. From finite element results it is observed 
that the strains in the reinforcements i.e., 

geogrids, geogrids with anchor and cellular 
reinforcement increases with surcharge 
pressures and maximum strains are ob-
served in top reinforcement layers. 

4. Total mean stress and total shear stresses 
are found maximum in case of geogrid re-
inforcements and found minimum in case 
of the cellular reinforcement. 
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1. INTRODUCTION

Model experiments are frequently applied for 
investigating a dynamic soil-structure interac-
tion during earthquake. The method has been 
used extensively and many advances such as the 
development of new mechanical interface 
models and the implementation of computer  
simulation have been made based on the model 
tests results.

The dynamic soil-structure interaction is of-
ten modelled by introducing soil-springs, 
applying external forces, introducing traction, or 
forcing displacements at the boundary. In these 
models, the soil condition is not modelled. 
However, the soil-structure interactive problem 
is expected to influence the soil condition 
around the structure. In reality, the stress-strain 
state of the soil changes continuously as the 
soil-structure interactive motion. Soil deformed 
or fractured largely in a plastic manner, and  its 
behaviour  depends on soil properties and the 
state of the soil for example the stress history 
(or stress path). Therefore in order to under-
stand the soil-structure interaction mechanism, 
the pressure-displacement behaviour caused by 
the motion needs to be investigated associated 
with soil properties. 

In this study, model shaking tests were per-
formed in the laboratory to investigate a dy-

namic pressure-displacement behaviour of a 
structure model in three types of soil ground. In 
the tests, the high-precision bearing systems 
were installed, the structure model was acted 
upon by lateral force only coming from the soil 
grounds similar to an actual condition of under-
ground structures during earthquake. Based on 
measured lateral pressure-displacement behav-
iour of the structure model, feature of a dynamic 
soil-structure interaction is discussed associated 
with soil properties in this paper. 

2. MODEL EXPERIMENTS 

Laboratory shaking tests were carried out to 
investigate a dynamic interaction between soil 
and a structure. A schematic diagram of the 
laboratory shaking test apparatus is shown in 
Figure 1. The shaking of the tank was allowed 
in only one horizontal direction as shown in 
Figure 1.

For the tests, rectangular parallelepiped 
model soil grounds of 300 mm width, 300 mm 
depth and 450 mm height were made at both 
ends in the shaking tank as shown in Figure 2. 
Before the soil grounds were made, a box-type 
structure model with was 50.0 kg mass, 300 mm 
width, 280 mm depth and 500 mm height was 
placed at the centre of the tank. On the interface 
between the base of the structure model and the

ABSTRACT: Laboratory model tests were carried out to investigate a dynamic interaction between soil and a 
structure. The high-precision bearing systems were installed on the interface between the base of a structure 
model and the shaking tank to cut off the force transmitted through the interface. The structure model was acted 
upon by  lateral force only coming from the soil grounds in the tests. Three types of soil ground were used in the 
tests. Based on pressure-displacement curves of the structure model, a dynamic soil-structure interaction associ-
ated with soil properties is discussed. 
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Figure 1.  Laboratory shaking test apparatus

Figure 2. Details of shaking tank

tank, the high-precision bearing systems were 
installed as shown in Figure 2 and it cut off 
lateral force transmitted through the interface. 
The soil grounds were then filled like bridging a 
gap between the structure model and the tank as 
shown in Figure 2. When the tank was shaking, 
therefore, the structure model is acted upon by 
lateral force only coming from the soil grounds.

The earth force applying to the structure 
model was measured with time by pressure 
transducers located on the structure model as 
shown in Figure 2. The relative deformation 
between the structure model and the tank was 

Figure 3. Stress-strain relation in unconfined 
compression test 

Table 1.  Physical properties of Toyoura sand 

Density of soil particle 2.64 (g/cm3)
Uniformity coefficient 1.7 
Roundness coefficient 0.9 
Air dried water content 0.1 (%) 

measured by a dial gauge which was connected 
on the tank as shown in Figure 2. The accelera-
tions were also measured on the structure model 
and the tank. The shaking waveform was a 4.0-
Hz sine wave and a maximum lateral accelera-
tion of the shaking tank was 870 gal for each 
tests.

Three types of soil ground were used in the 
tests: (a) as HARD and COHESIONLESS 
SOIL: a mixture of Toyoura sand, cement and 
water (TYPE I), (b) as FLEXIBLE and 
COHESIVE SOIL : a mixture of Toyoura sand, 
acrylic emulsion adhesive and bentonite (TYPE  
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II), and (c) as DRY SAND : air-dried Toyoura 
sand (TYPE III). The physical properties of the 
Toyoura sand are listed in Table 1. 

The mass ratio of TYPE I was Toyoura sand 
: cement : water = 1:0.02:0.05. This ratio was 
determined by trial and error as taking the same 
value of unconfined compressive strength of 
TYPE II after 24 hours curing. 

The mass ratio of TYPE II was Toyoura 
sand : acrylic emulsion adhesive : air-dried 
bentnite powder  = 1.0:0.3:0.21 (Komiya et.al., 
2006). Acrylic emulsion adhesive is a hydro-
philic emulsion that is generally made use of an 
adhesive of paper labels et. al (The Adhesion 
Society of Japan, 1990). It strengthened by 
removing adsorbed water from acrylic emulsion 
colloids and by bonding acrylic emulsion 
colloids together. Dried acrylic emulsion 
adhesive has flexibility and it keeps intense 
cohesive strength even if water infiltrates into 
again.

Three types soil grounds (TYPE I), (TYPE 
II) and (TYPE III) were made by tamping these 
materials (a), (b) and (c) in the tank as the 
density become 1.50 (g/cm3) respectively. For  

TYPE I and TYPE II, the tests were carried out 
after  24 hours curing. 

Figure 3 shows the stress - strain relation-
ship obtained by unconfined compression tests 
for TYPE I and TYPE II. The tested soils were 
sampled from the soil grounds just after the 
laboratory shaking tests. The both unconfined 
compressive strengths were about 21 kN/m2.
The Young's modulus of TYPE I and TYPE II 
which obtained by the unconfined compression 
tests were about 8750 kN/m2 and about 1150 
kN/m2 respectively. In the case of TYPE II , the 
large deformation and the large plastic zone 
generated compared to TYPE I.

3. TEST RESULTS 

Measured lateral pressure-displacement curves 
of the structure model are shown in Figure 4. 
The pressure is the average of the values ob-
tained by three pressure transducers. In the 
figure, the compressive pressure and the dis-
placement on right hand side of Figure 2 are 
defined as positive. The bold line of the figure 
shows the first cycle in the tests. 

Figure 4. Experimental results for relative displacement between soil and structure model versus earth pressure
on the structure model
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The pressure-displacement curve of TYPE I 
shows sharp rise at compressive loading and 
steep fall at unloading as shown in Figure 4(a). 
The structure model moved between 3.8 mm 
and -3.2 mm almost symmetrically. No tensile 
force generated on the soil-structure interface. 

As shown in Figure 4(b), the pressure-
displacement curve of TYPE II gradually rose 
compared to TYPE I because the Young's 
modulus of TYPE II soil was smaller than 
TYPE I. The structure model moved almost 
symmetrically similar to TYPE I and the maxi-
mum displacements are 5.8 mm and -6.1 mm 
respectively. Slight tensile force 1.2 kPa gener-
ated because of cohesion of the acrylic emulsion 
adhesive in TYPE II soil. 

Figure 4(c) shows the pressure-displacement 
curve of TYPE III. In the case of TYPE III, the 
large maximum movement of the structure 
model achieved at 18.7 mm. On the other side, 
the structure model moved about -5.0 mm so 
that the movement of a structure model was 
asymmetrical. Since TYPE III soil is dry sand, 
it is easy to collapse due to reduce effective 
stress under unloading motion of the structure 
model. The collapsed sand tend to fill the voids 
of the soil-structure interface in unloading side. 
This is one of the reasons that asymmetric  
movement of the structure model was observed 
in TYPE III tests. 

4. CONCLUSIONS

Features of a dynamic soil-structure interaction 
associated with soil properties were investigated 
by laboratory model tests. 

The lateral pressure-displacement curve of 
the hard and cohesionless soil (TYPE I) shows 
sharp rose at compressive loading and steep fall 
at unloading. No tensile force generated on the 
soil-structure interface. 

In the test of the flexible and cohesive soil 
(TYPE II), the pressure-displacement curve 
gradually rose compared to TYPE I due to low 
value of  Young's modulus of TYPE II soil. The 
cohesion of TYPE II soil was generated tensile 
force between the structure model and the soil. 
The structure model moved almost symmetri-
cally  in case of TYPE I and TYPE II. 

In the case of the dry sand (TYPE III), the 
asymmetric large movement of the structure 
model due to soil collapse was observed. 
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1. INTRODUCTION

During the process of anchors pulling out, three 
completely different types of failure surface can 
happen (Figure 2), depending on relationship 
between embedment H and width B (plane
problem) or anchor plate diameter (axially-
symmetrical problem): 
• in case of anchor fundaments where H/B

relationship is relatively small, relatively 
shallow anchor, the press out zone, which 
starts from anchor plate and ends in the sur-
face of half-space, is formed in the ground 

• in case of anchor fundaments where H/B
relationship is large, relatively deep anchor, 
the failure surfaces are created close to an-
chor plate and they also close themselves at 
that place without reaching the surface of 
half-space

• transit type of anchor fundaments; the 
failure surface is the combination of two 
previously mentioned combinations 

Ghaly A., Hanna A. & Hanna M. (1991) 
provides relation between mobilization ratio ƒm 
(ƒm= m/ , relationship between ratio of average 
mobilized angle of shearing resistance and 
angle of shearing resistance) and embedment 
ratio  ( =H/B, relationship between embed-
ment depth and anchor plate diameter) (Fig-
ure 1). 

Figure 1: Relationship between ratio of average 
mobilized angle of shearing resistance / angle of 
shearing resistance (fm) and embedment ratio ( ).
(Ghaly A., Hanna A. & Hanna M., 1991). 

Figure 1 shows that mobilization ratio ƒm in 
relation to angle of shearing resistance  spans a 
range 0.6-0.7. and is constant for a specific ratio 
value .

In case of deep anchors the mobilization ra-
tio is also constant in relation to embedment 
ratio, and spans a range 0.65-1.0 in relation to 
angle of internal friction.

ABSTRACT: While performing experiments and defining pullout load limit, the explorers found it interesting to 
define displacements that appear in such conditions as well. The formed diagrams revealed that in case of
shallow anchors the relationship between pullout load and displacement load is similar to stress-strain curve for
dense sand, and in case of deep anchors the performance is similar to stress-strain curve for loose sand. Since 
the calculation of anchors fundaments can be carried out in accordance with displacements or pullout loads, it is 
also possible to define a dimension if another dimension is known. 
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anchors in sand 
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Figure 2: Failure surface for shallow, deep and transit 
anchor

There is a sudden increase of mobilization 
ratio value in transit zone, which is higher for 
dense sand. The reason for such material behav-
ior is dilatancy, change of volume provoked by 
a change of shearing stresses. 

Table 1. presents embedment extension 
range for various sand conditions, which was 
defined experimentally by Ghaly A., Hanna A. 
& Hanna M. (1991). Also, it can be seen that in 
case of dense sand the anchor relation code 
H<10.5B behaves as shallow, in case of me-
dium dense sand H<8.5B, and in case of loose 
sand H<6.5B. Maximum radius on the ground 
surface presents dilatancy involvement in 

failure mechanism model through extension of 
increased compacted sand model. 

Table 1. Geometrical properties of assumed failure 
surface (Ghaly A., Hanna A. & Hanna M., 1991). 

Sand
state

Zone
definition

Extension
range

Maximum
radius

(Height h0)
Dense

=40°
Dr=80%

shallow
transit
deep

H<10.5B
H=10.5B-12.5B

H 12.5B

8.4B
8.4B
8.4B (6B) 

Medium
=35°

Dr=50%

shallow
transit
deep

H<8.5B
H=8.5B-10.5B

H 10.5B

7.0B
7.0B
7.0B (5B) 

Loose
=30°

Dr=35%

shallow
transit
deep

H<6.5B
H=6.5B-8.5B

H 8.5B

5.4B
5.4B
5.4B (4B) 

The author of this study suggested that 
shape of anchor hole that is filled in by dense 
sand is trapezium, where its height together 
with its side closes the base angle of friction 

B=33°, so that maximum radius for shallow 
and transit anchors is B+1.3H, and for deep 
anchors B+1.3h0 . 

Table 2. Critical embedment ratio (Ilamparuthi K. & 
al, 2002). 

Authors

Angle of 
shearing

resistance

Critical
embedment

ratio
cr

Baker & 
Kondner

(1966)
42° 6 

Vesic
(1971)

loose
dense

 3 
10

Meyerhof & 
Adams 
(1968)

30°
35°
40°
45°

4
5
7
9

Clemence & 
Veesaert

(1977)
41° 5 

Sutherland et al. 
(1982)

33.6°
36.5°
41.5°

4.3
7.8
10.5

Tagaya et al. 
(1988)

32°
42°

6
8
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Ilamparuthi K., Dickin E.A. & Muthukris-
naiah (2002) defined experimentally a critical 
embedment ratio, that is mbedment ratio value 
that represents the limit up to which anchor 
fundaments behave as shallow anchors: the 
value for loose sand ( =33.5°) is 4.8, for me-
dium dense sand ( =38.5°) is 5.9 and for dense 
sand ( =43.0) is 6.8. They compared the given 
results of critical embedment radio with pub-
lished results listed in Table 2.

2. DISPLACEMENT AT PEAK LOAD 

The calculation of anchor fundaments can be 
carried out in accordance with displacements or 
pullout load. While performing experiments and 
defining pullout load limit, the explorers found 
it interesting to define displacements that appear 
in such conditions as well.

Figure 3: Typical pullout load-displacement relation-
ship for anchors in shallow and deep conditions. 

The failure load was defined as ultimate 
pullout load at which the load-displacement 
relationship reaches a peak point.  

In case of shallow anchors, relationship 
pullout load-displacements is similar to the 
stress-strain curve for dense sand, categorized 
by general shear failure. In case of shallow 
anchors, Figure 3, there are three phases of 
behavior: (i) before peak, which is presented by 
sudden load increase, (ii) after peak, presented 
by sudden load decrease together with increased 
displacements and (iii) residual behavior, 
moderate load decrease together with increased 
displacements. In case of deep anchors there are 

two phases: gradual load increase before peak 
and extremely slow decrease of residual behav-
ior after peak. Such behavior is similar to stress-
strain curve for loose sand, categorized by local 
shear failure. 

Figure 4 presents the relationship between 
pullout load and displacement, for embedment 
ratio  = 3.

Figure 4: Relationship between pullout load and 
displacement, experimental results (Ilamparuthi, 
2002).

In figure 4a, peak pullout load in dense sand 
is about 40% higher than in loose sand, 4b) 
peak pullout load in dense sand is 2.5 times 
bigger than peak load in loose sand. The fluc-

251



tuation in the load-displacement relationship at 
larger displacements is attributed to collapse 
and flow of the sand from above the anchor 
towards the gap created below it. This phe-
nomenon, progressive failure, occurs slowly and 
has often been reported previously by Rowe & 
Davis, 1982 and Dickin & Leung, 1990. 

As for displacement size that corresponds to 
maximum value of pullout load for the above 
mentioned embedment ratio: in case of shallow 
anchors is about 5% of anchor diameter dimen-
sion, and for deep anchors it is about 20% of 
anchor diameter dimension. 

In case of plane problem that is applied at 
modeling of the buried pipelines performance, 
Bransby M.F., Brunning P., Newaon T.A. & 
Davies M.C.R. (2001) found out the term 
defining the performance of buried pipelines 
and providing connection between pullout load 
and appropriate displacement, where /H 0.5% 
of pullout load peak. This procedure can be 
applied for calculating displacements in failure 
situations if the pullout load is known.
Table 3. Experimental results for plane problem 

Resear
chers Charakteristics

pullout
load

Q (kN) 

dis-
place-
ment
=0.00
5·Q·H
(mm)

Brans
by & 

al
(2001)

B=25cm
=3

=18.0kN/m3
0.7 2.6 

=1 0.13 0.065 
=1.5 0.22 0.165 
=2 0.29 0.29 

=2.5 0.44 0.55 

Sara
(1975)

B=10cm
=15.45
kN/m3

=37°
=3 0.64 0.96 

In axially-symmetrical case the problem is 
much more complex. Having analyzed experi-
mental data taken from available literature, a 
term for calculating displacement that corre-
sponds to maximal value of pullout load was 
formed. As in case of plane problem, displace-
ment  is a function of pullout load Q, embed-
ment depth H and ratio K that is not a constant 
in this term, but depends on embedment ratio .
While the value of embedment ratio is increas-
ing, K ratio is decreasing (Table 4). 

Table 4. Experimental results for axially-symmetrical 
problem

R
es

ea
rc

he
rs

Charakteristics
pullout

load
Q (kN) 

dis-
place-
ment
=K·Q·

H (mm) 

Sh
ih

-T
su

ng
H

su
(2

00
5) K 0.05

B=5cm, =4,
=17.34kN/m3

0.4 4.0 

=39°
=18.81

kN/m3
0.214 2.1 

=34°
=18.25

kN/m3
0.193 1.9 

K 0.05
B=5cm

=4
=30°

=17.78
kN/m3

0.175 1.7 

=39°
=18.81

kN/m3
1.32 4.8 

=34°
=18.25

kN/m3
0.822 3.6 

K 0.01
B=5cm

=8
=30°

=17.78
kN/m3

0.631 2.5 

=39°
=18.81
kN/m3

2.390 6.4 

=34°
=18.25

kN/m3
1.761 5.8 

K 0.00
5

B=5cm
=12

=30°
=17.78
kN/m3

1.292 4.1 

=39°
=18.81
kN/m3

3.390 8.3 

=34°
=18.25

kN/m3
2.853 8.2 

G
ha

ly
 &

 H
an

na
 (2

00
3)

 

K 0.00
4

B=5cm
=16

=30°
=17.78

kN/m3
2.033 6.5 
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3. CONCLUSION

Anchor displacement as well as uplift capacity 
depends on ground type, ground compaction, 
anchor shape and diameter as well as anchor 
embedment. Since anchor fundaments calcula-
tion can be performed in accordance with either 
displacements or pullout load, it is also possible 
to define one dimension if another one is 
known.

As for plane problem, the size of normalized 
failure displacement ( /H) that corresponds to 
limit pullout load, is about 0.5% of limit pullout 
load for anchors. 

As for space axially-symmetrical problem, 
the size of normalized failure displacement 
( /H) that corresponds to limit pullout load is 
equal to the value of limit pullout load multi-
plied by ratio K. 
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1. INTRODUCTION

Plate anchors are the popular type of anchors 
used in civil engineering construction (chain 
bridges, high anchor towers, lattice type towers 
with separate foundations, sheet walls, etc.) as 
they represent and other embedded anchors for 
resisting uplift force. 

The specific feature of anchor pate founda-
tions compared with the ordinary ones mostly 
us the one of the force direction. The direction 
of force may vary within rather broad limits 
form sloped upward to vertical for the anchor 
foundations. Though in practice the cases with 
vertical force are rare, the horizontal component 
is sufficiently small that it can be ignored in the 
calculation of foundation pullout. Such a case, 
for example, exists with individual foundations 
for steel lattice transmission line towers where 
the calculation for pulling out form soil is done 
in accordance with the vertical component of 
the tower reaction. 

The shape and construction of the anchor 
foundation are determined in accordance with 
the direction and magnitude of force, the con-
struction that is to be anchored, together with 
the soil properties and characteristics. Anchor 
foundations can be done in concrete, steel or 
wood. Depending on the form of the foundation, 
it can be treated in the conditions of a plane 

strain (one dimension considerably greater than 
the other two, foundations in the shape of strip), 
or in the conditions of a spatial strain. 

Anchor plate foundations can be calculated 
according to the displacement or the uplift 
force. The paper defines the uplift force from 
the equilibrium of forces acting upon the ground 
mass delineated by failure surfaces and the 
ground surface. 

Anchor pullout provokes three quite differ-
ent shapes of ground failure depending on the 
anchor embedment depth H and with (plane 
strain) or the anchor plate diameter B (spatial 
axially-symmetrical strain): shallow embedded 
anchors, deep anchors and transitive shape of 
anchor foundations. A thrust zone is formed in 
the soil containing relatively shallow anchors of 
H/B embedment ratio, relatively small, and this 
zone starts at the anchor plate and ends at the 
half space surface. Relatively deep anchors have 
high embedment ratios H/B and failure surfaces 
are formed in the immediate vicinity of the 
anchor plate and without reaching the half-
space surface. Anchor foundations of a transi-
tion shape are combinations of the two previ-
ously mentioned failure surfaces. Shallow 
anchor foundations will be discussed in the 
paper through two models of failure mecha-
nisms: a model with flat slip-surface and a 
model with a curved failure surface (Figure 1). 

ABSTRACT: This paper presents theoretical and numerical methods for the determination of the uplift behavior
of horizontal anchors plates subjected to tensile loading, for plane and for spatial axially-symmetrical strain. The 
final results of this paper are analytical expressions and diagrams of the bearing capacity of shallow anchors in 
sand, what gives opportunity for relatively simple calculation of bearing capacity independent of the angle of the 
shearing resistance, the relative density and embedment ratio.

Design of anchor plates and foundations subjected to tensile loading 

S. Koprivica 
Faculty of Construction Management, Belgrade, Serbia 

255



The model with a vertical slip surface, a cy-
lindrical model (Majer 1955) is not discussed as 
it practically gives similar bearing capacities for 
different sand densities. In the model with a flat 
slip-surface failure mechanism, the cone end 
makes an angle /2 to the vertical (Clemence & 
Veesaert 1977) or angle  (Murray & Geddes 
1987) where  is angle of internal soil friction. 
The first failure mechanism to be considered 
has a cone end that makes a dilatancy angle 
(Vermeer & Sutjiadi 1985) while the other 
failure mechanism model has a curved failure 
surface and failure line in the shape of a loga-
rithmic spiral whose tangent makes an angle /2
at the point of contact with the anchor plate and 
angle /4- /2 with the ground surface (Bala 
1961). Experimental methods whose results 
were compared with the numerical results 
obtained from these failure mechanisms coin-
cide with the results of laboratory centrifugal 
tests (Dickin & Leung 1990) which are reaf-
firmed by the results of in situ tests (Mors 
1965), (Tucker 1987). 

Figure 1: Models of failure mechanism: with straight 
failure line and with curved (logarithmic spiral). 

2. THE AUTOR'S CALCULATION 
METHOD

When the failure mechanism model, i.e. the 
shape of the lowest failure line is adopted, 
ultimate bearing capacity can be determined 
from the equilibrium of the soil mass delineated 
by the failure line, the structure and ground 
surface. Given a defined failure line and stress 
in one point it will be necessary to determine 
stresses and resultant forces at any point of the 
failure line. Stresses and resultant forces acting 
on the failure line were determined by integrat-
ing the differential equations of Sokolovski 
1960 for plane strain and the differential equa-
tions of Berezancev 1952 applying the finite 
differences method for the axially-symmetrical 
strain.

As the non-linearity of the failure stress en-
velope is large in the lower stress region and 
stress on the failure line of shallow plate an-
chors is relatively small, the envelope of non-
linearity of normal and shearing stresses is 
important for the determination uplift behaviour 
of anchor in sand. In that way, when parameters 
of a nonlinear envelope of failure stress in the 
equation with relative sand density, the bearing 
capacity of the anchor is introduced next to 
friction and dilatancy contributions, a phe-
nomenon that is of fundamental importance for 
defining stress-strain behaviour of geomechani-
cal materials. 

2.1. Nonlinear envelope of failure stress 

An expression of the hyperbolic type is used to 
describe the nonlinear law of shearing strength 
(Maksimovic 1989) which can be defined as the 
angle of shearing resistance as a function of 
normal stress in the form 

( )PD nB /1/ σϕϕ ++=  (1) 

where B = basic angle friction, a constant value 
for particular soil; D = maximum contribution 
of dilatancy or maximum angle difference; N = 
failure stress at the point at which the nonlinear 
envelope touches the Mohr's circle; P = median 
angle normal stress and ID =  index of density.

DID ⋅= 1α    (2) 
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( ) NcrDD IIP β⋅−= ,   (3) 

N , 1 and ID, cr  are parameters for the given 
material.

Numerical integration i.e. the finite differ-
ence method was applied to determine stresses 
on the failure line from new equilibrium equa-
tions for granular environment that also in-
cluded a nonlinear change of stress and known 
failure line shape. This gave software for 
calculating an anchor plate bearing capacity in 
sand for the model with a flat slip-surface and a 
curved sliding surface of logarithmic spiral 
shape in the conditions of plane strain (PS) and 
axial symmetrical strain (AS) with numerical 
examples.

2.2. Validity of the models 

The obtained numerical results were compared 
with experimental results and it was concluded 
that due to a good agreement they have with 
centrifugal test results (Dickin & Leung 1990) a 
model with a flat slip failure surface and dila-
tancy angle (PAS) is obtained while for the 
purpose of obtaining satisfactory results for a 
model with curved failure surface (LAS), an 
appropriate family of logarithmic spirals (Sarac 
1989) was looked for in the general spiral 
equation:

( )απ −⋅⋅= 2/
0

kerr  (4)    
where r = spiral vector radius;  = angle of 
slope of tangent line;  = angle between the 
vector radius and spiral tangent; r0 = vector 
radius for  = /2.

βctgk =    (5)                        
The logarithmic spiral tangent at the point 

where it touches the failure line and soil surface 
makes an angle /4- /2 to the horizontal and 
angle /2 at the point of contact of anchor plate 
and the logarithmic spiral. A property of the 
logarithmic spiral (Equation 4) is that its tangent 
in each point makes angle  to the spiral radius. 
Thus a set of infinitely numerous logarithmic 
spirals that satisfy the requirements serves to 
select a particular family of logarithmic spiral 
i.e. the geometrical condition was satisfied by 
choosing:

ϕ⋅⋅= tgHxl    (6) 

where l = failure line projected to the soil 
surface; H = anchor depth and x = linear func-
tion of density index: 

3107.02893.0 +⋅= DIx    (7) 

This family of logarithmic spirals (Equation 
7) represents for the centrifugal test results 
(Dickin & Leung 1990) (Figure 2). 

A satisfactory agreement of results of both 
failure mechanism models (PAS and LAS) was 
achieved when the following parameters of 
nonlinear failure envelope were used: basic 
angle of friction B=33º, (varying within the 
range of B=32-33º); index of critical density 
ID,cr=0.2, (varying within the range of  ID,cr=0.2-
0.3); parameter of dilatancy contribution 1=14º
(rounded off grains) to 1=20º (angular grains) 
given the plane and axially symmetrical strains; 
medium stress parameter N=800kPa (varying 
within the range N=800kPa (uniform grains) to 

N=1600kPa (well graded ones). The bottom 
value was taken because the stress values of 
shallow anchors were low (20-60kPa). 

Figure 2: Comparison of bearing capacity of a model 
with curved sliding failure surface (LAS) and a 
model with straight sliding surface (PAS) (ID=0.25;
1.0 and 1=14º; 20º) with bearing capacity results 
from a centrifugal test (Dickin & Leung 1990) and an 
empirical expression (Dickin 1988) (Ovesen 1981). 
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In Figure 2 is given the comparison of nu-
merical result from the bearing capacity models 
PAS and LAS with the experimental results of 
the centrifugal test (Dickin & Leung 1990). In 
Table 1 a comparison between bearing capacity 
factors from numerical and theoretical methods 
of above mentioned models is given. 

Table 1. Comparison between bearing capacity 
factors N

Researcher =1 =3 =5

Majer (1955) 1.7 3.0 4.4 

Balla (1961) 3.2 10.3 19.1 

Downs & Chieruzzi 
(1966) 3.6 14.5 32.9 

Meyerhof & Adams 
(1968) 3.0 10.6 21.8 

Clemence & 
Veesaert (1977) 2.6 7.5 14.5 

Ovesen (1981)* 3.5 13.7 28.4 

Rowe & Davis 
(1982) 2.7 9.3 18.7 

Sutherland & al 
(1982)* 3.3 10.9 22.6 

Vermeer & Sutjiadi 
(1985) 2.7 5.1 8.5 

Murray & Geddes 
(1987)* 3.8 15.1 34.0 

Saeedy (1987)* 3.0 11.4 22.8 

Sara  (1989) 2.9 10.2 21.7 

Koutsabeloulis & 
Griffiths (1989) 

2.7
2.3
( =0)

10.4
4.5
( =0)

29.0
20.7 ( =0)

Dickin & Leung 
(1990)* 2.7 7.5 13.3 

Ghaly & Hanna 
(1992) 3.0 15.7 36.4 

Pearce (2000)* 4.0 9.0 23.0 

Ilamparuthi & al 
(2002)* 4.4 16.0 28.5 

Merifield& al 
(2005) 3.5 12.2 25.5 

Koprivica (2006) 
PAS
LAS

2.97
2.62

8.84
8.14

16.34
16.39

* experimental results   

The best agreement with the author's results 
and theoretical method inverted cone model 
(Clemence & Veesaert 1977) with an angle of 

/2 to the vertical, finite-element analysis 
giving uplift capacity of strip anchors (Rowe & 
Davis 1982) and the method where the cone end 
makes a dilatancy angle  (Vermer & Sutjiadi 
1985), which takes up a lesser angle of dila-
tancy equal to =17º (total angle of shearing 
resistance =40º ), while the beginning angle in 
witch the author starts in calculation =47º.
With increasing stress the value decreases to 

=40º, for the range of low stress, while for the 
range of high stress and for loose sand de-
creases the value to =33º.

Because the value for the bearing capacity 
factors of models PAS and LAS are similar, 
there is a problem as to witch model is the 
better. The model with the best characteristics 
(simplicity, validity and other) is the model with 
angle dilatancy PAS. 

Figure 3: Bearing capacity factor N depending on 
sand density index ID and embedment ratio   for 
sand parameters B=33º, 1=14º(18º), ID,cr=0.2, 

N=800kPa given plane (PS) and axially-symmetrical 
strains (AS). 
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Figure 4: Bearing capacity factor N depending on 
sand density index ID and embedment ratio   for 
sand parameters B=33º, 1=20º (24º), ID,cr=0.2, 

N=800kPa given plane (PS) and axially-symmetrical 
strains (AS). 

The analytical expressions based on the re-
sults which were obtained from the software for 
calculating an anchor plate bearing capacity in 
sand for the model with a flat-slip surface in the 
conditions of plane strain (PS) and axial sym-
metrical strain (AS). On the basis of the analyti-
cal expressions diagrams were made of bearing 
capacities for anchor plates in sand (Figure 3 
and Figure 4) that allows a fast and simple way 
for the determination of bearing capacity: 

( )HASN ⋅⋅= γ/  (8) 

where  S = pullout force; A = area of the anchor 
plate foundation;  = unit weight of soil. 

These diagrams show that the bearing capac-
ity factor increases with increase in embedment 
depth and sand density. 

3. COMPARISON OF THE BEARING 
CAPACITY IN SAND AND IN 
CLAY

Many of the observations made during the tests 
regarding the general behavior of model anchor 
plates are in accordance with the predictions 
made theory. 

In same model and field pull-out tests on 
circular anchors special care has been taken to 
prevent the development of suction or adhesion 
between the anchor and the soil (e.g. Adams & 
Hayes, 1967; Davie & Sutherland, 1977). In 
other cases, test results have been corrected to 
make allowance for estimated suction forces 
between the anchor and soil (e.g. Spence, 1965; 
Lanley, 1967; Ali, 1968). 

The previously mentioned numerical 
method has obtained the same value of the 
bearing capacity factor. The assumed form of 
rupture line in saturated clay was a circle. 
Skempton received the same bearing capacity 
factor for foundations subjected to tensile 
loading (Table 2). 

It has been shown that bearing capacity of 
plate anchors in saturated clay depends only on 
embedment depth up to embedment ratio 
H/B=4. For this ration the bearing capacity 
factor in plane strain is N=7.5, and in axially-
symmetrical strain N=9. Further increase in 
embedment depth has no influence on bearing 
capacity if anchors witch becomes constant with 
either tension or pressure force acting on the 
foundation.

Table 2. Bearing capacity factor N (Skemton, 1951) 

=1 =2 =3 =4
Plane strain 6.4 7.0 7.4 7.5 
Spatial strain 7.7 8.4 8.8 9.0 

The problem of bearing capacity of anchors 
in saturated clay is simpler than the problem of 
bearing capacity anchors in sand, but their 
diagrams of bearing capacity are very similar. 
The difference is only in saturated clay when 
the bearing capacity dose not depends on 
embedment depth. They become a constant 
value.

By comparing of the bearing capacity of 
sand and saturated clay, you have access to a 
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very practical and economic solution for the 
bearing capacity in clay, substitute clay material 
with sand. Sand with the worst characteristic 
(Figure 2), when compressed gives greater 
bearing capacity then bearing capacity in 
saturated clay. 

4. CONCLUSION AND COMMENTARY 

Another question that requires an answer is 
the appearance of the anchor shaft. Experiment-
ing, Sarac 1989 got a failure line in shape of a 
logarithmic spiral (model testing l=Htg ) while 
results in numerical examples show that the 
failure line in models with straight failure 
surface makes an angle to vertical that equals 
the dilatancy angle = 1ID, so its projection 
upon the ground surface equals l=Htg( 1ID).
However, in a model with a logarithmic spiral, 
the projected failure line for the maximum 
density of soil ID=1 is l=Htg B. For this season 
it is recommended to have the anchor shaft 
shaped as a trapezium of equal legs, a leg 
making angle B to height. As the basic angle of 
friction varies in the range of 32-33º given  

B=33º , the leg projected on the surface is 
l=0.65H (Figure 5).

Figure 5: Anchor shaft appearance. 

In saturated clay recommendation: filling 
anchor shaft shaped as a trapezium of equal legs 
with dense sand. The leg projected on the 
surface is l=H (for clay surrounding). In this 
way bearing capacity is increased by 40% for 
embedment ratio H/B 4, and increases with 
further embedment depth up to embedment ratio 
H/B=7, and it provides double maximal bearing 
capacity in saturated clay. Filling the anchor 
shaft shaped as a trapezium of equal legs with 
base width between B and B+2H with dense 
sand doubles the maximal bearing capacity in 

saturated clay. This is a practical solution for 
foundations, to substitute worse material with 
dense sand.

With such results in the numerical examples 
and their comparison with experiments carried 
out, analytical expressions were formed to 
calculate anchor plate bearing capacities and to 
prepare bearing capacity diagrams for anchor 
plates in sand. The given expressions, diagrams 
and anchor shaft appearance in the soil repre-
sent the influence of nonlinear failure stress 
envelope parameters which together with 
relative density, give a quality aspect to the 
possible solution of a design of anchor plates 
and foundations subjected to tensile loading in 
the conditions of plane and axially-symmetrical 
strains.

5. REFERENCES

Dickin E. A. & Leung C. F. 1990. Performance of 
Piles with Enlarged Bases Subject to Uplift 
Forces. Can. Geotech. J. 7: 546-556 

Gaudin C. 2005. Design of Anchor Plates and 
Foundations Subjected to Tensile Loading. The 
University of Western Australia

Ilamparuthi K., Dickin E. ‚A. & Muthukrisnaiah K. 
2002. Experimental Investigation of the Uplift 
Behaviour of Circular Plate Anchors Embedded 
in Sand. Can. Geotech. J. 39: 648-664.

Koprivica, S. 2006. Bearing Capacity of Shallow 
Anchor Foundations in Clay and Sand. 
Ph.D.thesis, University Union, Faculty of 
Construction Management, Belgrade

Maksimovic, M. 1989. Nonlinear failure envelope for 
soils. Journal of Geotechnical Engineering, Vol. 
115. No 4: 581-586.

Maksimovic, M. 1993. Nonlinear failure envelope for 
limit state design. Int. Symp.ISLD 93 Vol. 1: 731-
734. Rio de Janeiro. 

Merifield R. S. & Sloan S. W. 2005. The Ultimate 
Pullout Capacity of Anchors in Frictional Soils. 

Murray E. J. & Geddes L. D. 1987. Uplift of Anchor 
Plates in Sand. ASCE Journal of Geotechnical 
Engineering 113: 202-215 

Sara  Dž. 1989. The Uplift Capacity of Shallow 
Buried Anchor Slabs. XII ICSMFE, Vol. 2: 1213-
1216. Rio de Janeiro 

260



1. INTRODUCTION

The popularity of safe, environmental-
friendly rail travel has increased in Finland and 
many other European countries in recent years. 
Rail traffic, however, causes noise and vibra-
tions in the environment surrounding railway 
tracks. Vibration problems are especially 
evident in areas with soft clay substrates where 
heavy freight trains run. Because soft clay strata 
are commonly found in South Finland, which is 
also densely populated, large numbers of people 
may experience disturbances caused by vibra-
tions. The disturbance by railway vibrations is 
one of the most difficult environmental prob-
lems facing railway traffic in Finland.

The environmental vibration load reaches its 
maximum dispersion when a train’s axle load is 
exerted on the rails. Moving wheel load defor-
mations are resisted by the stiffness and inertia 
of the track and its substructure. The combined 
effect of these results is the dissipation of 
vibrations into the environment, even if the 
track was perfectly smooth and even. Typically 
this bypass frequency is approximately 3-6 Hz. 
The lowest natural frequency of the soft soil 
layers and, in particular, the lowest horizontal 
natural frequency of two-story small house is 
often within the same frequency area.

 In soft soil strata higher frequency vibration 
loads caused by the condition of trains and 

rolling stock are dampened in close proximity to 
the track and are not generally a nuisance to 
people.

The environmental vibration caused by rail-
way traffic can be reduced by: influencing the 
vibration source (1); influencing the track 
substructure (2); building an isolating structure 
outside the track or by stiffening structures (3) 
(Figure 1).

Figure 1. The methods to decrease the environmental 
vibration caused by railway traffic, for numbers see 
the text. 

The article examines the impact of track 
substructure stabilization on vibrations dissi-
pated into the environment. There is conflicting 
data on the impact of stabilization. In some 
articles stabilization is estimated to reduce the 
amount of vibration transmitted from the track 
into the environment by approximately 50% 
(Madshus 1997). Vibration measurements taken 
in areas surrounding stabilized sections of the 
new Helsinki-Lahti line showed no measurable 

ABSTRACT: Train traffic can cause environmental vibrations close to the track. In this study deep stabilized 
structures under train tracks were analyzed using numerical methods in order to reduce vibrations. The results of
the analysis indicate that deformations decreased under the track, but environmental deformations cannot be 
estimated based on these results. Soil and stabilized columns interact and vibration energy is transferred hori-
zontally and can increase environmental vibrations. In order to decrease environmental vibration, the stiffness of
deep stabilization should be higher as usual, then interaction between columns and soil will be decreased and the 
environmental vibration will be lower. 

Reduction of train vibration by deep stabilization
S. Kurkela 
South Karelia University of Applied Sciences 

M.Hakulinen
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decrease in vibration (The Finnish National Rail 
Administration 2006). The analyses in this 
article were done primarily by numerical 
methods.

2. NUMERICAL ANALYSIS 

     The numerical analysis was done with FLAC 
4.0 Code in the time domain. FLAC Code (Fast 
Lagrangian Analysis of Continua) is a two-
dimensional explicit finite difference computer 
code developed by the Itasca Consulting Group 
Inc.
     The present problem of train induced cyclic 
loads is very much a three-dimensional one. 
Therefore it is not possible to get precise results 
with the 2D FLAC. As the purpose of the work 
is clearly delimited to qualitative results and 
dependencies, this tool was seen to be suited for 
the analysis. A simple rectangular grid was 
used. For precise enough results, usually the 
element size of 1 x 1 m2 was chosen.  The 
element size of 1 m was shorter than wave 
length /8, which is around 6 m at its shortest and 
the calculation of the waveforms could be 
carried out without a problem.
      The analysed model should be as large as 
possible in order to calculate the vibration as 
well as possible. The size of the model was 
limited to the properties of the code, calculation 
time and thin layers of ballast. The dynamic 
loading was sine wave normally at 3, 5 or 7 Hz 
and some special analysis also 1…30 Hz. The 
amplitude of loading has no significance be-
cause the model was linear elastic and the 
purpose was not to calculate real values but 
relative displacements and the vibration of 
different stabilized structures.
     Boundary settings in dynamic analysis may 
cause a reflection of the outward propagating 
waves in the model. The use of larger models 
can minimize this problem, but this solution 
leads to a large computation burden. Therefore 
FLAC offers alternatively three different types 
of boundaries for dynamic studies: quiet (ab-
sorbing), free field and three-dimensional 
radiation-damping boundaries. Quiet boundaries 
and free field boundaries are depicted below. 
     Rayleigh damping is commonly used in 
time-domain programs to provide damping that 
is approximately frequency-independent over a 
restricted range of frequencies. In analysis 

Rayleigh damping can need long calculation 
time.  Local damping is easier in application as 
no centre frequency range has to be settled. 
However, it is only well suited for systems with 
simple waveforms. In material damping the 
local damping (here 0,03 ) is suitable for the 
analysis of simple sine waves.
     The results of the vibration were calculated 
from the distance of 30 m and 50 m from the 
centreline of the track and in the centre of the 
track.

3. ANALYSIS AND RESULTS 

Mass- and column stabilization structures 
which increase the stiffness of track substruc-
tures were analysed. At present, only column 
stabilization was actually used in track substruc-
tures. The study also examined mass stabiliza-
tion structures, as their calculation and analysis 
was simpler than those for column stabilization 
and the method could have practical applica-
tions in the future. Geometric models and their 
indicators are shown in Table 1. 

Table 1. Geometry of calculation models. 

Indica-
tor

Clay
thick-
ness
 [m] 

Stabiliza-
tion thick-
ness
zp [m] 

Clay thick-
ness under 
stabilization
[m]

8/8 8 8 0 
8/12 12 8 4 
8/16 16 8 8 
10/12 12 10 4 
10/16 16 10 6 
12/12 12 12 0 
12/16 16 12 4 

The basic calculations made used stabiliza-
tion depths of 8, 10 and 12 m, with the corre-
sponding clay depths of 8, 12 and 16 m. Some 
of the stabilization was extended to hard sub-
strata and others to a specific depth, at which 
there was clay between the stabilization and the 
moraine at the bottom of the model.

In the calculation models the lowest level 
was a moraine layer, which was at least 1 meter 
thick and there was a 1 meter thick dry crust at 
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the surface. In basic cases the models were 50 
meters wide and 18 meters high. The embank-
ment height used in the calculation of mass 
stabilization was 1 meter and in other calcula-
tion cases, 2 meters. The soil material values 
typically found in Southern Finland were used 
in the calculations. Planning phase values 
(Table 2) were used as stabilization material 
values.

Table 2. Material parameters.

Shear-
wave

velocity
Vs [m/s] 

Poisson’s
ratio

Shear
modulu

s
[MPa]

 Vs  G 
Stabilization 200 0,3 80 
Stabilization 300 0,3 180 
Stabilization 500 0.3 500 
Dry crust 150 0.45 40.5 
Embankment 300 0.3 180 
Clay 1 40 0.45 2.9 
Clay 2 70 0.45 8.8 
Clay 3 100 0.45 18 
Moraine 500 0.3 500 

3.1 Mass stabilization 

Natural structural frequencies were calcu-
lated in soil stabilization cases. The natural 
frequency fsn of the homogeneous soil layer and 
its multiples were calculated according to the 
following equation (1):

H
nVf s

sn *4
)1*2(* −=  (1) 

where
n  equals the frequency multiple value 

and
H equals the thickness of the layer (m) 

The natural frequency of the layered struc-
ture was calculated using the superposition 
principle. The impact of stabilization thickness 
on the combined natural frequency of the 
structure is shown in Figure 2. 

Natural frequency; clay, Vs=100 m/s and stabilization, Vs=400 and 
combined frequency of 16 m thick soil stucture. 
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Figure 2. Impact of mass stabilization thickness on 
natural frequency, with a total structural thickness of 
16 metres, stabilization Vs=400 and clay Vs=100 m/s. 

The structure’s natural frequency was low 
(fsn  3 Hz) when stabilization did not extend to 
hard substrata. When extended to hard sub-
strata, the structure’s natural frequency in-
creased rapidly. Based on natural frequency 
calculations, the natural frequency of the track 
substructure was nearly always close to the train 
load frequency (approx. 3–7 Hz). Based on 
numerical calculations, however, resonance 
does not appear to significantly increase vibra-
tion.

At the lowest stabilization strengths (Vs=200
m/s) almost no dampening effect on environ-
mental vibration in stabilized areas was ob-
served (Figure 3).

Displacement in 16 meter-thick soft soil strata, load frequency 5 
Hz, shear wave velocity of clay Vs=100
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Figure 3. Impact of stabilization strength and stabili-
zation depth on displacement in 16 meter-thick soft 
soil strata.

Subtrack displacements increase along with 
an increase in stabilization thickness. In this 
case the structure will most likely approach 
resonance. When stabilization and stiffness are 
increased, displacement levels decrease. Stiff 
stabilization can reduce vibration effectively if 

Stabilization Vs=200 m/s            Stabilization Vs=400 m/s 
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it extends as deeply as possible to hard sub-
strata.

Figure 4 provides a more detailed examina-
tion of the impact that loading frequency has on 
environmental vibrations. The natural frequency 
of this calculation case (10/16) is approx. 2 Hz. 
When the impulse frequency is close to the 
structure's natural frequency, subtrack dis-
placement levels are at their maximum. Vibra-
tion levels are low in this kind of environment. 
When the loading frequency is greater than the 
natural frequency of surrounding soil layers, 
displacements under the track decrease while 
increasing in areas surrounding it. In this case 
the vibration energy radiates out from the track. 
As a result, displacements occurring under the 
track cannot be used to estimate displacements 
occurring around the track. 

Case 10/16, displacements as a frequency function
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Figure 4. Calculation case 10/16 displacements as a 
frequency function.

3.2 Column stabilization 

The natural frequency of column stabilized 
structures cannot be mathematically determined 
using simple analytical methods. The natural 
frequency is assessed based on calculation 
results. At resonance frequency, displacements 
are at maximum and the structure’s dynamic 
stiffness is at minimum.

In column stabilization cases the column di-
ameter was d = 0.6 m and column spacing was e 
= 1.4 m (c/c).  However, because the actual 
situation occurs in three dimensions, the column 
size was changed in displacement examinations, 
taking into consideration the surface areas of 
columns and the clay between them by calculat-
ing the equivalent column diameter (Equation 
2).

e
ddcalc *4

* 2π=  (2) 

dcalk  equivalent column diameter 
d actual column diameter 
e column spacing 

In calculation models columns were shown 
as two-dimensional lamina with a width of 0.2. 
In examining the dynamic interaction between 
the columns and soil columns with an actual 
column diameter (0.6 m) were used, because the 
dynamic interaction would not appear correctly 
when using equivalent columns. 

The dynamic stiffness depends on the phase 
difference at which the vibration waves meet 
consecutive columns. The phase difference 
depends on whether the stiffness increases or 
decreases (Figure 5).

Figure 5. The impact of vibration waves on structural 
stiffness.

Dynamic stiffness is therefore dependent on 
loading frequency, column spacing and column 
diameter. There is usually a phase difference 
between dynamic stiffness and damping. Low 
loading frequencies generally move large 
volumes of homogeneous soil, thus also increas-
ing the geometric damping. In this case the 
structure transmits vibrations into the environ-
ment.

Figure 6 shows vertical displacement of the 
track calculated using the structure’s dynamic 
stiffness in proportion to the dimensionless 
frequency a0. Dynamic stiffness was determined 
based on the unit force and displacement ratio 
and also includes damping and inertia. The 
column length was L = 16 m and column 
spacing e = 1.5 m. The structure’s dynamic 
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stiffness K increases significantly as the fre-
quency increases and reaches its maximum 
when a0 = 0.55. In the calculation model it was 
equivalent to an 18 Hz loading frequency. 
Stiffness was lowest when a0 is 0.3, which was 
the resonance frequency.

Column stabilization 16/16 displacements as a frequency function
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Figure 6. Column stabilization 16/16 displacements 
as a frequency function.

     At the low frequency area (3…7 Hz), the 
stiffness did not depend on frequency. Wide 
variations were observed at higher frequencies. 

Increasing column stabilization stiffness re-
duces vibration. Figure 7 shows calculation 
cases 12/12, with an impulse frequency of 5 Hz. 
The results in Figure 7 show that column 
stabilization has no real effect on environmental 
vibration levels, when the shear-wave velocities 
of columns were Vs= 200 and 300 m/s. Only 
when the column stiffness was Vs = 500 m/s did 
the displacement levels decrease, even at 
calculation points farther away.

Columns extending to hard substrata in 12 metre-thick clay 
substrate, load frequency f=5 Hz
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Figure 7. Columns extending to hard substrata in 12 
meter-thick clay substrate.

According to calculations, column stabiliza-
tion structures extending less than 12 metres to 
hard substrata generally reduced environmental 
vibrations. However, when examining the 
interaction of columns and soil it was discov-

ered that column stabilized structures are 
sensitive to frequency variations. Figure 8 
shows the displacements of an unstabilized 12 
metre-thick soft soil layer and column stabilized 
structure extending to hard substrata at different 
frequencies (calculation case 12/12).

Case 12/12, displacements at different loading frequencies
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Figure 8. Column stabilization calculation case 12/12 
- displacements at different loading frequencies. 

When columns extend to hard substrata in a 
12 metre-thick clay substrate, the columns were 
unable to significantly reduce vibration at a 
loading frequency of 7 Hz. Conversely, at a low 
3 Hz frequency, the columns reduced vibration 
by approx. 50%. The effectiveness of column 
stabilization in reducing environmental vibra-
tion is clearly dependent on loading frequency. 
Increasing the length of columns reduces the 
effectiveness of stabilization.

4. CONCLUSIONS 

Environmental vibrations are significantly 
affected by loading frequency and stabilization 
strength. The strength of stabilized columns is 
low compared to, for example, reinforced 
concrete piles. In a column stabilization struc-
ture the columns and soil interact together. A 
portion of the dynamic loading is transmitted 
from the columns into the surrounding clay, 
which reduces the amount of vibration under the 
track, but increases vibration in areas surround-
ing it. Column stabilized structures function in 
the same manner as what, for example, machine 
foundations are designed to do: they reduce the 
amount of vibration being exerted on the ma-
chine (track) (Hakulinen 1991). Even though 
track displacement levels can be reduced by 
stabilization, environmental vibrations cannot 
be predicted based on them. 
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In pile slab foundations pilings in soft soil 
strata usually transfer loads to hard substrata, 
which also decreases environmental vibrations.  

Thus, reducing environmental vibration by 
improving the track substructure is ultimately a 
question of where the vibration is being di-
rected: to hard substrata (pile slab structure) or 
the environment (stabilized structure) (Figure 
9).

Figure 9. When soil and columns work together, they 
transmit vibration energy into the environment. In 
pile slab structures the pilings effectively transfer 
vibration energy downward, thus keeping environ-
mental vibration down. 

When the aim is to reduce the amount of vi-
bration being dissipated into the environment, 
there are several uncertainty factors affecting 
the design of track substructure stabilization at 
this point, such as column strength, column 
spacing, column length and loading frequency.

In principle the calculations required during 
the design phase could be made using numerical 
methods as 3D calculations. In this case design 
might prove to be too time-consuming and 
expensive for practical construction applications 
and the uncertainty of the end result would 

affect, for example, the scope of site investiga-
tions.

A more reliable basis for stabilization design 
would be adequately researched and simplified 
design methods. The development of simplified 
methods requires additional research and test 
construction. The stabilization calculations 
made here were 2D calculations. To ensure the 
reliability of results calculations should be made 
with 3D analyses. When conducting examina-
tions, particular attention should be paid to 
stabilization strength, because strong columns 
appear to effectively reduce environmental 
vibration. The calculation results of strong 
columns should be compared to corresponding 
results for pile slab structures. It would also be 
good to determine how strong columns should 
and could actually be used and how they behave 
when under dynamic load. In future composite 
column and mass stabilization structures should 
be studied, particularly for use in deep soft soil 
strata. In this case the number of columns could 
perhaps be reduced, whilst also reducing the 
interaction of columns and soil and, in turn, the 
amount of vibration being transmitted into the 
environment.
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1. INTRODUCTION

The design of flexible buried pipes usually 
demands ensuring good compaction of backfill 
soil, as it is well known that their behaviour is 
largely governed by the properties of surround-
ing backfill. However, in practice, it does not 
seem to be always easy to secure the good 
compaction, because of the congested and 
limited surrounding space.

The structural response of flexible buried 
pipes has been long investigated since the 
pioneer work by Marston & Anderson (1913), 
Spanglar (1941) and others. Extensive and 
systematic studies have been recently carried 
out by Yoshimura et al. (1997) and Yoshimura 
& Tohda (1998), based on centrifuge testing. 
They were summarised as proposed design 
charts constructed by the elastic FEM analysis 
in which the relative stiffness of pipe to the 
surrounding soil was taken into account (Tohda 
& Yoshimura, 1999).  

Most of the previous studies mainly focused 
on the response of flexible pipe under static 
loading. The behaviour of flexible pipe sub-
jected to cyclic loading has not been fully 
understood. In this research, experimental study 
has been conducted to examine effects of 
backfill soil condition on the behaviour of 
flexible buried pipe under cyclic loading.

2. APPARATUS AND TEST METHOD 

A series of model test was conducted applying 
three stress levels of cyclic loading to the model 
ground with a buried flexible pipe. A density of 
backfill soil was varied from loose to dense. 

2.1. Model ground 

A model ground was constructed in a soil 
chamber of 46cm wide, 20cm long and 33cm 
high as schematically shown in Figure 1. 
Backfill material used was Toyoura sand, 
uniform fine sand having a mean particle size of 
0.16mm. A model pipe was placed on the base 
layer of which a relative density was 90%. Side 
and above the pipe were backfilled in the 
specified density by the multiple seiving air 
pluviation method. Especially for the dense 
ground condition, the backfill sand below the 
spring line of the pipe was well compacted in 
order to achive the specified relative density of 
90%.

2.2. Model pipe 

A PVC pipe (VU125: outer diameter of 140mm 
and thickness of 4.1mm) was used for a buried 
model pipe. Small load cells capable of measur-
ing both normal and shear forces were installed 

ABSTRACT: In order to investigate effects of state of backfill soil on the behaviour of buried flexible pipe 
under cyclic loading, a series of model test was performed in a small sand chamber. Small load cells were 
installed in the model pipe to obtain the distribution of acting stresses on the pipe. When a pipe is buried in loose 
backfill soil, the acting stress on the pipe crown is notably large due to the stress concentration. Cyclic loading 
seemed to magnify the stress concentration. The horizontal stresses acting on the side of the pipe gradually 
decreased as the number of applied cyclic loads. Thus, increase in vertical stress and decrease of horizontal 
support result in softer response and larger deformation of pipe. 

Model tests on behaviour of flexible buried pipe in sand with differ-
ent densities 

R. Kuwano & T. Miyashita 
Institute of Industrial Science, the University of Tokyo, Japan 
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in the pipe in order to evaluate acting pressures 
on the pipe surface at eight locations as shown 
in Figure 2. Small pressure cells having diame-
ter of 6mm were also used. Strain gauges were 
attached in outer and inner surface of pipe in 
addition to the measurement of vertical and 
horizontal diameter changes, to obtain the 
information on the pipe deformation. 

A small load cell (LC), which was 52mm 
long, 5mm wide and 21mm high, can measure 
both compression/tension and shear forces up to 
98N each. A photo of the LC is shown in Figure 
3. A loading plate of 10mm by 20mm, made of 
PVC, was attached to the load cell. The LCs 
were installed into the pipe using metal attach-
ments stationed at the inner surface of the pipe. 
It was confirmed that the reading of the LC was 
not affected by the pipe deformation unless a 
force was acting on the loading plate of the LC. 
It turned out that the measurement of the LCs 
seemed to be more reliable compared to that of 
small pressure cells, as a small area of dia-
phragm in the pressure cell was incapable of 
detecting change of earth pressure. Only the 
data obtained from LCs are reported here. 

2.3. Test method and conditions 

Load was applied to the surface of model 
ground through a rigid plate of 42cm wide, so 
that the model ground was subjected to one 
dimensional compression. A vertical pressure of 
10kPa was applied first, which was equivalent 
to overburden soil pressure of approximately 
60cm. Then cyclic loading of three stress 
amplitude levels, 50kPa, 100kPa and 200kPa, 
was applied. Repeated loads were given 100 
times at each stage. All load-
ing/unloading/reloading was made in a dis-
placement control at a rate of ±0.02mm/sec.
The cyclic stress amplitude of 50kPa was 
roughly equivalent to the live load used in the 
road design practice in Japan. 

Backfill soil was made in dense and loose 
state. In one case, only the side of the pipe was 
backfilled in loose state, below and above the 
pipe was made in dense state. Test cases and 
their conditions are summarized in Table 1. 

Table 1. Test conditions 

No. Model ground Cyclic loading 
L Dr=39% 
D Dr=90% 

DL Base and above the 
pipe: Dr=90% 

Side of the pipe: 
Dr=39%

100 times 
cyclic loading 
with stress 
amplitude of 
50, 100 and 
200kPa,

Figure 1. A small soil chamber and model ground 

Figure 2. A model pipe 

Figure 3. A photo of load cell 
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3. TEST RESULTS AND DISCUSSIONS 

3.1. Deformation and acting stress on the pipe 
buried in the uniform sand ground with def-
erent densities 

Relationship between normal stresses acting on 
the pipe at the LC location of 1, 3, 5 and 7, and 
displacements of pipe diameter for test case L is 
shown in Figure 4. Vertical/normal stresses 
measured at LC1 and LC5 are plotted against a 
displacement of vertical diameter. Similar 
values were recorded at LC3 and LC7 as the 
model was in the symmetric condition and the 
average of these values is plotted against dis-
placement of horizontal diameter. In Figure 4, 
relationship between applied pressure and 
displacement/settlement on the ground surface 
is also shown. Test results from case D are 
shown in Figure 5 in the same manner. 

Figure 4. Deformation and stresses acting on the 
surface of pipe and ground in case L. 

Figure 5. Deformation and stresses acting on the 
surface of pipe and ground in case D. 

Overall deformation of the pipe and the 
ground was notably larger in case L, although 
too large settlement was observed at the initial 
loading of 50kPa in case D, possibly because of 
bedding error caused by imperfect placement of 
a rigid loading plate. Magnitude of stresses 
recorded at LC3, 5 and 7 are similar between 
case L and D, while the value of stress at LC1 
was distinctively large in case L.

Stress distributions at the maximum and re-
sidual values at each cyclic loading stage are 
shown in Figures 6 and 7 for case L and D 
respectively. 1-100max means the maximum 
value of stress at the 100th cycle of 1st loading 
stage (50kPa) and 1-residual means that the 
residual value after the 1st cyclic loading stage 
(still subjected to 10kPa). The concentration of 
stress at LC1 clearly appears in the stress 
distribution as vertically upward stretching oval 
shape in case L. It is also noted that the residual 
stress at LC5 increased as the cyclic loading 
progressed for both case L and D. 

Figure 6. distribution of normal stresses acting on the 
pipe surface in case L 

Figure 7. distribution of normal stresses acting on the 
pipe surface in case D 
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3.2. Effects of cyclic loading

Figures 8 to 11 show time history of normal 
stresses at LC1, LC5 and the average value of 
LC3 and 7 in case L and D. The following 
phenomena were observed; 
• Variation of stresses during cyclic loading 

stage for all the LC location was large in 
case L. For example, change of LC1 stresses 
at 1st, 2nd and 3rd loading stage was 
approximately 60, 120 and 240kPa for case 
L, while 30, 70, 160kPa for case D.

• Maximum values of LC1 tend to increase 
during cyclic loading for case L, while those 
for case D decrease except for the very 
beginning of 1st stage. 

• Both maximum and minimum values of 
LC5 increased with cyclic loading in case L 
and D. 

• Average value of LC3 and 7 decreased with 
cyclic loading for case L, while increased 
for case D. 

Figure 8. Time history of normal stresses at LC1 and 
LC5 in case L.

Figure 9. Time history of average normal stresses at 
LC3 and 7 in case L.

It is implied that the load on the ground 
surface appears to be transmitted in magnified 
manner at the crown of pipe if the backfill soil 
is not well compacted. When the pipe in loose 
backfill is subjected to the repeated load, stress 
acting on the crown increases and stress acting 
on the side of the pipe decreases, leading to the 
loss of side confinment. The resulting 
deformation of the pipe would be large. On the 
other hand, in case of a pipe buried in well 
compacted backfill, a stress acting on the crown 
is not as large as the sterss on the surface of the 
ground by the function of ground arching. The 
relief of stress at the crown due to the ground 
arching are kept well or even enhauced during 
cyclic loading. The ground reaction at the side 
of the pipe are also kept well, which gives a 
good lateral confinment. The pipe deformation 
is therefore limited. 

Figure 10. Time history of normal stresses at LC1 
and LC5 in case D. 

Figure 11. Time history of average normal stresses at 
LC3 and 7 in case D.
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Figure 12. Normal stresses acting on the pipe in the 
horizontal and verticl directions in case L. 

Figure 13. Normal stresses acting on the pipe in the 
horizontal and verticl directions in case D. 

In Figures 12 and 13, an average normal 
stress at LC3 and 7 is plotted an against average 
normal stress at LC1 and 5 for case L and D, 
respectively. Normal stresses at LC3 and 7 are 
in the horizontal direction and those at LC1 and 
5 are in the vertical direction. A ratio of 
horizontal stress and vertical stress indicates the 
degree of lateral confinment. In case L, the 
horizontal and vertical stress ratios fall between 
0 and 0.55. It is also noted that the ratios 
decreased due to cyclic loading. In case D, the 
ratios are between 0.3 and 0.75, which did not 
change during cyclic loading. 

3.3. Deformation and acting stress on the pipe 
buried in poorly compacted backfill

In the construction site, the compaction of 
backfill may not be always easy, especially at 
the vicinity of pipe. In test case DL, considering 

such a situation, only the side of the pipe was 
backfilled in a loose state. The base layer and 
above the pipe are made in a dense state as 
shown in Figure 14. 

Figure 14. Model ground of poorly compacted 
backfill around a pipe.

Figure 15. Deformation and Stresses acting on the 
surface of pipe and ground in case DL

Figure 16. Distribution of normal stresses acting on 
the pipe surface in case DL

Stresses and displacement of the pipe and 
ground in case DL are shown in Figure 15. 
Trend of acting stresses and resulting deforma-
tion was somehow in between case L and D. 
Significant stress concentration on the crown of 
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the pipe was not observed. The stress distribu-
tion acting on the pipe was similar to that in 
case D, as shown in Figure 16. However, the 
deformation of the pipe was relatively large 
compared to the degree of ground settlement as 
the most of the backfill deformation seemed to 
take place in a loose layer.

Average values of stresses at LC1 and LC5 
are plotted against vertical displacements of 
pipe diameter for all the test cases in Figure 17. 
The inclination of the plots indicates a kind of 
stiffness of pipe response, reflecting also lateral 
confinement of backfill. Case D shows the 
stiffest pipe response due to the strong support 
from the lateral backfill soil. For case DL, 
although the horizontal stresses measured at 
LC3 and 7 were relatively large, the pipe 
response was nearly as soft as case L.

Figure 17. Comparison of stress-diformation 
relationship of pipe 

4. SUMMARY

In order to investigate effects of backfill density 
state on the behaviour of buried flexible pipe 
under cyclic loading, a series of model test was 
performed in a small sand chamber. Following 
conclusions were obtained.
• When a pipe is buried in loose backfill soil, 

the acting stress on the pipe crown is 
notably large due to the stress concentration. 
Cyclic loading seemed to magnify the stress 
concentration. The horizontal stresses acting 
on the side of the pipe gradually decrease as 
the number of applied cyclic load. Thus, 
increase in vertical stress and decrease of 
horizontal support result in soft response 
and large deformation of pipe. 

• When backfill soil is dense, the opposite 
happens. The acting stress on the pipe crown 
becomes smaller due to the function of 
ground arching. Cyclic loading seems to 
enhance the effect of ground arching. Ratios 
of horizontal stresses and vertical stresses 
are kept between 0.3 and 0.75 irrespective to 
the stress level and the number of applied 
cyclic loads. The response of the pipe was 
stiff and resulting deformation was limited. 

• Considering the condition of construction 
site, the backfill was made in a loose state 
only the side of the pipe. The characteristics 
of stress distribution were similar to those in 
the dense backfill, while the pipe response 
was nearly as soft as that in the loose 
backfill.
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1. INTRODUCTION

Deep excavation in dense population urban area 
has become one of the most challenged works 
for geotechnical engineers. A unique deep 
excavation project that involved different 
diaphragm wall designs, construction defects, as 
well as difficult ground condition was selected 
to study the performance of deep excavation.

In the presented study, measurements of in-
clinometers in diaphragm wall units were used 
to analyze the performance of diaphragm walls. 
In addition to the maximum lateral deformation 
of the diaphragm wall that was conventionally 
used to monitor the deep excavation; the deflec-
tion area was also defined to improve observing 
performance of studied excavation. Moreover, 
time rate of such an index was also analyzed in 
an effort to provide better monitoring and 
warning information on safety control of deep 
excavation works. Results of this paper is hoped 
to improve understanding on performance 
analysis and safety monitoring of deep excava-
tion in difficult ground.

1.1. site information 

Figure 1 shows both the geometry layout and 
instrumentation plan of the studied case. As 
shown in the figure, the slender excavation area 
is designed with depth of 20m, length of 287m, 

and width of 16m. Figure 2 shows the typical 
cross section view of the deep excavation 
design. The excavation area was propped by six 
levels of struts with two rows of center columns. 

In a purpose to categorize the different con-
trol factors for analyzing wall performance, the 
excavation area was defined as A, B, C, and D 
four zones. In Zones A and B, diaphragm walls 
of 800mm in thickness were installed to a depth 
of 39m. Walls of 1000mm in thickness were 
installed to a depth of 37.5m in Zones C and D. 
During excavation, an uncontrolled leakage of 
the diaphragm walls that led to sever ground 
damages was occurred in Zone B, when excava-
tion already reached a depth of 15m. Table 1 
summarizes the basic information of selected 
inclinometers.

1.2. Ground Condition 

The studied site was a salt pan a century ago. 
The area was reclaimed by using the soil 
dredged from a harbor.  Subsoils on site is the 
typical silty sand and sandy silt interlayers. 
These deposits are young sediments with high 
water contents and low plasticity. Such soils can 
easily be softened once disturbed, or liquefied 
when subjected to steep hydraulic gradients. 
Behavior of deep excavation within thus sensi-
tive soil deposit would be different from typical 
soil deposits such as clay and sand; and is 

ABSTRACT: A deep excavation failure provides a unique opportunity to examine adequacy of present analysis 
method for diaphragm wall deformation of deep excavation. In this paper, a new characterization index for
diaphragm wall deformation was first defined and analyzed for its efficiency in observing performance of deep 
excavation. Moreover, engineering factors include construction defects and thickness of diaphragm walls are 
discussed in terms of maximum wall deformation according to depths of excavation. Results of presented study 
are hoped to be helpful for performance analysis and safety control of deep excavation. 

Performance Analysis of Diaphragm Walls of a Deep Excavation 
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difficult to be monitored and analyzed. Figure 3 
shows the soil profile summarized using num-
bers of boreholes collected before and after the 
failure event (Ho et al, 2005). As shown in the 
Figure 3, soil deposited at the depth where 
construction failure occurred is mostly the 
sandy silt or silty sand with fine contents ranged 
from 20% to as high as 60%.  Soil properties 
adopted in designs are listed in Table 2. Ground 
water table is 1 to 3m below the ground surface.

2. DEFINITIONS OF PERFORMANCE 
INDEXES OF WALL DEFORMATION 

Figure 4 depicts definitions of performance 
indexes of diaphragm wall deformation used in 
this study to analyze excavation behavior. In 
general, the maximum wall deformation, hmax,
is used for monitoring diaphragm wall behavior 
during excavation. However, in the studied case, 
hmax was found insufficient to describe per-

formance of the diaphragm walls during the 
construction failure. In the studied case, because 
of the unique silty sand or sandy silt deposits on 
site, experiences obtained from deep excavation 
in clay or sand deposits were found not enough 
for providing adequate safety control.

In an effort to further analyze the diaphragm 
wall behavior in such problematic soil deposits, 
a quasi-energy term of describing wall deforma-
tion, deformation area, Ad, was proposed by the 
authors in this study. Ad is defined as the area 
within the envelopes of inclinometer measure-
ments and has a unit in mm-m. (Figure 4). 
Different from hmax which only describes the 
maximum value of wall deformation, Ad gives 
not only the scale of wall deformation, and 
specifies the total movement of the wall during 
the excavation as well. In most cases, approxi-
mate values of Ad can be quickly calculated by 
assuming a triangular envelope of wall defor-
mation curve; and just multiplying hmax by the 
total depth of diaphragm wall or inclinometer. 
Precise Ad could be easily obtained by calculat-
ing area within the deformation envelopes by 
using calculus or method of slices. In the 
presented study, Ad was also used as an indica-
tor to analyze behaviors of diaphragm wall 
under different control factors including differ-
ent soil condition, thickness of walls, and defect 
condition.

3. RESULTS OF ANALYSIS 

3.1. Diachronic data of inclinometers 

Figures 5 and 6 show the diachronic data of 
hmax and Ad during two diaphragm wall leaking 

events. In the studied case, safety criteria of 
hmax are set on 30mm for warning and 40mm 

for immediate action. As show in Figure 5, 
diachronic curves of hmax did not even reach 
30mm before the first event occurred on 
2004/8/9. For the second event occurred on 
2005/7/7, all hmax readings did not reach the 
40mm criterion. Moreover, hmax readings 
between two events did not exceed 30mm in 
difference as well. In comparison to Figure 5, 
diachronic data of Ad shown in Figure 6 was 
found to be more sensitive to time; and thus 
could provide a better safety control than the 
maximum wall deformation. Criterion set at a 
value of 400mm-m could effectively provide 
warning to both leakage events. Figure 7 com-
pares diachronic curves of both Ad and hmax in 
a closer time scales for the damage event 
occurred on 2005/7/7. Curves of Ad were found 
noticeably to be more sensitive than curves of 
hmax in both quantity and rate of variation. 

3.2. Performance analysis of diaphragm wall 
under different conditions 

Figure 8 shows the maximum wall deformation 
versus depth data of the studied excavation 
(inclinometer SID-09) compares to two typical 
curves summarized from two clay deposit sites 
with similar design condition including thick-
ness (800mm) and depth (40m) of diaphragm 
walls. In this figure, data of inclinometer SID-
09 was used to represent the studied site, and it 
was the instrumentation closest to the leakage 
spot. As shown in the figure, relation between 
maximum wall deformation and excavation 
depth was found to be linear for clay sites, yet 
this relation of studied case clearly shows a 
yielding tendency and reaches its maximum 
curvature when excavation depth get to 15m.

In order to further study performance of dia-
phragm walls in low plasticity and high fine 
content silty sand deposit, deformation areas of 
inclinometers SID-09, SID-04, SID-01, and 
SID-06 at different excavation depths are 
calculated. Data of inclinometers SID-06 and 
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SID-04 represents behavior of intact diaphragm 
walls with thickness of 800mm (Zone A). Data 
of inclinometer SID-01 denotes behavior of 
undamaged diaphragm walls with thickness of 
1000mm (Zone D), despite that depth of dia-
phragm walls in Zone D is only 37.5m and that 
of other zones is 39.0m. Data of inclinometer 
SID-09 represents behavior of defected dia-
phragm wall with thickness of 800mm. 

As shown in Figure 9, data of inclinometer 
SID-01 shows that deformation area had a linear 
relation to the excavation depth for diaphragm 
walls designed with thickness of 1000mm; 
whereas data of inclinometer SID-06 exhibits a 
yielding curve relation between deformation 
area and depths of excavation. The yielding 
behavior of SID-06 measurements clearly 
started at excavation depth of 15m where the 
leakage of diaphragm wall was found. Possible 
reasons why SID-01 has measurements larger 
than those of SID-06 are difference in construc-
tion sequence, penetration depth of diaphragm 
walls, or even difference of initial setting of 
inclinometers. Despite the magnitudes of 
deformation areas, diaphragm walls with 
thickness of 1000m show no signs of yielding 
during excavation. 

Influence of defects on behavior of dia-
phragm walls are investigated by comparing 
data of inclinometers SID-04 and SID-09. As 
shown in Figure 10, both data of inclinometers 
SID-04 and SID-09 shows trends of yielding. 
However, measurements of inclinometer SID-
09 were found to have larger magnitudes and 
more obvious yielding behavior, i.e. larger 
curvature, at excavation depth where incident 
occurred.

4. DISCUSSION AND SUGGESTIONS 

In the presented study, deformation area was 
found to be an effective index for monitoring 
performance of diaphragm walls in sensitive 
soil deposits encountered in the studied case. 
Deformation area Ad gives not only the scale of 
wall deformation, and specifies the total move-
ment of the wall during the excavation as well. 
It was proved to have better sensitivity in both 
quantity and rate of variation before possible 
failure. Monitoring of deformation areas is 
recommended for improving safety control of 
deep excavation work. 

For deep excavation in difficult soil deposit 
as the studied case, thickness was found to be 
an important factor to performance of dia-
phragm walls during excavation. Diaphragm 
walls with less thickness tend to exert yielding 
behaviors during excavation despite different 
defect condition. More careful attentions should 
be paid when designing deep excavation in 
similar soil deposits.

Yielding behavior of diaphragm wall defor-
mation during excavation should be watched 
more closely. Predictions of the curvature trends 
and possible yielding locations could be helpful 
in preventing possible construction failures. 
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Figure 1. Geometry layout and instrumentation plan 
of studied case. 

Figure 2. Typical cross section view of the deep 
excavation design. 

Table 1.  Basic information of the selected 
inclinometers.

Diaphragm wall design Zone SID 
No.

length,
m Thickness,

mm
Depth,

m
A SID04 44 800 39.0
A SID05 44 800 39.0
A SID06 44 800 39.0
A SID12 39 800 39.0
B SID03 44 800 39.0 
B SID09 39 800 39.0 
B SID10 39 800 39.0 
C SID02 44 1000 37.5
C SID08 44 1000 37.5
D SID01 37.5 1000 37.5 
D SID07 37.5 1000 37.5 

Figure 3. Soil profile of the studied site.

Figure 4. Definitions of performance indexes of 
diaphragm wall deformation. 

Table 2.  Basic soil properties adopted in design of 
diaphragm walls. 

kN/m3
C’
kPa

Su
kPa

SF 20.1 0 28  
CL 18.9 0 27 18 
SM 20.2 0 32  

CL/SM 19.5 0 29 85 
CL 19.5 0 28 113 
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Figure 5. Diachronic Curves of maximum wall 
deformation.

Figure 6. Diachronic Curves of deformation area. 

Figure 7. Comparison of maximum wall deformation 
and deformation area. 

Figure 8. Comparison of maximum wall deformation 
in different soil deposits.

Figure 9 Comparison of deformation areas with 
different thicknesses. 
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Figure 10. Comparison of deformation areas with 
different intact conditions. 
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1.  INTRODUCTION 

The use of rows of vertical piles to stabilise 
unstable soil masses or to prevent excessive 
movements is a well developed engineering 
practice. Piles are installed with a certain 
spacing through the potentially sliding mass, 
and embedded in the stable layer underneath. 
Each pile behaves as belonging to a linear 
discrete structure able to transfer part of soil 
pressure from the unstable layer to the lower 
stable formation, the interaction among piles 
being governed by the existence of the well 
know arching effects among them. The complex 
interaction between the piles and the sliding soil 
is obviously a key design issue (Zeng et al., 
2002) as it controls shear stresses and bending 
moments within the piles. A estimate of this 
interaction is the only way to reliably quantify 
the stabilising contribution of the piles.

The analytical approaches available in litera-
ture to this aim (e.g. Ito and Matsui, 1975; 
Poulos, 1995) are usually and necessarily 
oversimplified, leading to quite different results 
because of very different geometrical and 
mechanical hypotheses. As a consequence, in 
design practice numerical analyses are usually 
carried out to solve each single problem, with-
out a clear reference framework.

While the influence of some of the relevant 
factors is already well understood (for instance 
the role of spacing, pile stiffness and soils 
strength), for others (for instance number and 
position of rows) there is still a lack of knowl-
edge.

The numerical analyses presented in this pa-
per will try and focus on this latter key aspect, 
and follow a large experimental activity under-
taken some years ago at the University of 
Napoli Federico II (Italy). The experimental 
activity carried out in an instrumented trial field 
of steel piles in a mudflow, summarised in 
Evangelista et al. (2004) and Lirer et al. (2005), 
allowed to collect a large number of data which 
have inspired the subsequent numerical analy-
ses. Data on soil displacements (Fig. 1) and 
soil-pile interaction (Fig. 2) were retrieved for a 
period of 4 years. The additional stabilising 
shear force along the sliding surface (T) of the 
piles was evaluated by processing the piles 
displacement profile given by inclinometer 
measurements, as well as via numerical 2D and 
3D analyses considering an infinite slope (Lirer, 
2003).

The analyses shown in this paper (carried 
out with FLAC 2D and 3D) are the logical 
continuation of this piece of work, being re-
ferred to a slope of finite length, and consider-
ing the interaction of more than one row of piles 

ABSTRACT: The study of the interaction between a sliding body and one or more rows of stabilising piles is 
analysed with a numerical code both in 2D and 3D conditions (Flac 2D and Flac 3D). The role of some design 
factors (number of rows, absolute and relative position of the rows within the slope, spacing between piles for a 
given total number of piles), is analysed by modelling a slope of finite length in which some rows of reinforced 
concrete piles are installed to stabilise an intermitted mudflow. The effectiveness of the stabilising piles is 
evaluated considering both the necessity to increase the global slope safety factor and the structural performance 
of the piles. For such a reason two non dimensional parameters are adopted: the slope improvement ratio SI 
(SI=SFp/SF0, where SFp is the slope safety factor with piles), and the pile structural involvement ratio PI 
(PI=Mmax/Mult).

Numerical analyses of the effectiveness of multi-row piles in slope
stabilization

S. Lirer, A. Flora 
Department of Geotechnical Engineering, University of Napoli Federico II, Italy 

279



as a function of their relative and absolute 
position.

Many authors (Hassiotis et al., 1997; Cai et 
al., 2000) have analysed the effect of the posi-
tion of a single row of piles on the global safety 
factor on a slope of finite length. There is a 
general agreement on the fact that in this case 
the largest improvement in slope safety factor is 
attained when the row is located in the middle 
of the slope. 
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Figure 1. Data of cumulative displacements at ground 
surface (s) and water table levels in the trial field 
(after Lirer, 2003). 
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Figure 2. Stabilizing shear force (Tmax) versus soil 
displacements (sd): comparison among experimental, 
numerical and theoretical results (after Lirer, 2003). 

In the case of more than one row of piles, 
the choice of their best mutual and absolute 
position within the slope is not so immediate. 
Then, the optimization design process in this 
case needs a larger number of analyses. The 
ones carried out in this paper are meant to be a 
hint to this goal. 

2. NUMERICAL ANALYSIS 

2.1. Model slope 

The slope geometry and soil properties con-
sidered are typical of intermittent mudflows in 
Italian clayey shales (Urciuoli, 1998) periodi-
cally reactivated by rainfalls induced pore 
pressure increase along the sliding surface.
Table 1. Physical and mechanical soils properties. 

γ
(kN/m3)

s
(m)

E50*
(kPa)

φ’
(°)

c’
(kPa)

ψ 
° 

Earthflow
(Ea) 19 5 1.8⋅104 25 1 0 

Shear zone 
(S.z.) 16 0.5 1.8⋅104 20 0 0 

Base
formation

(B.f.)
20 >15 9.4⋅104 25 50 0 

*Young’s  modulus at 50% of failure deviatoric stress.

The slope has a length (L) of 150 m and an 
inclination of 15° (Fig. 3), with an imposed 
shear zone at a depth of 5 m. A linear elastic – 
perfectly plastic constitutive model with a 
Mohr-Coulomb failure criteria was used for the 
soils: the physical and mechanical properties of 
soils (Tab. 1) were chosen on the basis of the 
available experimental data. The initial depth of 
the water table is assumed to be 2 m from 
ground level. The initial slope safety factor was 
calculated by a gradual reduction of the soils 
shear strength - ϕ ,c reduction procedure - via 
the following equation: 

a
tg

a
c

a

'
' ϕ⋅σ+=τ  (1) 

The value of a at which the slope fails is by 
definition the slope safety factor SF. In this 
case, with no piles and the assumed position of 
the water table, SF0=1.4. This is the initial and 
stable condition of the slope. As the water table 
rises because of rainfall, the safety factor 
decreases.

Geometric properties were chosen in such a 
way that failure (SF=1) takes places when the 
water table is at ground level. The effectiveness 
of rows of piles in increasing the slope safety 
factor will be considered by looking at this 
critical reactivation situation, that is by starting 
from the SF0=1 condition. In particular, rein-
forced concrete piles with a diameter (D) of 0.8 
m (Ep=2.8⋅1010 Pa, Mp=1.6⋅106 Nm), spacing i) 
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of 1.6 m (i/D=2) and length (l) of 15 m were 
adopted in the analyses. 

Figure 3. Slope geometry of the numerical models. 

The effectiveness of the position and 
number of rows will be discussed by assuming 
the constant pile spacing (i) reported above.

In the final part of the paper, few analyses 
with different pile spacing will be shown. 

Table 2. 2D model: properties of the shear (s) and 
normal (n) springs of the soil-pile interfaces. 

csn-coh
(Pa)

csn-fric
(°)

csn-stiff
(Pa)

Ea.* 1000 25 1.8⋅107

S.z.* 0 20 1.8⋅107

B.f.* 50000 25 9.5⋅107

css-coh
(Pa)

css-fric
(°)

css-stiff
(Pa)

Ea.* 1⋅105 28 2.3⋅109

S.z.* 1⋅105 28 2.3⋅109

B.f.* 1⋅105 28 2.3⋅109

* See Table 1. 

2.2. 2D Numerical analyses

In FLAC 2D, piles are two-dimensional ele-
ments which interact with the grid by normal 
and shear coupling elastic-perfectly plastic 
springs. The springs failure – governed by the 
adopted interfaces properties (Tab. 2) – allows 

to simulate the squeezing of the soils between 
piles, thus making possible to analyse discon-
tinuous structures as rows of piles. Pile proper-
ties (Ep, Mp, stiffness and strength of shear and 
normal springs, exposed perimeter) need to be 
scaled as a function of pile spacing.

In Table 3 the numerical analyses carried 
out in plane strain conditions are summarised.

Table 3. 2D numerical analyses. 

Number of 
rows k (m) x/L 

1 row - 0.3<x/L<0.9 

2 rows 5 0.26<x/L<0.9 

2 rows 10 0.33<x/L<0.7 

2 rows 20 0.33<x/L<0.8 

2 rows 50 0.2<x/L<0.46 

The main aim was to analyse in detail the 
role of the number of rows (one or more), the 
distance between the rows (k, Fig. 3) and the 
row position (x, Fig. 3) in the slope global 
stability.

2.3. 3D Numerical analyses

The slope geometry sketched in Figure 3 
was also simulated with FLAC3D. Two symmet-
ric boundaries were used in order to reduce the 
model dimension (Fig.4) and, as a consequence, 
the processing time. The constitutive model and 
parameters were the same adopted in the 2D 
analyses (see Table 1). In the 3D model a soil-
pile interface is placed on the piles shafts with 
the interface properties reported in Table 4, 
calibrated taking into account soils properties. 
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Figure 4. 3D finite element mesh, block group and 
soil-pile interfaces. 

Table 4. 3D model: properties of the soil-pile inter-
face.

c
(Pa)

ϕ
(°)

Normal  
stiffness
Kn (Pa) 

Shear
stiffness
Ks (Pa) 

Ea.* 1000 25 1⋅108 1⋅108

S.z. * 0 20 1⋅108 1⋅108

B.f. * 50000 25 1⋅108 1⋅108

The 3D analyses were carried out on a 
smaller number of cases, essentially as bench-
mark solutions (Tab.5) with the main aim to 
validate the 2D results.

3. DISCUSSION OF RESULTS 

3.1. Effect of row position 

In principle, the best position of a stabilising 
row of piles results from two contrasting needs: 
Table 5. 3D numerical analyses. 

Number of rows k (m) x/L  

1 row - 0.33, 0.5 

2 rows 20, 50, 75 0.33, 0.5 

the necessity to increase the safety factor and 
the one to keep structural elements far from 
failure.Therefore, two non dimensional parame-
ters are adopted: the slope improvement ratio SI 

(SI=SFp/SF0, where SFp is the slope safety 
factor with piles and SI>1), and the pile struc-
tural involvement ratio PI (PI=Mmax/Mult, where 
Mmax is the maximum bending moment within 
the piles and Mult the limit value for which a 
plastic hinge is created, and therefore 0<PI<1). 
Since SF0=1 in this case, SI numerically coin-
cides with SFp.

Fig. 5 shows the results for a single row of 
piles in terms of SI and PI values for different 
positions of the row (x/L).

0.98
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1.08

0 0.2 0.4 0.6 0.8 1x/L
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0

0.2

0.4

0.6

0.8

1

P
I

SI - Flac 2D SI - Flac 3D
PI - Flac 2D

Figure 5. 2D and 3D analyses: slope improvement 
ratio (SI) and pile structural involvement ratio (PI) 
versus relative row position (x/L). 

The 2D analyses show that the maximum 
value of SI is obtained for 0.4<x/L<0.8, that is 
in the central part of the slope, with an increase 
of the safety factor of 7%. For the chosen 
geometry, in this range the safety factor keeps 
constant.

Outside this range, the row of piles has no 
influence on the global slope stability (SI = 1). 
In the range 0.4<x/L<0.8, the most efficient 
position must be chosen by looking also at the
pile structural involvement ratio PI. Fig. 5 
shows that in this case the best choice is x/L = 
0.5, for which PI gets the lower value, in accor-
dance with the previously mentioned indications 
found in literature. It is interesting to note that, 
even though the safety factor keeps constant in 
the middle part of the slope, the bending mo-
ments increase as the row of piles moves 
downhill. Accordingly, the soil displacements 
increase (Fig. 6).

The 3D results (Fig. 5) are in very good 
agreement with the 2D results in terms of SI. 
However, the corresponding values of PI (not 
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reported in Fig. 5) are lower than the 2D ones, 
because of the lower displacements obtained in 
the more realistic 3D analyses. These results 
suggest that, if carefully tuned, 2D simpler 
analyses may be reliable also for such a fully 
3D mechanical problem. In terms of PI, the 
simpler 2D results can be assumed as a conser-
vative estimate of the true structural behaviour.

3.2. Combined effect of number of rows and 
rows spacing 

The use of more than one row of piles is of 
course a way to improve the global safety factor 
of the reinforced slope (SFp). The adopted 
spacing among the rows (see Fig.3) range 
between 5 and 50 m.

The numerical results are plotted in Fig. 7 
and in table 6 respectively in terms of SI and PI. 
The analyses demonstrate that two rows are 
more effective than one in terms of SI for k>5 
m. Fig 7 reports some of the 2D and 3D results, 
showing that SI has reached a value as large as 
1.15. For the 2D analyses, the spacing does not 
influence the maximum value of SI, but rules 
the range of positions in which this value is 
reached. Even though 3D results show an 
overall agreement in terms of average values of 
SI, they seem to indicate that SI somehow 
depends on k. More analyses are necessary to be 
conclusive on this issue. 

In order to make the best choice in terms of 
efficiency, Fig. 7 is not sufficient by itself, and 
the structural response of piles must be taken 
into account. 

Table 6 shows that for row spacing of 10 
and 20 m, the increment of global stability is 
coupled to values of PI close to one, which 
means that the piles are on the verge of struc-
tural failure. This is not the case for the largest 
spacing (k=50 m), for which bending moments 
are large but far from failure.

As a consequence, for the considered slope, 
k=50 m is the most efficient choice. Consis-
tently with the results obtained with a single 
row of piles, Tab. 6 also shows that for k=50 m 
as the rows move downhill PI increases in the 
uphill row and decreases in the downhill one. 
The best choice in terms of overall efficiency is 
then highlighted in the Table 7 (x/L=0.33). 

Table 6. Slope improvement ratio (SI) and Pile
structural involvement ratio (PI) in the 2D analyses. 

K
(m)

x/L
uphill-
row

SI
PI
uphill-
row

PI
downhill-
row

0.53 1.14 0.95 0.98 10
0.6 1.14 0.99 0.99 
0.46 1.14 0.83 0.88 
0.53 1.14 0.98 0.80 20
0.6 1.14 0.99 0.89 
0.33 1.14 0.7 0.88
0.4 1.14 0.82 0.77 50
0.46 1.14 0.89 0.79 
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1.14
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Figure 7. 2D and 3D analyses: slope improvement 
ratio (SI) versus relative row position (x/L) for 
different rows spacing (k). 

3.3. Combined effect of number of rows and 
piles spacing 

The numerical analyses discussed above are 
carried out by keeping a constant value of 
spacing (i) between the piles of each row (i = 
= 1.6 m). They allowed to assess the most 
effective way to stabilise the slope for the given 
spacing. As a consequence, the amount of piles 
(that is, the cost of intervention) required to 
stabilise the slope can be valuated by simply 
knowing the number of rows. The absolute role 
of piles spacing on the effectiveness is well 
know (Chen and Martin, 2001; Liang and Zeng, 
2002) and also intuitive. 

A more interesting way to analyse the effect 
of piles spacing may be that of keeping a 
constant number of piles (that is, fixing the 
cost). The question is if there may be a more 
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effective way to redistribute the piles along the 
slope. In other way, if by changing the number 
of rows, piles spacing (i) and rows position and 
distance for a given number of piles an increase 
of the safety factor may be attained. In order to 
verify the best designing choice, some 2D 
analyses (Tab. 7) were therefore carried out by 
adopting more than two rows with a larger piles 
spacing, keeping the same number of piles used 
for two rows and i=1.6 m (see Tab.3).  

Table 7. 2D numerical analyses carried out with more 
than 2 rows for a constant total number of piles. 

Number
of rows i(m) k (m) 

x/L
uphill-
row

SI

3rows 2.4 20 0.4, 0.46 1.14 

4 rows 3.2 20 0.33, 0.4 1.21

3 rows 2.4 50 0.2 1.14 

The analyses with more than two rows were 
carried out with values of k not larger than 50 
because of the geometrical constraints of the 
slope.

For the few investigated cases, the maxi-
mum value of the slope improvement ratio SI 
previously obtained (SI=1.14) for the case of 
two rows with a spacing k=20 m, can be in-
creased up to 1.21 by using 4 rows (Fig. 8) of 
piles with a larger spacing (i) (Tab. 7).

Even though these results are not compre-
hensive, they indicate that the optimization 
design process can be further refined once a 
total number of stabilising piles has been 
defined by simple analyses with few rows of 
piles. Many possible configurations can be 
adopted, and the best designing choice should 
be deduced by analysing all the possible reason-
able solutions for the given slope geometry.  

4. CONCLUSIONS

The 2D and 3D analyses shown in the paper 
investigate the simple case of a slope of finite 
length for which piles are used as a stabilising 

Figure 8. 2D analyses: contours of soil x-displacements (x/L=0,40; k=20 m, SI=1.21).
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mean. Even though the complex pile-slope 
interaction problem is fully 3D, the overall 
slope stability can be reliably estimated with 
simple 2D analyses if the numerical code is able 
to simulate the ground squeezing among the 
piles. With such analyses, the evaluation of the 
structural performance is always conservative, 
as larger relative displacements, and therefore 
larger bending moments within the piles, are 
obtained. The well known conclusion that the 
best position of a single row of piles is in the 
middle of the slope is confirmed. However, it is 
shown that this cannot be inferred just by 
looking to the global slope safety factor, but 
also taking into account the structural safety 
factor of the stabilising piles. 

For more than one row of piles and the same 
piles spacing, there is an obvious increase in 
safety factor. For the 2D analyses, rows spacing 
has no influence on the overall safety factor, 
ruling only on the range of positions within the 
slope in which this value is reached. Again, the 
best geometrical configuration for the two rows 
must be chosen looking also to the structural 
performance of piles. For the geometrical 
conditions considered, the ideal position of the 
two rows of piles is the one that divides the 
slope in three parts having the same length. 

In the final part of the paper, some analyses 
were carried out to check if for a given number 
of rows there is a possible way to optimise their 
mutual position within the slope by contempo-
raneously changing the number of rows and 
piles spacing. It was observed that this is 
possible, even though no general conclusions 
can be drawn on the bases of the reported cases. 
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1. INTRODUCTION

One of the emerging methods for ground 
improvement is to remove the existing weak 
soil up to a shallow depth and replace it by 
granular soil reinforced with horizontal layers 
of high tensile strength reinforcement (geogrid / 
geocell etc.). Many research workers have 
contributed to the analysis of such foundation 
system with the help of various experimental as 
well as theoretical studies. Detailed accounts of 
various fundamental models have been pre-
sented and discussed by Selvadurai (1979). 
These models have been further extended to 
analyze reinforced earth problems, examples 
include work by Madhav and Poorooshasb 
(1988), Shukla and Chandra (1994) and Yin 
(1997). These studies have resulted in improved 
understanding of the behavior of reinforced 
beds and better predictions. 

It has been observed from the literature that 
very few studies are available which consider 
the bending stiffness of the geosynthetic layer 
(Fakher and Jones (2001), Maheshwari et al. 
(2004)). Further, in these analyses, separation 
between beam and ground surface has not been 
considered. Therefore, in this study an attempt 
has been made to analyze the beam resting on 
the tensionless earth bed (reacts only in com-

pression) reinforced with a geosynthetic layer 
having finite bending stiffness.

2. STATEMENT OF THE PROBLEM 

Figure 1 shows a beam (flexural rigidity 
E1I1) of length 2l on which two end concen-
trated loads Qt have been imposed. The beam is 
resting on the surface of a compacted dense soil 
layer placed over a reinforcing geogrid / geocell 
/ geomat / geomattress layer (idealized as beam 
of flexural rigidity E2I2 and length 2l) below 
which lies a natural loose soil deposit.

The reinforcing layer is able to resist bend-
ing and it is assumed to have smooth surfaces. 
The compacted dense soil and the underlying 
poor soil layers are idealized as Winkler springs 
of stiffness k1 and k2 respectively (Figure 2). 
The unit weight of the corresponding soil layers 
is 1 and 2 respectively. 

Figure 1. Definition sketch of the problem.

ABSTRACT: Description of a mechanical model for estimating the flexural response of a beam resting on 
tensionless reinforced bed, composed of soft and compacted soil layers with reinforcing elements laid in between 
and subjected to end concentrated loads, has been presented in the present paper. The separation between beam
and the ground surface due to external loads has been considered. The governing differential equations have been 
derived and the solution of the same has been obtained using finite difference method. Parametric studies have 
been conducted to find the relative importance of various parameters like length of beams, relative flexural 
rigidity of the beams, relative stiffness of the soils, on the behavior of such models.

Dense soil (k1, 1)

Poor soil (k2, 2)

Upper foundation beam 

Lower reinforcing beam 

2l

2lh

Qt Qt

Response of beams on tensionless geosynthetic - reinforced earth
beds

Priti Maheshwari 
Indian Institute of Technology Roorkee, India 
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Figure 2. Idealization of the proposed model. 

3. ANALYSIS

The idealizations of the above problem and 
co-ordinate axes have been shown in Figure 2. 
To take care of the effect of the thickness of the 
upper layer of soil on the reinforcing layer, 
surcharge, 1h, over the entire length of lower 
beam has been considered. Due to symmetry, 
only one half (x  0) of the model has been 
considered. The deflection ordinates of the 
upper and lower beams are denoted as y1 and y2
respectively. Due to application of external 
loads at the edges of the upper beam, there are 
chances that the upper beam would be lifted 
causing separation from the underlying soil and 
the corresponding foundation pressure on the 
upper beam will be zero. When the beam is in 
contact with the ground surface, the distributed 
pressure in the foundation under the upper beam 
is expressed as p1 = k1 (y1 – y2), and under the 
lower beam, p2 = k2y2. In the regions where the 
upper beam looses contact with the ground 
surface, the distributed pressures are expressed 
as p1 = 0 and p2 = k2y2. Therefore, the 
development of governing differential equations 
of the foundation model involves the 
combination of these two conditions. 

The governing differential equations for the 
upper and lower beam for 0  x  l, are as 
follows,

     
                         (1) 

and,
     

(2)

The pressures p1 and p2 are considered posi-
tive when accompanied by positive (downward) 
deflection. Equations 1 and 2 are the governing 
differential equations when the upper beam is in 
perfect contact with the ground surface. In the 
central region, where probable lift up of the 
upper beam due to application of external loads 
can occur, the following equations 3 and 4 shall 
be the governing differential equation 

                                     , 0  x  l        (3) 

Differentiating the above equation, one gets, 

                    , 0  x  l (4) 

If, R1 and R2 are the characteristic lengths of the 
upper and lower beams respectively and defined 
as,

                  and

 The differential equations (1 – 4) are ex-
pressed in non-dimensional form using the 
following non-dimensional parameters (Matlock 
and Reese (1960)); 

Non-dimensional deflection of the upper and 
lower beam, . 

Relative flexural rigidity of the beams,. 

Relative stiffness of the soil layers, . 

Non-dimensional unit weight of the upper soil 
layer, . 

Non-dimensional depth of placement of rein-
forcement, . 

Non-dimensional co-ordinate along the length 
of the beams, X = x/R1.
Non-dimensional half length of beams, Xmax =
l/R1.

The governing differential equations (1 - 4) 
can be written in the non-dimensional form as 
follows,

                                      ,  0  X  Xmax (5) 

k1, 1

k2, 2
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      (6) 

              (7)          

(8)

, for 0  X  Xmax            

The above governing differential equations 
have been solved by using finite difference 
method with the help of appropriate boundary 
conditions. The beams have been discretised 
with element length dX along their length. The 
Equations 5-8 can be written in finite difference 
form within specified space domain as follows: 

(9)

             (10) 

             (11) 

             (12) 

The foundation has been assumed to react 
only in compression and there is separation 
between the upper beam and the ground surface 
due to application of external loads. Solution of 
Equations 9, 10, 11 and 12 along with 
appropriate boundary conditions will give the 
deflection profile of the upper beam and lower 
reinforcing beam. Subsequently, the bending 
moments and shear forces are also can be 
obtained, which are useful for the design pur-
pose.

4. BOUNDARY CONDITIONS AND 
CONVERGENCE CRITERIA 

At the centre of the upper beam, i.e., at x = 
0, the slope of the deflected shape of the beam 
and shear force is zero. At the edge of the upper 
beam (x = l), bending moment in the beam is 
zero and shear force is –Qt. For the lower beam; 
at its centre (x = 0), slope of deflected shape of 
the beam and shear force is zero while at the 
edge of the lower beam, the bending moment 
and the shear force is zero.

All these boundary conditions have been 
written in finite difference form and when 
solved along with Equations 9 – 12, gives the 
flexural response of the upper and lower beams. 
The solutions have been obtained with 
convergence criteria as 

                                    and

for all i, where k and (k-1) are the present and 
previous iterations respectively and  is the 
specified tolerance which is considered to be
10-10 for the present analysis. 

5. RESULTS AND DISCUSSIONS 

Parametric study has been carried out to 
investigate the effect of various parameters on 
the flexural response of the foundation system. 
The properties for the upper beam have been 
taken to be that of rail tie (shahu et al. 2000). 
Wide ranges of non-dimensional parameters 
have been worked out by considering the 
practical ranges of parameters and have been 
given below: 

• Non-dimensional half length of the 
beams (Xmax) = 3 – 8. 

• Relative flexural rigidity of the beams 
(R) = 1 – 50. 

• Relative stiffness of soil layers (r) = 1 
– 20. 

Figure 3 shows the comparison of the 
deflection profile for the upper beam resting on 
tensionless foundation to that of when the beam 
is in perfect contact with the ground surface, 
i.e., when the soil responds both in compression 
and tension, for the parameters, R = 10, r = 5, 
Xmax = 4.6, h’ = 1.0 and 1’ = 0.011. It is clear 
that when there is separation between the soil 
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and the upper beam (tensionless foundation), 
the lift up (negative deflection) of the upper 
beam is more. The maximum normalized 
negative deflection at the centre of the beam 
gets increased to 105% and the maximum 
normalized positive deflection at the edge of the 
beam increases by 1-2% as the soil is unable to 
take any tension. So it is clear that a tensionless 
foundation affects the lift up of the upper beam 
(negative deflection) more as compared to its 
settlement (positive deflection). 

Figure 4 depicts the comparison of the de-
flection profile of the lower reinforcing for the 
cases when soil responds both in tension and 
compression and when soil does not respond in 
tension (tensionless foundation) for the parame-
ters as shown in the figure.

Figure 3. Typical deflection profiles of upper beam 
for perfect contact and separation cases between soil 
and upper beam.

Figure 4. Typical deflection profiles of lower beam 
for perfect contact and separation cases between soil 
and upper beam.

The maximum normalized negative deflec-
tion occurs at the centre of the lower beam and 
decreases by 62% for tensionless foundation. 
The maximum normalised positive deflection 
occurs at the edge of the beam and increases by 
2% in the case of tensionless foundation. 

Figure 5 shows the comparison of 
normalized bending moment in the upper beam 
for the parameters, R = 10, r = 5, Xmax = 4.6, h’
= 1.0 and 1’ = 0.011. The normalized bending 
moment in the upper beam is constant in the 
region (0 x 2) where beam looses the 
contact with the ground surface. After that it 
gradually decreases and becomes zero at the 
edge of the beam. 

Figure 5. Comparison of normalized bending 
moment for upper beam for perfect contact and 
separation cases between soil and upper beam. 

Figure 6 shows the variation of normalized 
deflection of upper beam along the co-ordinate 
direction for different half beam lengths raging 
from 3 to 8 for particular values of other 
parameters as shown in figure. It is clear that as 
the length of the beam increases, the magnitude 
and extent of lift up of beam also increases. 
This lift up (negative deflection) increases form 
1.17 to 8.7 for the increase in normalised half 
length of the beam from 4.5 to 8.0. 

The effect of unit weight of the upper soil 
layer on the deflection profile of upper and 
lower beams was studied, however, its effect 
was found to be insignificant.

The effect of relative flexural rigidity of the 
beams (R) on the normalised deflection of the 
upper beam is shown in Figure 7 for the 
parameters as shown in figure. The maximum 
lift up (negative deflection) and maximum 
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settlement (positive deflection) has been found 
to occur at centre and at the edge of the beam 
respectively. The maximum lift up of the beam 
increases from 0.4 to 1.5 as the parameter R
increases from 1 to 50. The lift up gradually 
decreases as one move towards the edge of the 
beam. The deflection becomes almost 
independent of the value of R at X = 3.6 and 
then further increases and achieves maximum 
value at the edge of the beam. An increase in 
the value of the parameter R, shows the relative 
increase in the flexural rigidity of the upper 
beam which gives more lift up for higher values 
of parameter R.  This is in view of the definition 
adopted for normalizing the deflection. 

Figure 6. Effect of length of the beams on deflection 
of upper beam. 

Figure 7. Effect of relative flexural rigidity of beams 
on deflection of upper beam. 

Figure 8 shows the effect of variation of the 
stiffness ratio of the upper and lower soil layer 
(r) on the deflection of upper beam for the 
parameters as shown in figure. The maximum 

negative deflection (lift up at the centre) 
decreases by 81% as the ratio r increases from 1 
to 10, while the maximum positive deflection 
(at the edge) increases from 2.75 to 8.3 for the 
same increase in the ratio r. Higher values of 
the parameter r signify the presence of weaker 
soil below the strong top soil and so the 
corresponding lift up is less and settlements are 
more. Figure 9 depicts the behavior of lower 
beam for various values of relative stiffness of 
soils which also can be explained as above. 

Figure 10 show the variation of normalized 
bending moment of upper beam for various 
values of the ratio r considered. The other 
parameters considered R, h’, Xmax and 1’ are 
taken as 10, 2.0, 4.6 and 0.011 respectively.  
The maximum negative bending moment has 
been found to occur at the centre and becomes 
zero at the edges of the beam. 

Figure 8. Effect of relative stiffness of soils on 
deflection of upper beam. 

Figure 9. Effect of relative stiffness of soils on 
deflection of lower beam. 
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Figure 10. Effect of relative stiffness of soils on 
bending moment of upper beam.

6. CONCLUSIONS

Based on the results and discussion 
presented in the previous section, the following 
generalized conclusions can be drawn: 

(1)  The proposed model considers the 
response of the soil in compression only, i.e., it 
takes care of the separation between the ground 
surface and the upper foundation beam due to 
application of external loads. 

(2) The length of the beams significantly af-
fects their flexural response. The magnitude and 
the extent of the lift up of the upper beam 
increases with the increase in the length of the 
beams. The lift up increases from 1.17 to 8.7 for 
the increase in normalized half length of the 
beam from 4.5 to 8.0. 

(3) The response of upper foundation beam 
is greatly affected by the variation in the rela-
tive flexural rigidity of the beams (R). The 
maximum lift up of the upper beam increases 
from 0.4 to 1.5 as the parameter R increases 
from 1 to 50 

(4) Higher values of the relative stiffness of 
soils (r) signify the presence of weaker soil 
below the strong top soil and so the 
corresponding lift up is less. The settlements for 
both upper and lower beams are more for higher 
values of r. For the upper beam lift up at the 
centre decreases by 81% and maximum positive 
deflection (at the edge) increases from 2.75 to 
8.3 as the ratio r increases from 1 to 10. 

7. REFERENCES

Das, B.M. 1999. Principles of foundation engineeing, 
4th Edition. PWS Publishing, USA. 

Fakher, A. & Jones, C.J.F.P. 2001. When the bending 
stiffness of geosynthetic reinforcement is impor-
tant. Geosynthetics International, Vol. 8 (5), pp. 
445-460.

Madhav, M.R. & Poorooshasb, H.B. 1988. A new 
model for geosynthetic reinforced soil. Com-
puters and Geotechnics, Vol. 6 (4), pp. 277-290. 

Maheshwari, P., Basudhar P.K. & Chandra, S. 2004. 
Analysis of beams on reinforced granular beds. 
Geosynthetics International, Vol. 11(6), pp.470-
480.

Matlock, H. & Reese, L.C. 1960. Generalized 
solutions for laterally loaded piles. Journal of the 
Soil Mechanics and Foundations Division, ASCE,
Vol. 86 (SM 5), pp. 63-91. 

Selvadurai, A.P.S. 1979. Elastic analysis of soil-
foundation interaction. Elsevier Scientific Pub-
lishing Company, Amsterdam, The Netherlands. 

Shukla, S.K. & Chandra, S. 1994. The effect of 
prestressing on the settlement characteristics of 
geosynthetic-reinforced soil. Geotextiles and Ge-
omembranes, 13, pp. 531-543. 

Winkler, E. 1867. In Die Lehre von der Elastizitat 
und Festigkeit. Domonicus, Prague, p. 182. 

Yin, J.H. 1997. Modelling geosynthetic-reinforced 
granular fills over soft soil. Geosynthetics
International, Vol. 4 (2), 165-185.

-1.4

-1.2

-1

-0.8

-0.6

-0.4

-0.2

0

0.2

0 0.5 1 1.5 2 2.5 3 3.5 4 4.5 5

Normalized Distance from Centre (X)

N
or

m
al

iz
ed

 B
en

di
ng

 M
om

en
t f

or
 U

pp
er

 B
ea

m

r = 1
2

5

10

20

R = 10, Xmax = 4.6, h' = 2.0, 1' = 0.011

292



1.INTRODUCTION

Due to necessity of cost-saving, the rein-
forced soil has been widely used in geotechnical 
engineering applications such as construction of 
road and railway embankments, stabilization of 
slopes, improvement of soft ground, and so on. 
Numerous papers have investigated the benefi-
cial effects of soil reinforcement to increase the 
strength (McGown et al. (1978), Gray and AL-
Refeai (1986), Athanasopoulos (1993), Krish-
nasawamy and Isacc (1995), Chandrasekaran et 
al. (1989), Haeri (2000), Latha and Murthy 
(2006), Xie (2003), etc) using triaxial, direct 
shear, and plane strain tests. Athanasopoulos 
(1993) carried out a series of test using direct 
shear test in order to study the effect of particle 
size on the mechanical behavior of geotextile 
reinforced sand. The results conducted that 
dilatancy behavior of the reinforced sand was 
affected by aperture ratio (defined as the ratio of 
the geotextile aperture size to the average sand 
particle size). Krishnasawamy and Isacc (1995) 
performed cyclic triaxial tests to evaluate the 
liquefaction potential of sand with and without 
reinforcement. The results showed that the 
reinforced sand can be a promising solution to 
increase the safety against liquefaction. 
Chandrasekaran et al. (1989) presented the 
results of the triaxial tests on both 100 and 200 

mm diameters dry samples with woven and 
non-woven geotextiles. The results of tests 
showed that the deviatoric stress and axial strain 
at failure are increased with decreasing in 
distance of geotextile layers for both size 
samples. Haeri et al. (2000) carried out triaxial 
compression tests in order to determine stress-
strain and dilation characteristics of geotextile-
reinforced dry beach sand. The results demon-
strated that geotextile inclusion increases the 
peak strength, axial strain at failure, and ductil-
ity. Latha and Murthy (2006) presented the 
results of triaxial compression tests on sand 
reinforced with different types of geosynthetics 
in different layer configurations to study the 
effect of quantity of reinforcement and tensile 
strength of the geosynthetic material on the 
mechanical behavior of the reinforced sand.

Above literature indicates that, in spite of 
extensive experimental studies which have been 
carried out to stress–strain behavior of rein-
forced soils, mathematical relations or empirical 
equations were not suggested for this purpose. 
Although, during the past decade using artificial 
neural network (ANN) was expanded to predict 
the stress-strain behavior of soils (Banimahd et 
al. and Yasrobi and Banimahd (2003), Najjar 
and Ali (1999)) but it can not present an equa-
tion compare to other method such as linear or 
non-linear regression method. Hence, the 

ABSTRACT: The analysis of experimental data from tests show that variation of deviatoric stress ( d) is 
nonlinearly affected by strain level, number of reinforced layers (N) and confining pressure ( 3), significantly. 
In this paper, the nonlinear regression model is used to model the stress-strain behavior of in situ non-plastic
silty sandy soil. A database of 600 input point experiments from monotonic triaxial tests were utilized to train, 
validate and test the developed model. The results show that the predicted of deviatoric stress are in good 
agreement with the experimental results as the average percentage of error for training data and verification is 
less than 13.10% and 15.80%, respectively.

Mathematical modeling for stress–strain behavior of wet reinforced
silty sandy soils 
S.N. Moghaddas Tafreshi
Department of civil engineering, K.N. Toosi University of Technology 

M. Ahmadian Nezhad Monfared
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presentation even a non-linear equation can be 
accounted an important advantage for regres-
sion model compare to ANN. 

In the present study an attempt has been 
made to develop a mathematical model using 
non-linear regression on the basis of the ex-
perimental data, for estimating the stress-strain 
behavior of wet reinforced silty sandy soil. This 
empirical formula is established between 
deviatoric stress and confining pressure, number 
of reinforced layers and strain level which can 
use for the purpose of using this model in 
design analyses. Finally, Comparisons between 
predictions obtained from the trained regression 
model and those from experimental data are 
presented.

2. MODEL DEVELOPMENT 

A total number of 600 input points from 
monotonic strain-controlled triaxial tests are 
used as the database. The tests were performed 
by Moghaddas Tafreshi and Asakereh on 
relatively uniform, clean, non-plastic reinforced 
silty sand from shores of the Persian Gulf in the 
city of Bandarabbas located in the south of Iran 
with natural moisture of 15% (  =15%). The 
grains size are less than 1.04mm, with D50=0.09
mm, Cc=4.45, Cu=11and Gs=2.68. The maxi-
mum and minimum porosities of this sand were 
obtained 100% (emax=1) and 54% (emin=0.54)
respectively. This sand is classified as SM in 
Unified soil Classification System. Also angle 
of internal friction were obtained 36 degree. 

The geotextile used in this research, was 
made by an Iranian company. This type of 
geotextile is non-woven with weight of 120 
gr/m²; nominal thickness of 1.2 mm and effec-
tive opening size of 0.12mm. The ultimate 
tensile load at break strain of 114% was meas-
ured approximately 594 N. 

The samples had a diameter of 38 mm and a 
height of 76 mm. The experimental data were 
collected by an automatic data acquisition 
system. For all of the tests, a strain rate of 
0.35% per minute was used and all of the tests 
were continued up to a strain level of 20%.

The number of layers for preparation of the 
specimen was selected between zero and four 
depending on the geotextile arrangement (Fig. 
1). For all of the samples a relative density of 

RD=65% (equal to relative density in beach) 
and natural water content of (  =15%) were
used.

The tests were scheduled to be performed 
under confining pressures of 50, 100, 300, and 
500 kPa for without geotextile and four number 
of geotextile layers of 1, 2, 3, and 4. The geo-
textile arrangements for triaxial tests are shown 
in Fig. 1. These arrangements show that the 
height of the layers is equal. 

Figure 1. Geotextile arrangements for triaxial tests. 

3. RESULTS AND DISCUSSIONS 

The typical stress-strain curves for unrein-
forced and reinforced sample under confining 
pressure of 50 and 500 kPa with different 
number of geotextile layers have been shown in 
Figs. 2a-b. These figures indicate that the 
reinforcement increases the deviatoric stress and 
shear strength of the samples considerably, 
compared with unreinforced samples. This 
matter is essentially due to the increase in 
confinement; geotextile layers cause an internal 
confinement in reinforced samples, which has 
been explained by an increased confinement 
concept by Yang. It can be observed that, there 
was no pronounced failure points in stress-strain 
behavior; as increasing the number of rein-
forcements resulted in more ductility of the 
samples as clogging developed in shear band 
within specimens. The figures also show that 
the beneficial effect of geotextile to enhance the 
strength of reinforced samples appear in high 
strain, while in low strain; geotextile layers does 
not have beneficial effect (in some cases of 
reinforcement for low strain level, the stiffness 
of sample decreases). It means that, the high 
strain levels should be imposed to appear the 
effect of geotextile layers to increase the 
strength of samples. These comparisons indicate 
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that the imposed strain level on the samples 
play an important role to increase the strength 
of the reinforced samples compared with 
unreinforced sample.

(a)

(b)

Figure 2. Stress-axial strain curves for reinforced 
samples under various confining pressure (a) 50 kPa; 
(b) 500 kPa 

4. NONLINEAR REGRESSION ANALYSIS

Linear least squares regression is by far the 
most widely used modeling method. It is what 
most people mean when they say they have 
used "regression", "linear regression" or "least 
squares" to fit a model to their data. The linear 
regression model assumes that the response is 
obtained by taking a specific linear combination 
of the predictors and adding random variation 
(error). Although many scientific and engineer-
ing processes can be described well using linear 
models, or other relatively simple types of 
models, there are many other processes that are 
inherently nonlinear. Nonlinear models are 
more general than the linear models usually 
discussed. Specifying nonlinear models typi-
cally requires one or more of the following: 
more general formulas, extended data frames, 

starting values and derivatives. The biggest 
advantage of nonlinear least squares regression 
over many other techniques is the broad range 
of functions that can be fit.

In other word, nonlinear least squares re-
gression extends linear least squares regression 
for use with a much larger and more general 
class of functions. Almost any function that can 
be written in closed form can be incorporated in 
a nonlinear regression model. Unlike linear 
regression, there are very few limitations on the 
way parameters can be used in the functional 
part of a nonlinear regression model. The way 
in which the unknown parameters in the func-
tion are estimated, however, is conceptually the 
same as it is in linear least squares regression. 
Regression analysis attempts to derive equa-
tions, which can be used to estimate the rela-
tionships between two or more variables. 

Assessment of regression model can be done 
estimating of at least two indices: the multiple 
coefficient of determination (R2) and standard 
error (Es). The most powerful measure of 
quality of fit is R2. The multiple coefficient of 
determination R2 gives an indication of how 
good choice the independent variables is in 
predicting, the dependent variable. It describes 
the amount of dependent variation in values 
explained by the regression line. The range of is
0 to 1(or 0 to 100%); the larger value of R2 and 
the smaller value of Es, indicate the better 
regression model for the data.

4.1. Training of Regression model

According to experimental results on reinforced 
soil samples (Fig. 2), the strengthening of 
reinforced soil as it imposed the strain is a 
nonlinear process. Also the experimental results 
on reinforced soil samples (Fig. 3), shows that 
the deviatoric stress increases with increasing 
number of reinforced layers quickly at first and 
then levels off, or approaches an asymptote in 
mathematical terms. On the other hand, with 
increasing the number of geotextile layers, de-
viatoric stress d increases up to a specific value 
of N (this value of N varies with strain level) 
and after that either the value becomes almost 
constant (or decreases) or the increase in d is 
insignificant.

Furthermore variation of strength values 
versus confining pressure for various number of 
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(a)

(b)
Figure 3. Deviatoric stress values versus number of 
reinforcement under various confining pressure at 
different strain levels (a) 50 kPa and (b) 500 kPa

reinforcement at different strain levels (Fig. 4) 
indicate that the strength of reinforced sample 
increase with increasing confining pressure 
irrespective of reinforced layers or strain level. 
The stress paths are clearly bilinear or curve. 
The break in the bilinear or curve occurs at 
around 100 kPa confining pressure irrespective 
of reinforced layers or strain level.

Overall, the above descriptions show that 
the linear models do not describe this stress-
strain behavior. This behavior may often be 
expressed more easily using nonlinear models 
than with simpler model types. 
Hence a mathematical model using non-linear 
regression on the basis of the experimental data 
has been applied for estimating the stress-strain 
behavior of wet reinforced silty sandy soil. This 
empirical formula is established between 
deviatoric stress and confining pressure, number 
of reinforced layers and strain level.

In order to determine the best fitted equa-
tion, a great number of non-linear possible 
regressions model is used to select the best 
subset of predictors. 

(a)

(b)
Figure 4. Strength values versus confining pressure 
for various number of reinforcement at different 
strain levels (a) N=1 and (b) N=4

Among the equations, by using least-squares 
technique, the final equation of the fitted model 
to estimate, deviatoric stress d is obtained as 
given below: 

9528.0
3

log2550.0 6735.0

1.372458011 σ××ε×=σ ε×N
d . (1)

Goodness of fit statistics, such as multiple 
coefficient of determination R2 (=0.9895) is the 
highest (near to 1) in case of the relevant pa-
rameters for model, and also the value of 
standard error, Es (=0.07) for above model is the 
minimum considering the values of Es for all of 
the models.

Stress-axial strain curves for reinforced 
samples under various confining pressure are 
used to compare the model simulations with 
laboratory results. A typical comparison of the 
model simulations with laboratory results, for 
four tests, is shown in Fig. 5a-d. As can be seen 
from the figures, model results on different 
strain levels are in good agreement with the 
measured values. The absolute average percent-
age of error (eave.) and the maximum percentage 
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of error (emax.) in estimating the value of d are 
13.10% and 39%, respectively. Also the results 
show that 70% trained data have less than 20% 
error.

(a)

(b)

(c)

(d)

Figure5. Simulation and prediction stress-axial strain 
curves for trained data (a) N=0 and 3=100 kPa ;  (b)  

N=1 and 3=300 kPa; (c) N=2 and 3=500 kPa; and 
(d)  N=4 and 3=50 kPa 

4.2. Verification of the trained nonlinear model 

For verification of the proposed models, to 
predict the value of d; the models have been 
tested with some additional experimental data 
that were not used in training stage. A typical 
comparison of the model simulations with 
laboratory results for two tests is shown in Figs. 
6a-b. As can be seen from the figures, model 
results on different strain levels are in good 
agreement with the measured values. The 
absolute average percentage of error (eave.) and 
the maximum percentage of error (emax.) in 
estimating the value of d are 15.80% and 33%, 
respectively. Also the results show that 75% 
trained data have less than 20% error. 

(a)

(b)

Figure6. Simulation and prediction stress-axial strain 
curves for data not used for training stage (a) N=1 
and 3=100 kPa and (b) N=2 and 3=300 kPa 

Some points are necessary to discuss as be-
low:

1. It is worth noting that the observed devia-
tion between predicted and measured stress–
strain curves is not only due to model defi-
ciency but partly due to uncertainties, errors and 
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inconsistencies in the data used for training and 
testing the model. As a matter of fact, two 
identical experiments do not normally produce 
identical stress–strain results especially for 
frictional materials such as sandy soils 

2. The presentation a simple equation by re-
gression method can be accounted an important 
advantage for presented nonlinear model, as it 
can be obtained the value of d, easily, quickly 
and inexpensive. 

3. It can be expected that, with the increase 
of the size and diversity of the database for the 
training of the model, it will be possible to 
obtain more robust models for the prediction of 

d studying the effects of input variables in a 
wider variation range. 

4. However, the obtained results can be ap-
plied in making initial estimates of strength of 
the wet reinforced silty sand in this study and 
other having similar grading and characteristics.  

Although the results obtained in the present 
paper are encouraging to consider the role of 
strain on strength value of reinforced soil. It 
should be noted that as the triaxial specimens 
are too small to represent physical modeling of 
a reasonable prototype, the results obtained 
from these tests may not be representative of in 
situ performance and were used in context of 
the comparative study. Obviously additional 
research on larger scale tests together field tests 
would be required to extend the results to in situ 
conditions.

5. SUMMARY AND CONCLUSIONS 

The stress-strain behavior of in situ non-
plastic silty sandy soil was modeled using 
nonlinear regression model. This model incor-
porates stress–strain history, number of soil 
reinforced layers and confining pressure to 
generate deviator stress–strain curves incremen-
tally up to a strain of 20%. The variation of d is 
nonlinearly affected by soil reinforcement (N) 
and confining pressure ( 3).The model was 
verified against the available data. The compari-
son of d from the experimental data and those 
obtained from the nonlinear regression model 
show a good consistency and satisfactory 
accuracy, as 75% predicted data have less than 
20% error. It is obvious that the proposed model 
have a good fitting to experimental data. 
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1. INTRODUCTION

If the tunnels represent a possible future of the 
urban transports, the increasing occupation of 
the soils and of the surface leads to wonder 
about the influence of those excavations on the 
movements of the soil around the constructions. 
This is critical when the tunnel is made in an 
urban context and at a small depth, if a tunnel-
ling boring machine is not applicable for cost 
reasons. In this case, traditional construction 
techniques such as face-bolting are the only 
way, and there impact on the soil and on the 
other buried structures has to be quantified. 

The numerical methods can take into account 
the real geometry of the tunnel, the bolting of 
the face and the concrete support, and simulate 
the excavation steps according to the reality. By 
this study, we want to improve our knowledge 
on the influence of some building parameters 
before the beginning of the second part of the 
Toulon tunnel. As a long term purpose, one will 
be able to predict the soil behaviour around a 
tunnel from several data such as the geometry, 
the excavation method, and the mechanical 
characteristics of the soil given by laboratory or 
in-situ experiments. Three constitutive models 
(perfect elastic plastic model, Janbu model and 
Fahey-Carter model) are successively used to 
determine the influence of (1) the axial bolting 
density, (2) the raft realisation delay, and (3) the 
length of the pre-arches. 

2. PRELIMINARY STUDIES 

2.1. Presentation of the building site in Toulon 

The construction of Toulon’s first underground 
road crossing started in 1995 and was inter-
rupted from 1996 to 1998 because of the col-
lapse of one of the tunnel faces. The very 
complex geology of the site gives to the soil a 
very heterogeneous structure. The tunnel has 
been realised using the pre-support method with 
axial and diverging bolting, the depth of the 
excavation axis remaining between 30 and 40 
meters. The different stages of this method are : 

Stage 1 : reinforcement of the tunnel face 
(axial and diverging bolting of about 15m to 
18m)

Stage 2 : execution of the pre-arch (excava-
tion of the 4m-depth pre-arch cut, execution of 
the concrete pre-arch, execution of two metallic 
arches on the N-1 concrete pre-arch) 

Stage 3 : excavation under the pre-arch (ex-
cavation, execution of a projected concrete 
support of the face, execution of the tunnel raft 
N-3)

2.2 Analytical modelling : the Chalucet in-
strumentation site. 

The aim of the Chalucet site is to collect precise 
data on displacements in the soil and at the 
surface, during tunnelling. The measures con-
sider a cross section in which were placed three 

ABSTRACT: A better forecast of the ground movements induced by the excavation of a shallow bolted tunnel 
is made possible by the use of a complex numerical model, aiming to be as close as possible to the real geometry 
and excavation method of a real tunnel. The study case we considered in this paper is the first part of the 
Toulon’s road tunnel (France). The complex numerical model uses the three-dimensional explicit finite differ-
ences code FLAC3D. Three constitutive models of a growing complexity are used for the ground, and the 
influence of the excavation and bolting parameters is plotted for eleven criteria. The results of the modelling are 
compared to show the influence on soil displacements around the tunnel and at the surface.

Numerical modeling of the movements induced by the excavation of
a shallow bolted tunnel. Influence of the excavation parameters.
Application to a real case in an urban context 
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systems combining a two-direction-inclinometer 
and an extensometer, going to the depth of 55m. 
One system is placed on the axis of the tunnel, 
and the two others on the sides, at a distance of 
9m from the excavation axis. To complete this 
instrumentation, several levelling points were 
placed at the surface and on the buildings 
around. The surface settlement s(x,y) is ap-
proximated following the general expression 
s(x,y)=s0.f(x).g(y), with usual Gaussian func-
tions (Serratrice 2002, eq. 1). s0 is the maximum 
settlement, x0 is the longitudinal influence 
distance, i and j are the Gaussian width parame-
ters in the two directions. The best fit (plotted in 
figure 1) is obtained with the following parame-
ters: s0=1.82cm, x0=45.4m, i=16.9m, j=20.6m. 

     (1) 

2.3 Presentation of the numerical model 

The aim of this model is to be as close as 
possible to the real geometry of the tunnel. 
Every piece of pre-arch or raft is represented, 
making the model relatively complex. The 
Flac3D software based on an explicit finite 
differences code is used. The soil is divided in 
two beds : the upper bed of colluviums has a 
thickness equal to 3.7m, and the second bed 
goes from -3.7m to the substratum, located at -
70m.This deeper bed is the only one modified in 
the simulations. To characterize the soil in our 

models, we will consider homogeneous proper-
ties for c, , E and , keeping in mind this is 
quite far from the physical reality. The me-
chanical characteristics are taken from in-situ
measurements : 

120 MPa<E<280 MPa, =0.22, 0<c<68 
KPa, and 16.5°< <29°.

For symmetry reasons, only a half tunnel is 
simulated. In the reference case, the tunnel axis 
is located at -35m, the radius is 5.8m, each pre-
arch has a length equal to 4m, and the length of 
excavation is 2.4m (Figure 2). At each excava-
tion step, a length of 1.6m remains not-
excavated. The number of zones for the model 
is about 45000. 26 bolts are placed in each half-
section, each bolt interesting an equal surface of 
the tunnel face.
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Figure 1. Settlement curves with fitting 
on Gaussian curves 

Figure 2. View of the numerical model
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2.4 Description of the study method 

To make it possible to compare several simula-
tions to each others and to the in-situ measure-
ments, eleven quantitative criteria are selected 
from each simulation result (Figure 3) : 

1) Maximum settlement at the surface 
2) Transversal distance X60 corresponding 

to 60% of the maximum settlement 
3) Transversal distance X30 corresponding 

to 30% of the maximum settlement 
4) Longitudinal distance Y60 corresponding 

to 60% of the maximum settlement 
5) Longitudinal distance Y30 corresponding 

to 30% of the maximum settlement 
6) Maximum transversal displacement in the 

side inclinometer 
7) Maximum longitudinal displacement in 

the side inclinometer 
8) Maximum tunnel face extrusion 
9) Maximum vertical blow-up where the 

tunnel raft has not been performed yet 
10) Maximum settlement of the pre-arch far 

behind the tunnel face 
11) Surface Settlement directly above the 

tunnel face. 

Figure 3. Localisation of the eleven criteria 

Those eleven criteria are summarised on a 
single graphic support (Figure 5). Each numeri-
cal value is normalised with respect to the 
maximum one of its type on all the simulations, 
so that each radar graphic of this paper respects 
the same scale. On these graphics are also 
represented in dot lines the in-situ measure-
ments, except for the criteria 8) and 9) which 
were not measured. 

3. DESCRIPTION OF THE THREE 
CONSTITUTIVE MODELS 

The field of interest of this paper is the study of 
the displacements around the tunnel face, so we 
will use three different models using different 
elastic behaviours, but keeping the same Mohr-
Coulomb plasticity criterion with the parameters 
c=20kPa and =17°. We chose to use the mean 
values of these parameters and to apply them 
uniformly because it is the best way to approach 
the unpredictable geology of the site. As the 
Toulon site is quite over-consolidated, the value 
of K0 is also set to 1 in all the simulations,. All 
the parameters of the constitutive models were 
determined in Mollon (2007) by a parametric 
study.

3.1 Perfect elastic plastic constitutive model 

The first model considered in this paper is a 
perfect elastic model, entirely defined by the 
two elastic variables E and . The parameter set 
used is named MC0 : E=240 MPa ; =0.22.

3.2 Janbu constitutive model 

Trying to make the first model more accurate, 
the Janbu constitutive model is used, consisting 
of a tangent deformation modulus varying with 
the mean stress m. It allows to take into ac-
count an increasing soil stiffness with the depth, 
following a power law with an exponent close 
to 0.5. The expression of the tangent deforma-
tion modulus is : Et=K.( m/Pa)n with Pa=100
KPa, and Et given in bars. This model is defined 
by three parameters (n, K and ), and the 
parameter set used in the simulations is names 
J0 : n=0.3 ; K=1180 ; =0.22.

3.3 Fahey-Carter constitutive model 

The Fahey-Carter constitutive model is de-
scribed by the tangent shear modulus Gt and the 
tangent compressibility modulus Kt, which both 
depend on the stress state at the considered 
point. The six parameters for the elasticity (C, 
Ds, f, g, ng, nk) are purely mathematical and 
have no physical reality, which makes this 
constitutive model quite difficult to calibrate 
(table 1).
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Figure 4. Comparison between perfect elastic and 
Fahey-Carter models 

Table 1. Equations of the Fahey-Carter model 
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These expressions show that the two modulus 
increase with the mean stress, but also that Gt
decreases with the shear stress level, running 
from G0 (null shear stress) to 0 (plastic state). 
The Figure 4 shows the variation of Gt with the 
deviatoric stress for the perfect elasto-plastic 
model and for the fahey-carter model, and also 
shows the stress domains obtained by the Flac3D

simulations. This model allows to take into 
account a very stiff soil for small shear levels 
and a softer soil for more important stresses. 
This may cause a bigger concentration of the 
displacements around the tunnel face. The set of 
parameter F0 that we use in the simulations is : 
C=630 ; Ds=440 ; f=1 ; g=1 ; ng=0.75 ; nk=0.5.

3.4 Comparison of the three constitutive 
models

The figure 5 shows a comparison between the 
models MC0, J0 and F0 for the eleven criteria 
described previously. The Fahey-Carter model 
is the best constitutive model of the three tested 
to simulate the soil displacements around a 
tunnel excavation. A finest observation of the 

result curves shows that this superiority on the 
other models is caused by the prediction of 
narrower settlement curves (both longitudinally 
and transversally), and by best results for the 
extensometric and transversal inclinometric 
results.

Figure 5. Comparison between the simulation results 
of the models relatively to in-situ measurements. 

4. INFLUENCE OF THE BOLTS DENSITY 

The role of the axial bolting is to increase the 
tunnel face stability and to reduce the soils 
movements around this face by limiting the face 
extrusion. We only pay interest in this second 
aim in this study. Dias (99) showed with a 
parametric study that an increase of the axial 
stiffness (E.S) of each bolt and the increase of 
the number of bolts per surface unit had an 
almost similar effect on the axial and radial soil 
displacements around the face. He concluded 
that, for a bolting density running from 0.25 to 2 
bolts/m², the determinant value is the total 
stiffness of the bolting. If this conclusion can 
easily be extrapolated to bigger densities, it is 
not the case for smaller densities. The present 
simulations will use this simplification by 
considering a constant number of bolts (26 
bolts, figure 6) on a half-section, with a varying 
Young modulus of these bolts. Four equivalent 
densities are treated, as shown in the table 2. 
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Table 2. Detail of the simulation cases 

The three constitutive 
models are used 
successively to treat 
these four cases. The 
results are given in the 
figure 7 for the Fahey-
Carter constitutive 
model. As we can see, 
the only influenced 
results are the final 
settlement, the settle-
ment up to the face, 
the pre-arch conver-
gence and, of course, 
the face extrusion. 

Figure 6. Localisation of the bolts in a section 

The other results show almost no variation with 
the bolting density. The criteria variations are

the same for the three models. All the displace-
ments are more important for a smaller bolting 
density, but the variations are quite small (the 
final settlement is divided by 1.25 for a bolting 
density multiplied by 8, for example). It is not 
necessary to use a very high density, because 
the soil displacements do not decrease a lot for 
densities bigger than 1 bolt/m². 

Figure 8. Variation of the final settlement (mm) with 
the bolting density, for the MC0, J0 and F0 models 

5. INFLUENCE OF THE RAFT DELAY 

In the excavation method used for the tunnel of 
Toulon, the tunnel raft is executed with a certain 
delay at each step. Generally, this delay is two 
pre-arches (At the step n, the raft is executed on 
the pre-arch n-3), but this can vary. To study its 
influence, we simulate the cases of a delay 
equivalent to 1, 2, 3 or 4 pre-arches (2.4, 4.8, 
7.2 or 9.6m), for the three models. 

Equivalent
bolting
density
(bolts/m²)

Number of 
bolts on 
the half 
section

Bolts Young 
modulus in the 
numerical
model (MPa) 

0.26 26 20000 
0.52 26 40000 
1.04 26 80000 
2.08 26 160000 

Figure 7. Influence of the bolting density 
(F0 model) 

Figure 9. Variation of the final settlement (mm) with 
the raft delay, for the MC0, J0 and F0 models 
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Figure 10. Influence of the raft delay (F0 model) 

The figures 9 and 10 clearly show that the raft 
delay can have an important impact on the soil 
displacements, especially for important values 
of this delay. In this case, the settlement curves 
get deeper (criterion 1) and relatively narrower 
(criteria 2, 3, 4, 5), with a dramatic increase of 
these variations for a 9.6 meters delay (except 
for the F0 model) . As previously, the three 
constitutive models show quite similar results. 

6. INFLUENCE OF THE LENGTH OF AN 
EXCAVATION STEP. 

The length of the excavation step was not fixed 
during the execution of the tunnel, but varied 
with the type of soil at the tunnel face. Four 
values of the pre-arch length are tested with the 
three constitutive models (Figure 11). We 
observe that this variable has a very limited 
effect on the soil displacements. A small reduc-
tion of the settlements occurs when the length is 
smaller, and this is true for the three tested 
models. We can conclude that using a smaller 
length of each excavation step has no interest if 
the purpose is to reduce the soil displacements 
around the tunnel face. Anyway, it can probably 
increase the face stability when the soil behind 
the face has very poor mechanical properties. 

7. CONCLUSION

This study shows the influence of three ex-
cavation parameters on the soil displacements 
around the tunnel face. It appears that the face 
bolting density and the excavation length have a 
limited effect on the displacements in the 
common values of this realisation, whereas the 
raft delay can increase them if two important. 
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1.  INTRODUCTION 

Expansive clays heave when they come into 
contact with water and shrink when water 
evaporates from them (Chen, 1988; Nelson and 
Miller, 1992; Wheeler et al. 2003; and Gallipoli 
et al. 2003). As a result, structures founded in 
expansive clays such as foundations, pave-
ments, canal linings and residential buildings 
are severely damaged. The annual cost of such 
damage to civil engineering structures is esti-
mated at £ 150 million in the UK, $ 1000 
million in the USA and many billions of pounds 
worldwide (Gourley et al. 1993). Various 
innovative techniques such as belled piers, 
chemical alteration, stabilization with different 
additives have been attempted to ameliorate 
these problems (Hunter, 1988; Hoyos et al., 
2004 and Phanikumar et al. 2004 a). Further, 
lime-slurry pressure injection and moisture 
barriers have also been suggested (Chen, 1988). 
A membrane encapsulated soil layer has also 
been used in construction of pavements on 
expansive soils (Lawson and Ingles, 1982). 
Granular pile-anchors (Phanikumar, 1997; 
Phanikumar et al. 2004 b) have also been found 
to be a recent successful innovative technique. 

Geosynthetic reinforcement of soils has also 
been an effective technique (Jewell, 1991; 
Koerner, 1999). Omari and Hamodi (1991) 

proposed a technique called swelling-resistant 
geogrid, in which a geogrid sheet is rolled into a 
cylindrical cell with its ends tied up (geogrid 
cylinder) and embedded vertically into the 
expansive soil to counteract heave in the verti-
cal direction. This paper presents the efficacy of 
the use of discrete fibre reinforcement in con-
trolling heave of remolded expansive soils. 

2. EXPERIMENTAL INVESTIGATION 

A series of laboratory tests was conducted 
for studying the efficacy of fiber reinforcement 
in reducing heave of expansive soils. Heave 
behavior of unreinforced expansive soil speci-
mens was compared with that of specimens 
reinforced with polypropylene fiber. Remoulded 
expansive soils were used in the tests. Un-
reinforced specimens and fiber-reinforced 
specimens were compacted in oedometer and 
swell tests performed. Swelling behavior of un-
reinforced samples and fiber reinforced samples 
was compared. 

2.1. Test materials 

The soil used in this experimental investiga-
tion was moderately swelling soil with a free 
swell index of 93%. The soil was collected from 
a depth of 1.5m from Pune, Maharastra State, 
India. Table 1 shows the index properties of the 

ABSTRACT: The alternate swelling and shrinkage of expansive soils cause severe distress to lightly loaded civil 
engineering structures founded in them. Problems posed by expansive soils have been addressed through various 
means such as physical alteration, chemical stabilization, belled piers, under reamed piles and granular pile 
anchors. This paper presents the efficacy of reinforcing expansive soils with polypropylene fiber based on a
series of laboratory oedometer tests wherein remolded expansive soil specimens were reinforced with varying 
fiber content (fc = 0%, 0.25% and 0.50%) and aspect ratio (0, 15, 30 and 45). 

Heave reduction of an expansive soil through fiber reinforcement 
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soil, which was classified as CH according to 
USCS classification (see Table 1). The fiber 
used for reinforcing the expansive soil speci-
mens was a polypropylene fiber. It had a width 
of 2mm and specific gravity of 0.91. Table 2 
shows various properties of the fibers as sup-
plied by the manufacturers (Techfab, India). 
The fiber content (fc) was varied as 0%, 0.25% 
and 0.50% by dry weight of ht expansive soil. 
The aspect ratio (ar) of the fibers was varied as 
0, 15, 30 and 45. Fig 1 shows the Proctor 
compaction curves of the expansive soil 
blended with varying fiber content. MDD 
decreased and OMC increased with increasing 
fiber content (for a given aspect ratio) and 
increasing aspect ratio (for a given fiber con-
tent).
Table 1. Index properties of the expansive soil 

Specific Gravity 2.72 
Consistency properties 
Liquid limit 
Plastic limit 
Plasticity Index 
Shrinkage limit 

71%
30%
41%
12%

Optimum moisture content (OMC) 
Maximum dry density (MDD) 
Free swell index, FSI (%) 

26%
15 kN/m3

95%

USCS classification CH 

Table 2: Properties of fiber (As supplied by manufac-
turer)

Width
Denier
Tenacity
Specific gravity 
Melting point(.C) 

2 mm 
890
5.45
0.91
170

2.2. Tests conducted 

A series of tests was conducted on re-
moulded expansive soil samples in un-
reinforced condition and on fiber reinforced soil 
samples. Oedometers of diameter 75 mm and 
thickness (H) 25 mm were used for conducting 
the tests. Swell potential and swelling pressure 
were determined by conducting free swell tests 
and the effect of fiber reinforcement studied. 
Swell potential was reported as the ratio of the 

increase in thickness of the sample upon inun-
dation to its initial thickness (H). Swelling 
pressure was determined as the pressure corre-
sponding to the initial void ratio of the speci-
men obtained from the e-log p curve. The initial 
void ratio or the placement void ratio (e) of the 
test specimens varied with varying fiber con-
tent. The specimens were prepared at the 
respective OMC and MDD.

Figure 1. Compaction characteristics. 

3. DISCUSSION

Figs 2 and 3 show the rate of heave for unre-
inforced oedometer sample in comparison to 
that for oedometer samples reinforced with fiber 
contents (fc) of 0.25% and 0.50% at varying 
aspect ratio (ar = 0, 15, 30 and 45). The unrein-
forced soil sample heaved up to 1.35 mm in 3 
days. On being reinforced with polypropylene 
fiber, heave decreased at all aspect ratios, 
indicating that fiber reinforcement was effective 
in controlling heave. The fiber-reinforced 
samples also continued by heaving up to 3 days, 
but the amount of heave decreased in the case of 
fiber-reinforced samples. The fiber-reinforced 
samples at lower aspect ratios of 15 and 30 
exhibited higher reduction in heave than did 
those at higher aspect ratios (see Figs 2 and 3). 
The aspect ratios of 15 and 30 respectively 
resulted in a heave of 0.55 mm and 0.50 mm, 
whereas the aspect ratio of 45 resulted in a 
heave of 1.2 mm when the fiber content was 
0.25% (see Fig 2).  Replacement of clay by 
fiber is constant for a given fiber content (fc).
However, the amount of swelling depends upon 
the clay-fiber contact area. At lower lengths or 
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aspect ratios, the contact between clay and fiber 
would be more effective resulting in higher 
resistance to swelling. At higher lengths or 
aspect ratios fibers would be subjected to 
bending and folding, which reduces the contact 
area between clay and fiber, leading to lesser 
resistance to swelling. Hence, swelling was 
found to be more at higher aspect ratios for both 
the fiber contents of 0.25% and 0.50%. 

Figure 2. Rate of heave ( fc = 0.25% ). 

Figure 3. Variation of heave with time ( fc = 0.50% ). 

Fig 4 shows the variation of heave (mm) 
with aspect ratio (ar) for varying fiber content 
(%). Heave decreased with increasing fiber 
content irrespective of aspect ratio. Heave was 
reduced to its minimum at the fiber content of 
0.50%. Heave decreased rapidly when the fiber 
content was increased from 0 to 0.25% at an 
aspect ratio of 15. As the fiber content was 
increased from 0.25% and 0.50%, the reduction 
in heave was not notable. At the aspect ratio of 
45, a rapid reduction in heave was noticed when 

the fiber content was increased from 0.25% to 
0.50%. Hence, lower aspect ratios were more 
effective, because heave could be significantly 
reduced even at smaller fiber dosages. This was 
because of the effective clay-fiber contact area 
realized at low aspect ratios. Moreover, the 
minimum heave obtained at the aspect ratio of 
45 (at fc = 0.50%) was higher than the minimum 
heave obtained at the aspect ratio of 15 (at fc = 
= 0.50%).

Figure 4. Variation of have with aspect ratio. 

4. CONCLUSION

On being reinforced with polypropylene fi-
ber, heave decreased at all aspect ratios, indicat-
ing that fiber reinforcement was effective in 
controlling heave. The fiber-reinforced samples 
at lower aspect ratios of 15 and 30 exhibited 
higher reduction in heave than did those at 
higher aspect ratios. The aspect ratios of 15 and 
30 respectively resulted in a heave of 0.55 mm 
and 0.50 mm, whereas the aspect ratio of 45 
resulted in a heave of 1.2 mm when the fiber 
content was 0.25%. Heave decreased rapidly 
when the fiber content was increased from 0 to 
0.25% at an aspect ratio of 15. 
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It should be noticed, that pile foundations 
when being subjected to the dynamic loading, in 
most cases can more efficiently decline excite 
oscillations with the less consumption of the 
materials. However existing calculation meth-
ods for pile foundation’ vibrations are quite far 
from the reality. This means: analytical models 
are too tentative and don’t allow taking in 
account a lot of factors, which have much 
influence on the working of system “pile foun-
dations – ground base”. Thus, the work of pile 
foundations (pile group) is judged by the single 
pile’s behavior, which often lead to wrong 
dedication of the pile foundations and as a result 
– to low efficiency of it’s use during the dy-
namic loading. 

Integrated experimental studies made in Re-
search Laboratory Dynamic of Bases and 
Foundations NSUACE (Sibstrin) were aimed 
both at the increasing of the forecast precision 
of the vibration level of pile foundations and at 
the argumentation of suggested theoretical 
models and calculation methods. These experi-
ments demonstrated regularity of the changes in 
the pile foundation’ vibrations parameters 
depending on the different influencing factors, 
such as: number of piles in group, distance apart 
piles, type of linking pile with pile cap, mode 
and intensity of the dynamic loading, static load 
upon pile and so on. Frequencies and ranges of 

the vertical and horizontal components of 
vibration, dynamic moments of flexion and 
axial forces in pile bodies were registered 
during the experiments made. For that purpose 
highly sensitive vibration-measuring devices 
and tension-measuring devices were used 
conjointly. Vibration-measuring device con-
sisted of 3 complexes of the vibration detectors 
K001, analog-to-digital converter E-330 and 
computer Pentium 120 MHz. Each K001 
complex included three sensors I001. Two 
sensors took a measurement of the horizontal 
components of movement, and one measured 
the vertical component. For the dynamic stress 
recording tension-measuring machine was put 
to use. It consisted of the strain-measured 
sample piles, tension boosters TDA-6, analog-
to-digital converter E-330 and computer Pen-
tium 120 MHz. 

Sample piles were made of metal pipes of 
two nominal sizes: 
1. with the diameter d=16 mm and the length 
l=40 cm in the ratio of lwork/d = 20 (25 piles 
complex for the experiments in the small soil 
pan);
2. with the diameter d=42 mm and the length 
l=92 cm in the ratio of lwork/d = 20 (9 piles 
complex for the experiments in the big pan). 

ABSTRACT: This paper presents results of model researches of behavior of single piles, piles of group and pile 
foundations with different sizes under dynamic influence. The research of parameters of vibrations was carried: 
in laboratory, in shaking tables on models. During research the basic laws of interaction of piles in a group were 
determined at dynamic loadings and the factors rendering significant influence on joint work of piles are re-
vealed. The essential difference of dynamic behavior of a single pile from a pile in a group and in foundation 
under equivalent loadings. 

Model research of behavior of single piles, group of piles and pile
foundations under dynamic influence 
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Figure 1. Parameters of a horizontal component of vibrations of a head of a single pile and same pile (as central) 
in group from horizontal stroke loading (a, c, ); dynamic moments of flexion in this pile (b, d, f). Including, at 
horizontal stroke loading of the next piles (first and second contour) in a group (e, f).

Registration of the dynamic moments of 
flexion and of the axial forces in piles was 
performed in five sections. For the strain meas-
urement in piles resistors 2PKB-10.100A were 
used. Groups of four resistors connected in a 
bridge circuit were affixed in each section. 

The first pile complex was provided with 
fastening elements and adjustable caps for the 
dynamic stroke loading transfer. Pile loading 
was carried out with a help of the pendulum 
pile-driver. The stroke density was timed to the 
pendulum displacement angle (from the equilib-
rium position). Research works of the first pile 
complex were run in the soil pan with the plan 
dimension 0.6×0.6 m and the 0.5 m depth. Both 
single piles and groups of 2, 5, 9, 15 and 25 
piles (with spacing apart piles were checked.

The second pile complex was equipped with 
a special T-shaped cap, which allowed fixing 

sensors and static loads on it. This cap also 
provided pin or rigid connection between pile 
and foundation frame. For a piles’ connection 
two types of pile foundation were used: for a 9-
pile group and for a 2-pile. The possibility of 
fastening piles in foundation with a different 
spacing apart them was provided by the exis-
tence of a needed number of holes in the bottom 
base part of the foundation (5 holes to each 
pile). Pin connection between pile and founda-
tion was done with one bolt and hemispheric 
plate placed in the central hole of the pile. Pile 
cap rigid fixing was completed with an installa-
tion of three up to five bolts at each pile. 

Impulsive loading of piles was made with a 
help of special device by way of loading it with 
a static load and its sudden stopping. Impulsive 
loading intensity in tests changed: weight of the 
load on the suspension was 100, 
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Figure 2. Parameters of a horizontal component of vibrations of a head of a single pile and same pile (as central) 
in structure of a group from horizontal impulsive loading (a, c, e); dynamic moments of flexion in this pile (b, d, 
f). Including, in view of additional static loading on a head of a pile (e, f). 

200, 300 N. Piles were tested without primary 
live load, and there was a load with a weight up 
to 40 N fixed at the pile’s head. Kinematical 
excitation of vibrations was done through the 
ground base from the oscillations square block. 
This square block had an area of 0.5 m2 and was 
charged with a harmonic load within the fre-
quency range from 2 to 40 Hz. Vertical or 
horizontal load on the block was transferred 
from the directional twin-shaft vibration genera-
tor. Piles of a second type were checked both as 
single piles, in 9-pile or 2-pile groups and as a 
part of pile foundations consisting of 2 and 9 
piles (with 3d, 5d and 10d spacing apart piles). 
Pile foundations’ loading with a dynamic load 
was carried out also with a help of directional 
twin-shaft vibration generator. Laboratory 
researches of the second type piles were made 
in a pan with dimension 3.0×3.0 ×2.0 (depth) m. 
Both pans were filled with fine air-dry sand. 

The first series of experiments was carried 
our in a small pan. These researches were aimed 
at the examination of the work both of a single 
pile and of the same pile as a central one in the 
group with a different number of piles. 

Therefore, horizontal vibrations’ amplitudes 
and dynamic moments of flexion in pile’s body 
were found. It was done via stroking a pile in 
horizontal direction. Horizontal component of 
vibration amplitude curves for the single pile, 
the central pile of a 9-pile group and the central 
pile of a 25-pile group are given at fig. 1a, 1c. 

One may notice, that dynamic behavior of 
the single pile in the time of penetration of some 
extra piles around it to create a group is chang-
ing drastically in case of close-packed arrange-
ment of piles (see fig. 1a-1d). Travel of pile’s 
head falls with a rise of a self-resonant fre-
quency. When the spacing apart piles in group 
is 3d, these changes reach the 60% level. 
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Figure 3. Parameters of a horizontal component of vibrations pile foundation from horizontal impulsive loading 
(a, b); parameters of a vertical component of vibrations pile foundation from vertical harmonic load (c); dynamic 
axial forces in piles (d); parameters of a horizontal component of of vibrations pile foundation from horizontal 
harmonic load (e); dynamic moments of flexion in pile (f). 

It was established, that when the group 
forms around a single pile, dynamic moments of 
flexion decrease throughout the whole sections. 
Changes are more notable, when the spacing 
apart piles is 3d, but not 6d. In the first case 
these changes reach 40% and in the second one 
– just 20%. Maximums of moments and its 
differences were noticed at the 5d depth. For the 
dynamic moments of flexion curves see fig. 1b, 
1d (spacing apart piles is 3d and 6d).

It should be mentioned, that the central 
pile’s behavior depends a lot on the first (near-
in) contour, which consists of the eight sur-
rounding piles. They were made in the first 
place when creating a group. Later on, during 
the penetration of the second contour piles (for 
25-pile group), oscillation parameters for the 
testing pile had slightly changed. 

The results of both single pile and 9-pile 
group testing made in big pan showed that when 
the pile is in the center of the group, its head 
vibration amplitude significantly decreases and 
self-resonant frequency rises. Parameter curves 
of the horizontal component of vibrations of the 
pile’s head and of the central pile in the 9-pile 
group (spacing apart piles is 3d and 5d) are 
given at fig. 2a, 2c and 2e (fig.2e: 40 N load is 
fixed on a pile’s head). In case of horizontal 
impulsive loading central pile’s vibration 
amplitude falls to 45% and its natural frequency 
grows in 1.3 times (spacing apart piles in groups 
is 3d). Static surcharging presence on the pile’s 
head helps on reducing of natural frequency of 
the oscillating system (in this case in 2.3 times). 

After the forming a pile group around a sin-
gle pile, the decrease of the dynamic moments 
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of flexion in the whole pile length is registered 
(see fig. 2b and 2d). In case of fixing 40 N load 
at the pile’s head, this effect slightly increases 
(see fig.2f). Maximums of the moments are 
fixed at the depth of about 4d. It was found, that 
when a group was created around a single pile, 
dynamic moments of flexion in pile decreased: 
when the spacing apart piles was 3d – in 2 
times, when the spacing apart piles was 5d – in 
1.5 times. Group forming around a single pile 
also lead to the changes in a pile’s deflection 
curve.

During the experiment, some researches of a 
single pile’s and pile group’s vibrations caused 
by the kinematics excitation provided by elastic 
waves spreading through the ground from the 
source block were made. First of all, the single 
pile’s behavior was tested. Then it was tested 
the behavior of the same pile after the penetra-
tion of another one pile nearby and so on, until 
the testing pile was the central in the 9-pile 
group. The results of the experiments showed 
the big fall of the directed vibration’s level of a 
9-pile group central pile in comparison with a 
single pile, especially when the spacing apart 
piles is 3d (up to 3.5 times). 

During the experiments in the small soil pan 
the 25-pile group was tested, and the central pile 
was initially tested as a single. The first and the 
second contour piles were loaded with a hori-
zontal impact load. In this case the amount of 
the dynamic force on the central pile (i.e. 
horizontal component of the motion in pile and 
it’s moments of flexion) was determine. The 
biggest impact was sent in the time of the first 
contour piles loading, when the spacing apart 
piles was minimal. When the spacing apart piles 
is 3d, amplitude values of the central pile’s head 
horizontal traverse come to 40% of a pile 
loading values. In case of the second contour 
piles loading the impact value is not more than 
18% of the natural loading. The dynamic 
moments of flexion curve transforms: maxi-
mums of moments are shifted lengthways the 
pile closer to its middle (when receiving the 
impact from the neighboring piles). The part of 
moments of flexion in pile (whilst impact 
transfer) in relation to the moments of its 
natural loading is: in case of the first contour 
piles loading with a 3d spacing apart piles – 
21%, with a 6d spacing apart piles – 13%; in 

case of the second contour piles loading with a 
3d – 8%, 6d – 3…4%. 

Also there were some researches made in a 
big soil pan. During it the dynamic interaction 
between two piles in conditions of vertical and 
horizontal impulsive loading was checked. It 
was noticed, that when the spacing apart piles 
rises from 3d to 5d, the peak values of the force 
transfer from pile to pile falls in 1.5…2 times, 
and from 3d to 10d – in 5…6 times. 

To determine the impact level of spacing 
apart piles jointed in a foundation and construc-
tion of its conjugation on the pile foundation’ 
vibrations parameters, some experiments were 
carried out. Vibrations of the 9-pile foundation 
caused by the impulsive loading, horizontal or 
vertical harmonic load and kinematics excita-
tion were tested. Piles were fixed at the head 
level in a special conductor with a given spac-
ing. At the same time pressing embedded them. 
After that conductor was removed, the group of 
piles was conjoined with a pile foundation. The 
central and the angular piles were strain-
measured, dynamic moments of flexion and 
axial forces were determine for both of them. 

It was found, that in case of pin connection 
between piles and foundation in conditions of 
horizontal impulsive loading and spacing apart 
piles reducing from 5d to 3d, vibration ampli-
tudes rise by 25…30% and self-resonant fre-
quency falls to 15%. In case of rigid connection 
amplitudes rise by 20% and self-resonant 
frequency falls by 17…20% (see fig. 3a, 3b). 
When the spacing apart piles is reduced from 5d
to 3d, dynamic moments of flexion grow both in 
the central and in the angular piles. The most 
significant changes happen in conditions of 
rigid connection: they reach 85%. 

In case of oscillatory impulse of pile founda-
tion with a horizontal harmonic load and 5d to 
3d spacing apart piles reducing, horizontal 
vibrations amplitudes rise to 32% and resonance 
frequency falls by 12…15%. Similar tendency 
is noticed in conditions of vertical harmonic 
load: amplitudes rise at the first peak to 50% 
and resonance frequency decreases from 30 Hz 
to 23 Hz. Oscillation resonance curves of pile 
footings (caused by vertical harmonic load) 
demonstrates fig.3c. 

The axial forces in single pile’s dispersion 
are much different from the dispersion in the 
central pile of the group. Analysis of the results 
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shows, that when the spacing apart piles in 
group decreases, the difference between dy-
namic axial forces in central and angular piles 
grows (up to 1.5…1.8 times). Curves on fig.3d 
demonstrate axial forces in piles caused by the 
vertical harmonic load in case of rigid connec-
tion between piles and foundation. When the 
spacing apart piles is 3d, the dynamic axial 
forces in the central pile are lower, than when 
the spacing apart piles is 5d (up to 1.3…1.4 
times). But in this case for the angular pile 
everything is on the contrary: forces are a little 
stronger at 3d, though the difference in curves is 
less notable. 

It is known, that foundation movements, es-
pecially in case of horizontal impact, depend a 
lot on the way of conjugation between pile and 
foundation. The influence, which type of pile-
and-foundation conjugation has on the vibration 
parameters, was tested in a big soil pan for 2-
pile foundation (of horizontal impulsive load-
ing) and for 9-pile foundation (of horizontal 
harmonic load and impulsive loading). For the 
registered results of the 9-pile foundation 
horizontal vibration’ parameters see fig. 3e, 3f. 
It was established, that in case of impulsive 
loading and pin connection between piles and 
foundation vibration’ amplitudes are 1.8 times 
higher and self-resonant frequency is 1.3 times 
lower than in case of rigid connection. The 
moments of flexion’s values at each pile section 
in case of pin connection are 2 times (and more) 
higher than in case of rigid connection. The 
form of a piles deflection curve also depends a 
lot upon the conjunction method. 

Parameters of the 9-pile foundation horizon-
tal vibration and dynamic moments of flexion 
curves (its maximums) are demonstrated on fig. 
3e, 3f. The resonance frequency meanings 
found in conditions of harmonic load are 1.3 – 
1.5 times lower for the pin connection than for 
the rigid. On the contrary, the movements’ 
amplitudes are lower for rigid connection (up to 
1.8 times). Meanings of the dynamic moments 
of flexion are 1.5 times higher for pin connec-
tion than for rigid one (without regard to fixed-
end moments). During the experiments made, 
the influence of the type of conjugation on the 
dynamic moments of flexion was analyzed. As 
a result it was found, that maximums of mo-
ments for the pin connection are 1.5 times 
higher than for rigid connection. This fact also 

proves the significant effect made on the pile 
foundation’ vibration by the type of conjugation 
between pile and foundation. The angular piles 
in foundation are loaded more than central ones. 

Summarizing the results of the researches 
made, it is possible to make some conclusions: 

1. Parameters of a single pile vibration can 
significantly differ from the parameters of 
vibration of a pile group. This fact is based on 
the analysis results of both pile heads’ move-
ment amplitudes and dynamic forces in piles. 
The main reason for this is the dynamic interac-
tion among piles in group, which is confirmed 
by the effect of the loaded pile upon the 
neighboring piles research. 

2. To raise the forecast precision of the pile 
foundation’ vibration one should register the 
dynamic efficiency. 

3. The main factors, which have influence 
on the dynamic behavior of piles in group, are: 
spacing apart piles, number and position of piles 
in group, dynamic loading intensity, piles’ 
conjugation construction and also weight of the 
vibrating system and its gravitational center 
position.

4. It is possible to regulate the vibration 
level of a pile foundation by way of changing its 
construction when projecting it. Taking into 
account the dynamic interaction among piles in 
group and the possibility of moving or remov-
ing low-rated piles makes the projecting of pile 
footing more efficient. 
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1.  INTRODUCTION 

Geosynthetic reinforcement of ground has been 
a recent development in reinforced earth. 
Geotextiles, geofabrics and geogrids have been 
the reinforcement components used for improv-
ing bearing capacity of poor soils. Binquet and 
Lee (1975) gave a theoretical analysis to find 
out the pressure intensity of isolated strip 
footings resting on reinforced earth slab for a 
given settlement. Ramaswamy and Yong (1983) 
conducted model tests on strip footings on sand 
fill, with and without reinforcements. Bearing 
capacity improved and bearing capacity ratio 
was found to be in good agreement with the 
analytical procedures of Binquet and Lee 
(1976).

Guido et al (1985, 1986) conducted model 
plate load tests on uniformly graded sand and 
un-reinforced sand reinforced with layers of 
different type of geotextiles. The results showed 
that bearing capacity depended upon u/b ratio 
(ratio of depth below the footing of the first 
layer of reinforcement to the width of the 
footing), s/b (ratio of vertical spacing of the 
layers of reinforcement to the width of the 
footing) and number of reinforcement layers. 
Tests on strip footing resting on loose sand 
overlying weak clay with geotextile placed at 
sand-clay interface resulted in increasing 

bearing capacity with reduction in distance of 
footing from geotextile layer and increase in the 
embedment depth (Kim and Cho, 1988) as well 
as the settlement of footing. Based on the 
laboratory experiments conducted by 
Michalowski et al. (2005) two modes of founda-
tion collapse were suggested, one associated 
with reinforcement slip and the other associated 
with tensile failure of reinforcement. Shi-
vashankar et al (1993) studied the improvement 
in bearing capacity of footings resting on 
granular bed overlying soft clay assuming a 
punching shear failure mechanism in the foun-
dation soil. The tensile strains developed in the 
geogrid provide the confining effect. Madhav 
and Ramu (1999) developed a new model to 
represent the granular bed over the soft clay 
deposit. Many model laboratory and field tests 
were carried out in the past to simulate the 
behaviour of reinforced soils. They provide a 
good understanding of reinforced soil behav-
iour. This paper presents some experimental 
data on the effect of geogrid reinforcement on 
load capacity of a coarse sand bed.  Laboratory 
scale load tests were conducted to study the 
performance of reinforced foundation sand bed 
reinforced with geogrids as planar reinforce-
ment. The behaviour and performance of the 
sand bed reinforced with varying number of 

ABSTRACT: A series of laboratory model tests was conducted to study the improvement in bearing capacity of
coarse sands compacted to a relative density of 50%. A surface footing plate of diameter 60 mm was used as the 
shallow foundation. Circular geogrids of diameter 120 mm were used as horizontal reinforcement layers. The 
number of geogrids and the spacing between them were varied in the study. It was found that the bearing 
capacity of loose sand layers improved with introduction of horizontal geogrid reinforcement layer. Bearing 
capacity was found to improve further with increase in number of geogrid layers and with decrease in spacing 
between them. The depth to the geogrid layer from the base of the foundation was also varied in the study. 

Effect of geogrid reinforcement on load carrying capacity of a
coarse sand bed 

B. R. Phanikumar 
VIT University, India

R. Prasad, A. Singh 
VIT University, Vellore 632014 India

315



geogrid layers at various depths from the base 
of the footing was studied. 

2. EXPERIMENTAL INVESTIGATION 

Dry coarse sand was used for preparing the 
test sand beds. The test sand beds were com-
pacted to a thickness of 200 mm in a cylindrical 
test tank of diameter 300 mm and a height of 
250 mm (see Fig 1). The relative density of all 
the sand beds was kept constant at 50%. The 
sand beds were compacted to a dry unit weight 
( d) corresponding to the predetermined relative 
density of 50%. Dry unit weight ( d) corre-
sponding to Dr = 50% was determined through 
pilot tests conducted on all the types of sand by 
determining the void ratios in their loosest and 
densest states, namely, emax and emin. By prefix-
ing the relative density at 50%, the void ratio 
corresponding to this relative density was 
determined. The sand bed was compacted in 
four layers, each of thickness 50 mm. The 
weight of dry sand corresponding to the dry unit 
weight was measured and divided in to four 
equal parts. Each part was compacted in the test 
tank to a thickness of 50 mm. In the case of 
geogrid reinforcement sand beds, the geogrid 
layers were placed at the required height, u and 
spacing, s. The thickness of all the sand layers 
was checked in order to ensure the prefixed dry 
unit weight. 

Figure 1. Experimental setup. 

A foundation plate or test plate of diameter 
60 mm was used for the conduct of the plate 
load tests. The diameter of the horizontal 
geogrid reinforcement was kept equal to 120 
mm in all the tests. The number of geogrids was 
varied as n = 1, 2 and 3. The spacing between 
the geogrid was kept constant as 10 mm. In the 

case of tests with n = 1 and n = 2, the depth to 
the top geogrid (u) from the base of the founda-
tion (or test plate) was varied as 10 mm and 20 
mm. Netlon CE 121 was used for providing 
horizontal geogrid reinforcement in the sand 
base. It is a high tensile polypropylene sheet 
with an aperture size of 6 mm. It has a tensile 
strength of 7.68 kN/m2. When the compaction 
was over, the test plate was kept on the sand bed 
at the center of the tank and subjected to load-
ing. Two dial gauges of 0.01 mm sensitivity 
were fixed to the test plate for observing the 
deformation under the applied loads. Initially, a 
seating load of 10 N was applied on the test 
plate. The subsequent load increments were 30 
N, 30 N, 30 N, 30 N, 40 N and 40 N for unrein-
forced sand beds and 30 N, 30 N, 30 N, 30 N 
and 4 x 40 N for geogrid reinforced sand beds 
chosen arbitrarily. Each load increment was 
kept on the sand bed for 60 minutes and the 
deformations observed. The average of defor-
mation readings observed from the two dial 
gauges was reported as the actual deformation.

3. DISCUSSION

Fig 2 shows the load-settlement behaviour 
of unreinforced coarse sand bed and coarse sand 
bed reinforced with single geogrid (n=1) placed 
at u = 10 mm and u = 20 mm. Horizontal 
geogrid reinforcement placed beneath the 
footing intercepts the failure zones in sand beds 
and helps in increasing the bearing capacity of 
the foundation system. Further, the stress 
distribution area increases at a given depth in 
the sand bed because of a wider dispersion of 
stress affected by horizontal geogrid reinforce-
ment. Hence, the stress at a given horizontal 
plane in the sand bed reduces, resulting in a 
smaller amount of settlement. This leads to 
higher stiffness of the geogrid reinforced sand 
layer. For example, the vertical compressive 
loads required to be applied for deformation of 
0.5 mm for fine sand, medium sand and coarse 
sand were respectively 83 N, 44 N and 87 N. 
When u was increased to 20 mm, the compres-
sive loads required to be applied for the same 
deformation decreased, indicating that the 
geogrid would be more effective when placed in 
a closer proximity to the base of the foundation. 
The stiffness of the geogrid reinforced sand 
layer would be higher at lower values of u. 
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Figure 2. Load-settlement behavior of unreinforced 
coarse sand bed and coarse sand reinforced with 
single geogrids (n=1) 

Fig 3 shows load-settlement behaviour of 
unreinforced coarse sand and coarse sand 
reinforced with various configurations of 
geogrids (n = 2; s = 10 and n = 2; s = 20) for u = 
10 mm. The load-settlement curves for n = 1 
and u = 10 mm are also shown for comparison 
with those for n = 2. The load-settlement curves 
for n = 2 were above those for n = 1, indicating 
the improvement in load carrying capacity 
compared to n = 1. With increasing number of 
geogrids, the interlocking effect and interface 
friction increase significantly rendering the 
systems more shear resistant. The higher con-
finement of sand, which was a consequence of 
higher number of geogrids, reduced the amount 
of settlement, thus preventing failure. 

Figure 3. Load-settlement behavior of unreinforced 
coarse sand bed and coarse sand reinforced with 
varying number of geogrids (n=1; n=2) 

When the spacing between the geogrids (s) 
was less, the compressive load response was 
further improved. Fig. 4 shows the load-
settlement curves for unreinforced coarse sand 
beds and coarse sand beds reinforced with n = 
= 1, n = 2 and n = 3. The data pertain to u = 
= 10 mm and s = 10 mm. The load-settlement 
curve for n = 3 was lying above all other curves 
indicating highest improvement in load carrying 
capacity. The curves for n = 2 and n = 3, in that 
order, lay below that for n = 3. 

Figure 4. Load-settlement behavior for coarse sand 
bed (n=0; n=2; n=3) 

4. CONCLUSION

The geogrid reinforced sand beds resulted in 
improved load – settlement behavior indicating 
higher bearing capacity due to geogrid rein-
forcement. The geogrid-reinforced sand layer 
was more effective when placed in a closer 
proximity to the base of the foundation. The 
load response was better for u = 10 mm than u = 
20 mm. When the spacing between the geogrids 
(s) was less, the compressive load response was 
further improved. The load-settlement curve for 
n = 3 was lying above all other curves indicat-
ing highest improvement in load carrying 
capacity. The curves for n = 2 and n = 3, in that 
order, lay below that for n = 3. The load re-
quired for  = 0.5 mm increased with increasing 
number of geogrids. 
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1. INTRODUCTION 

Landfills are generally composed of municipal 
solid waste (MSW), hazardous or non-
hazardous waste, liquid waste or radioactive 
waste. Typical components of MSW landfill are 
shown in Fig. 1. These landfills cover large 
urban areas of invaluable land, which cannot be 
used otherwise. Soaring prices of land in urban 
areas had resulted into converting the closed 
landfills into potential grounds for commercial, 
industrial and recreational facilities, after 
allowing of certain period for consolidation of 
the waste. However, this development work 
over landfills has to be undertaken with due 
care and thorough study of landfill properties as 
it may lead into several environmental and 
engineering problems. Post closure perform-
ances of MSW landfills after the developments 
which include construction of roadways, recrea-
tional facilities like parks, golf courses, etc. 
which are termed as soft uses and commercial 
facilities like offices, service stations, shopping 
centers and residential buildings, etc. which are 
termed as hard uses, are very common. The two 
basic issues associated with post closure work 
are related to large total and differential settle-
ments of landfill and migration of landfill gas 
and contaminants into soil and environment, 
which may be very hazardous. These problems 

get still worsened when structures on these 
landfills are subjected to earthquake forces 
under saturated landfill conditions. No proper 
study or observational database is available in 
this aspect, which further poses engineering and 
environmental challenges in effectively utilizing 
these closed landfills.

Figure 1. Components of MSW landfill (adapted 
from Kavazanjian et al. 1998). 

2. ENGINEERING CHALLENGES IN POST 
CLOSURE DEVELOPMENT 

Closed MSW landfills can be put for either hard 
use or soft use depending upon the requirements 

ABSTRACT: Construction of landfills takes away with it acres of costly land mainly in urban areas. Nowadays, 
closed landfills are looked upon and utilized as good sites for further development of commercial, industrial and
recreational facilities in urban areas where land cost is prohibitive. However, the problems like differential 
settlement, cracks in the floors and walls with methane gas coming through the cracks, landfill gas migration 
control and foundation design challenges, etc. are encountered in construction on MSW landfills. The conse-
quences of above problems will be more hazardous when landfills with structures above are subjected to strong 
earthquakes, since such failures may result into large fatalities and financial losses. In present paper a compre-
hensive overview of the post closure performances of MSW landfills is presented. 
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with due regards to type (lined or unlined 
MSW, hazardous waste, etc.), composition and 
properties of landfill. Low bearing capacity of 
landfills dictates use of deep foundations for 
multistoried structures or shallow foundations 
for low rise structures. Presence of geosynthetic 
or clay liners in lined landfills restricts use of 
pile foundations as it may damage these liners.

2.1 Problems associated 

Both total and differential settlements are of 
major concern for hard and soft uses of landfill 
as it affects the design of shallow foundations 
directly, and causes additional down drag on 
piles in case of deep foundations. It affects the 
design of site utilities, pavements, etc. as well. 
These settlements result into cracking of struc-
tural components like floors, beams, columns 
and damage to walls, sometimes resulting into 
total collapse of the structure. Also, landfill 
bottom liners and covers get damaged in the 
process resulting into release of contaminants, 
both leachate and gas into the soil and environ-
ment. This long term settlement depends upon 
composition (presence of degradable material) 
and age of the landfill and needs to be ascer-
tained before undertaking the development 
work. For practical purposes, the post-closure 
long-term settlement is assumed between15% to 
20% of the waste mass thickness, whereas the 
differential settlement is taken as half the total 
settlement, i.e. 7.5% to 10% of waste thickness 
as proposed by Bouazza and Kavazanjian 
(2001). Sharma and De (2007) reported that 
post closure settlements can be estimated using 
coefficient of secondary compression due to 
self-weight and that due to external loads on 
landfill.

Design and construction of foundations on 
closed landfill is another issue of concern. It 
requires estimation of the strength of the waste 
material, cover system and hence the bearing 
capacity of landfills. High rise structures require 
provision of deep foundations like piles but only 
in case of landfills without engineered liner 
system. For low rise structures, presence of 
thick soil cover may be beneficial. However, 
use of shallow foundations in form of raft is 
helpful in reducing the problem of differential 
settlements as compared to isolated footings. In 

case of deep foundations, negative skin friction 
or downdrag load due to settlement of waste is 
to be accounted for in addition to other loads. 
Also, the placing of waste and its decomposi-
tion may induce horizontal movements inside 
the landfill. Obstructions at the pile tip such as 
large concrete pieces, plastics, metals, etc. 
affects the pile driving and may cause additional 
loads and stresses and hence affects the overall 
performance of pile foundations in landfills. In 
addition to above, suitable system is to be 
designed to tackle the problem of migration of 
landfill gas. 

2.2 Solutions

Foundations can be designed and constructed as 
surface, embedded or through the landfill 
resting on stiff strata. The total and differential 
settlements occurring in landfills necessitate 
provision of raft foundations rather than isolated 
footings for low rise buildings. Bouazza and 
Kavazanjian (2001) recommend that if these 
settlements are too large, ground improvement 
techniques before undertaking any development 
works must be carried out. Ground improve-
ment techniques like densification of fill using 
tamping and dynamic compaction may be 
helpful in improving bearing capacity of fills. 
For low rise structures, use of conventional 
spread footings, reinforced concrete mats, and 
grid foundations are recommended. 

Figure 2. Engineered fill with geogrids or geotextiles 
to support heavier loads (Bouazza and Kavazanjian, 
2001).

In case of thin soil cover, Bouazza and 
Kavazanjian (2001) recommended an engi-
neered fill, composed of geogrids or high-
tensile geotextiles, as shown in Fig. 2, beneath 
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the foundation, to bridge over non-uniform 
settlements and to provide higher rigidity to 
support larger loads. For deep foundations, 
driven piles are commonly used to support the 
high rise structures on landfills without engi-
neered liners, for which prestressed or precast 
concrete piles are used. Steel H-piles or pipe 
piles can also be used with suitable coating to 
prevent corrosion. Dunn (1993) reported that in 
addition to vertical and downdrag loads, pile 
foundations shall be analyzed for lateral pile 
capacity and punching through the landfill liner.
Dunn (1995) recommended that negative skin 
friction can be reduced by providing friction 
reducing coatings on piles, or by providing 
double pile system, or pre-drilling with an 
oversize hole that is filled with bentonite slurry. 
Rinne et al. (1994) recommended bitumen-
coated, pre-cast prestressed concrete piles for 
MSW landfills for reducing the negative skin 
friction.

3. ENVIRONMENTAL CHALLENGES IN 
POST CLOSURE DEVELOPMENT 

The environmental challenges faced primarily 
after construction of structures are twofold. 
These are related to explosions caused due to 
accumulation of landfill gas and contamination 
of subsurface or atmosphere with other waste 
products generated as a result of development 
activity.

3.1 Problems involved  

Gases like methane and carbon dioxide are 
generated after post closure development. There 
are chances of migration and accumulation of 
these gases in confined places below foundation 
or in buildings through the cracks in floors 
developed due to differential settlement. This 
may result into fire or explosions which is 
extremely hazardous. The other non-
methanogenic organic compounds developed 
along with landfill gases contain carcinogenic 
traces which may cause serious health hazards. 

3.2 Solutions to problems

Problem of gas migration can be controlled by 
providing gas collection systems and engineered 
covers in a modern closed landfill.  However, 

additional protective measures are required to 
be provided within the waste mass and also 
below the structures. This problem of gas 
migration can be controlled by providing 
physical and pneumatic barriers, passive vent-
ing systems, and active gas collection and 
treatment systems. The problem of gas genera-
tion is more pronounced in case of landfill 
developments for soft uses like parks, golf 
courses, etc. where use of more water for 
vegetation and irrigation purposes may result 
into migration of water into the landfill. If 
proper cover system is not designed, this leads 
to  settlements and generation of gases, which 
needs to be controlled properly by providing a  
gas migration control system at crucial locations 
like at the top, at the perimeter and below the 
landfill to prevent the gas migration into the 
atmosphere and subsurface. Fig. 3 shows 
remedial system provided for gas detection 
under building at Tecnoparc de Montreal, 
Canada (Rollin and Fournier, 2001) 

Figure 3. Remedial system under building at Tec-
noparc de Montreal, Canada (Rollin and Fournier, 
2001).

Some of the techniques suggested by the Of-
fice of Emergency and Remedial Response 
(USEPA, 2001) in its report on reusing of 
Superfund sites are: 

1. Avoiding methane gas from accumulating 
at bottom by providing convex shape to bottoms 
of floor slabs. 

2. Providing an impermeable geomembrane 
or other hydraulic/gas barrier under the struc-
ture or within the building’s floors.

3. Providing an air space below a structure 
to allow for gas detection and venting, inspec-
tion and maintenance of the cover.

4. Installing gas detectors and vent fans. 
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4. POST CLOSURE DEVELOPMENT 
DESIGN STEPS 

Evaluating the geotechnical properties of closed 
landfill is of utmost importance before design-
ing and constructing structures over closed 
landfills. Song et al. (2003) performed studies 
for determination of geotechnical properties of 
the Nanji-Do landfill site near Han River in 
Seoul City, which was proposed to be used for 
construction of roadway. It was noticed that the 
strength of fill decreased with increase in depth 
below ground surface. Also, shear strength and 
bearing capacity of solid waste soil decreased 
with increase in organic matter, which was to 
the tune of 8 % and hence site improvement was 
recommended.

Keech (1996) proposed following basic 
steps for designing structures on closed land-
fills:

1. Analyzing the available historical docu-
ments and geotechnical reports like landfill 
grading plan, sequence of operations, existing 
utilities and gas collection systems, previous 
uses and topography, contour map of depth to 
barrier and refuse layer, contour map of settle-
ment, etc. 

2. Defining site characteristics (boundary 
conditions), which include identifying soft 
boundaries (created due to site changes) and 
hard boundary conditions (created by deep 
foundations).

3. Designing shallow or deep foundation 
based on type of structure proposed, for pre-
dicted rates of settlement, and

4. Defining future inspection and mainte-
nance requirements.

It may be noted that in both the development 
cases for hard as well as soft use, a proper 
monitoring and maintenance system is to be 
provided and annual inspections of post devel-
opment safety provisions is to be carried out 
and necessary repairs to be undertaken. 

5. CASE STUDIES 

Wiley and Assadi (2002) presented a case study 
of six projects on partially closed landfills at 
New Jersey. The details of these projects were 
as below: 

1. Elizabeth, NJ: Facilities like a mall, hotel, 
etc. were provided at the 166 acres landfill 
located at this site. Site remediation techniques 
like provision of vertical membrane wall, 
leachate collection and treatment system, 
removal of hazardous waste, capping of the 
waste and landfill gas control system were 
adopted.

2. Bayonne, NJ: A golf course was con-
structed at this 120 acres landfill site. Site 
remediation techniques adopted here were 
provision of slurry wall, leachate collection and 
treatment system, removal of hazardous waste, 
capping of the waste and landfill gas control 
system.

3. North wildwood, NJ: A residential con-
dominium facilities were provided at this 12 
acres landfill. Site remediation techniques 
adopted here were provision of capping of the 
waste and landfill gas control system. 

4. Wanaque, NJ: A community college was 
proposed at this 12 acres landfill site. Site 
remediation techniques provided were leachate 
collection and treatment system, waste reloca-
tion, capping of the waste and landfill gas 
control system. 

5. Edison, NJ: Residential facilities were 
proposed at this site 30 acres landfill site. Site 
remediation techniques provided were waste 
relocation, capping of the waste, provision of 
leachate collection and treatment system, 
removal of hazardous waste and landfill gas 
control system. 

6. Woodbridge: Office and warehouse facili-
ties were proposed at this 38 acres landfill site. 
Site remediation techniques adopted were waste 
relocation, capping of the waste, provision of 
leachate collection and treatment system, 
removal of hazardous waste and landfill gas 
control system. 

Martin and Tedder (2002) presented case 
study of four such developments on landfills in 
Florida.

1. Hampshire Homes landfill: Twenty 
houses were constructed around the perimeter 
of this construction debris landfill located in 
Florida.

2. The Gunn Highway landfill: Thirteen 
apartment buildings and a clubhouse were 
constructed over this MSW landfill occupying 
an area of 15 acres. Timber pile foundation was 
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provided and post-tensioned concrete structural 
slab system was provided along with synthetic 
membrane to control migration of landfill gas. 
However, after few years cracks were devel-
oped due to differential settlement methane gas 
leakage was detected. 

3. Dyer Road landfill:  A beautiful landscape 
park was constructed over this MSW, construc-
tion debris and trash landfill, which occupied an 
area of 405 acres of land. Remedial measures 
adopted at this site included capping of the 
landfill with PVC liner system and installation 
of landfill gas extraction system. 

4. St. Lucie County Northeast Airport land-
fill: A golf course and habitat protection centre 
for protecting animal species of concern was 
provided over this MSW, industrial, medical 
and hazardous and other waste landfill occupy-
ing an area of 300 acres. Remedial measures 
provided were top cover and a system vertical 
recovery wells was installed to extract contami-
nated ground water.

Rollin & Fournier (2001) reported a case 
study of post closure development on landfill in 
Tecnoparc de Montreal, Canada. Five buildings 
covering area of 10,312 m2 were constructed to 
accommodate movie studios, storage facilities 
and administrative buildings. Pile foundation 
was provided for theses buildings. A layer 
consisting of geomembrane and granular layer 
consisting of 150 mm diameter drainage pipes 
embedded in a 500 mm thick layer of 20-40 mm 
diameter material was provided as gas collec-
tion and evacuation layer. No leakage was 
detected after one year of monitoring. Miller 
and Vogt (1999) reported the case study of 
office park consisting of 20 buildings con-
structed on closed landfill in Redwood City, 
California. Buildings rested on 40 m long 
precast concrete friction piles. Evans et al. 
(2000) reported a case study of athletic fields 
constructed on inactive Gaffey Street landfill in 
Wilmington, California. A “smart” irrigation 
system was provided as redevelopment measure 
to control overwatering due to irrigation and 
rainfall, whereas roadways, parking lots, bas-
ketball courts were covered with an asphaltic 
concrete low-permeability barrier layer pro-
vided with a resin-impregnated fabric interlayer 
to inhibit cracking. Collins et al. (1998) reported 
a case study on post closure development of 
hazardous waste McColl Superfund landfill site 

at Fullerton, California covering 8.8 hectares. A 
golf course was constructed on this landfill.  A 
composite geomembrane/geosynthetic clay liner 
infiltration barrier as capping system and 
geogrid reinforced foundation layer with gas 
extraction pipes were provided beneath the 
capping system as remedial measures.

6. SEISMIC BEHAVIOUR OF LANDFILLS 

The response of solid waste landfills to dynamic 
loading is of major importance as the dynamic 
loading may induce damaging relative move-
ments within the waste mass and foundation. 
This would result into rupture of liner or cover 
system resulting into release of leachate/gases 
and disrupt the function of leachate and gas 
collection system. Hence the seismic analysis 
has developed lot of significance as far as the 
landfills are concerned. Codal provisions and 
regulations requires that all new landfills and 
proposed extensions of existing landfills within 
a seismic impact zone be designed for seismic 
hazard like the US Code of Federal Regulations 
(USEPA, 1995) (where maximum horizontal 
acceleration is more than 0.1g) recommends 
landfills be designed for a level of acceleration 
of not exceeding 90% or greater probability in 
250 years. Augello et al. (1995) presented the 
report on the seismic performance of both 
geosynthetic-lined and unlined MSW landfills 
during 1994 Northridge earthquake (Mw = 6.7). 
Matasovic et al. (1998) reported on performance 
of landfills during important earthquakes that 
have occurred since 1969. It was observed from 
these reports that due to strong shaking, both 
geosynthetic-lined and unlined landfills have 
experienced tears/cracks in both geosynthetic 
used and in top cover soil. Also from the strong 
motion records at OII landfill in California, it 
has been observed that seismic motions gets 
amplified when they pass through and reach the 
top of landfills. Hence, it has become impera-
tive to perform seismic analysis of closed 
landfills with structures above it. Since, it was 
noticed that strong motions gets amplified as 
they travel upwards through landfill, the struc-
tures above the landfills need to design for these 
earthquake forces, in addition to those due to 
total and differential settlement, etc., after 
proper determination of dynamic properties and 
compression behavior of closed landfills. 
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Utilization of geosynthetic/geofoam reinforced 
embankments and base isolation techniques 
may help in reducing the seismic forces and 
providing a better foundation system. 

7. CONCLUSIONS 

Increasing cost of land in urban areas has 
resulted into utilization of closed or former 
landfills as good sites for post closure develop-
ments. Engineering and environmental chal-
lenges are faced by geotechnical engineers 
while designing and constructing deep founda-
tions for high rise structures on closed, lined 
landfills. Understanding settlement behavior 
and controlling the landfill gas migration are the 
other challenges faced. The consequences of 
above failures will be more hazardous when 
landfills with structures above are subjected to 
strong earthquakes. Hence, utmost care need to 
be exercised and proper study of effect of 
earthquakes on structures built on old landfills 
be carried out to prevent such failures resulting 
into large fatalities and financial losses. 
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1. INTRODUCTION

Design of piles socketed in rocks requires 
evaluation of the frictional resistance between 
the pile and the rock surfaces. The socket 
friction is important for realizing pile capacity. 
Shear strength of rock joint is an important 
consideration in pile socket capacity estimation. 
The transfer of load from pile top to the socket 
and pile base depends on socket geometry, the 
relative stiffness of the pile and the rock mass, 
the socket shear strength and the foundation 
settlement. It has been generally recognized that 
the effect of interlocking and friction of the 
sides of rock-socketed pile can provide support 
for a significant proportion of the applied load. 
However, understanding of the development of 
the side resistance has been inadequate.

The mechanism of load transfer and settle-
ment of a socketed pile with respect to the 
distribution of support between the side walls of 
the shaft and end bearing are classified into two 
cases. In the first case, much of the support is 
developed in the upper part of the pile, i.e., the 
side wall resistance per unit displacement is 
much greater than the end bearing force devel-
oped for the same displacement. In the second 
case, the socket has low modulus with respect to 

end bearing rock modulus, and under these 
circumstances, most of the load is carried in end 
bearing.

All natural rock surfaces are rough and 
iregular to varying degrees. These surface 
irregularities, known as asperities, produce 
interlocking between fracture surfaces which 
can contribute significantly to their shear 
strength. There are several approaches to 
computing shear strength of rough rock joint 
surfaces. Notable among them are the energy 
based approach of Ladanyi and Archambault 
(1969), later enhanced by Miller and Martin 
(1975) and the empirical approach of Barton 
(1977). Venugopal (1986) and Antony (1998) 
have established a correspondence between the 
two approaches on the basis of model tests on 
horizontal joints in rock samples using direct 
shear tests as follows: 

Ladanyi and Archambault (as referred by 
Dight and Chiu, 1981) attempted to develop a 
more general failure model which is clearly 
definable in physical terms. The main feature is 
the that the formulation accounts for both low 
normal stress behaviour of riding over asperities 
and shearing of asperities at high normal 
stresses. They proposed a formulation for shear 
stress which takes into account intact shearing 
through asperity. The equation is: 

ABSTRACT: This paper deals with analysis of load transfer across a rough socket in rock using FEM and 
considering the socket roughness. Joint Roughness Coefficient (JRC) is a convenient widely used parameter for
representing roughness of rock surfaces. FEM, on the other hand uses stiffness coefficients. Here, an attempt is 
made to represent the stiffness in terms of JRC and the load carrying  capacity is evaluated. In addition to elastic 
normal and tangential stiffnesses, cross-stiffnesses have been introduced as a function of JRC. The capacities of
sockets of different roughnesses are analysed in compression and pull-out. The approach is used to evaluate the 
capacities of actual load-tested piles. A good agreement is obtained between the computed capacities and the 
load-test results. 
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                            (1) 

where n is normal stress, as - the shear area 
ratio giving proportion of joint area sheared 
through asperities, v - rate of dilation = y / x,
and r - residual friction angle. Two empirical 
ratios were developed: 

              (2) 

               (3) 

where  is interlocking degree, qu – unconfined 
compressive strength of intact rock, T - the 
transition pressure, i0 – initial dilation angle, K1
= 0.5 and K2 = 4.0. 

The effect of normal stress is represented by 
the constants and the roughness due to asperity 
is characterised by the parameters L1 and tan i0.
A fair estimate of K1 is given by 

     (4) 

where K is a parameter which implicitly incor-
porates the effect of roughness. Venugopal 
(1986) has derived the relationship between K 
and JRC using model test results on horizontal 
joints as 

log K= 0.0093 JRC - 1.07   (5) 

It is observed that K2 varies with JRC as 
well. The following expression was derived to 
link K2 with JRC, again based on the same 
model test results: 

log K2 = A n + B    (6) 

where A and B are parameters dependent on 
JRC.

log A = 0.0099 JRC – 3.76   (7) 

log B = - 0.00315  JRC – 0.87  (8) 

In the present study an attempt is made to 
predict the axial load capacity of piles socketed 
in rock using the Finite Element Method using 
ANSYS ( Singh, 2000). One of the important 
aspects of the study is consideration of socket 
roughness in computing pile capacity. The 
analysis has been carried out by considering 
stiffness parameters for pile rock interface, in 
consonance with the JRC of socket profile.

1.1. Model for Pile: 

The pile is modeled with Drucker Prager crite-
rion. The stress-strain curve is idealized as 
elastic perfectly plastic. The cohesion, coeffi-
cient of friction and the flow angle are the 
inputs. The flow angle is taken as equal to angle 
of friction. Other parameters used for the three 
grades of concrete considered in the analysis are 
given in Table 1. The pile is modeled with 
Drucker Prager criterion (Table 2). Hence, the 
modulus of concrete has been taken as Ec  = fck / 

cu, where fck = characteristic strength of con-
crete as given in IS 456. and cu is the ultimate 
axial strain of concrete in uniaxial compression 
= 0.002. 

Table 1. Parameters of pile model 

Grade of 
concrete

M15 M20 M25 

Cohesion
(MPa)

1.97 2.63 3.283 

Friction
Angle

(Degrees)

60.57 60.57 60.57 

Flow angle 
(Degrees)

60.57 60.57 60.57 
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Table 2 Pile and rock properties

1.2. Model for pile-rock interface: 

The interface has been modeled using element 
CONTACT 48. The constitutive framework for 
the element incorporates elastic deformation in 
addition to inelastic response ( Wriggers et al, 
1990). Normal stiffness, sticking contact 
stiffness, maximum penetration tolerance and 
internal contact length tolerance are the four 
input parameters for the element. The interface 
properties used for modeling are given later in 
Section 2.2. 

However, where asperities are present, the 
effective static friction angle of a rough surface 
is equal to the sum of the basic friction angle of 
the rock and the inclination of the asperities. 
This inclination can be related to JRC by the 
empitrical equation proposed by Tse and 
Cruden (1979) 

                                           (9) 

1.3. Model for rock: 

Rock is modeled using PLANE 42 element 
using the Drucker Prager criterion. The cohe-
sion, coefficient of friction, flow angle, rock 
modulus and Poisson’s ratio are the five inputs. 
The flow angle is made equal to the friction 
angle. The   modulus of the rock has been taken 
as the lesser of the intact and in-situ modulii 
(Table 2).  The properties of the Breccia are 
also shown there. 

2. ANALYSIS

The modeling procedure described above is 
applied for compression and pullout cases. The 
capacity is estimated using JRC values of 6 and 
10. The initial dilation angle is found using Tse 
and Cruden’s (1979) relation given above. 
These predicted values are then compared with 
the actual test results. 

The main rock type in the city of Mumbai is 
basalt.  These are Tertiary to Quarternary and 
exhibit varying degrees of hydrothermal 
weathering depending on the age of the flow, 
the older one being relatively highly weathered. 

Much of the construction on the coastal 
front in the city is on marine clays. The pre-
ferred foundation type is bored cast-in-situ 
piles. For deriving the design capacity, they are 
usually socketed in the basaltic bed-rock.

Socketing activity has given rise to diverse 
opinions on the parameters of the socket, such 
as the starting and ending depth of the socket, 
the resistance offered by the socket and the 
method to be used. Most of all, the method of 
computing the payment terms has been a point 
of much discussion and a rational single techni-
cal basis does not exist. However, an aspect that 
has not been given adequate attention is the 
development of friction in the socket and the 
load transfer. In the present paper this aspect is 
addressed.

2.1 The FEM model 

Due to paucity of space, out of all the piles 
analysed, that of one typical pile is described 
below. A representative pile of diameter 600 
mm and socket depth 4000 mm has been used 
for the analysis.  The boundary is at a distance 
of 12 m from the centre-line of pile assumed to 
be smooth and radially restrained (Figure 1).

At the base, the boundary condition was as-
sumed to be fixed, i.e. no displacement in 
vertical direction was permitted. The model for 
pullout has interface element at the sides only. 
Four noded quadrilateral elements PLANE 42 
with axi-symmetric option have been used to 
model the pile and the rock. Contact 48 have 
been used at the interface.

Drucker-Prager
Constants

S.
No

Item E(N/m2),

(ν ) c ,φ Flow
Angle

1 Pile  1.25x1011,
(0.12)

3.28 x106,
60.57

60.57

2 Rock 
(brec
cia)

1.6x 109,
(0.11)

0.11x106,
25.0

25.0

=
−

− 47.32
2.32

1tan
JRC

ei
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The interface properties are as follows: 
Elastic normal stiffness (Knn) =0.6925x1011

N/m3

Elastic Tangential Stiffness (Kss) = 0.208x1011

N/m3

Maximum penetration tolerance (TOLN) 
=0.005
Target Surface internal expansion (TOLS) 
=0.01
Ratio of static to dynamic friction (FACT)        
= 2.47 (JRC=6) and 2.72 (JRC=10) 

The interface is descretized as follows: 
Total number of elements in rock            =740 
Total number of elements in pile socket     =  16 
Total number of elements at interface        
(inside only)               =  72 

2.2 Capacity under compression: 

The load is applied in increments and for every 
load the analysis is performed in each sub-step 
with a limit of 25 on the number of equilibrium 
iterations.

The pile studied was modeled as follows: 
Length of Pile            = 17 m 
Diameter of Pile        =  0.6 m 
Length of socket        =  4 m 
Boundary distance in radial direction  = 12 m 
Depth of the rock below the socket     =   6 m 

The details of the mesh used are: 
Total number of elements       =   1776 
Total number of nodes             =   1913 
Number of elements in pile      =       72 

      Total interface elements           =       78 
A comparison of the pile capacities obtained 

by the present study is made with actual load 
test results reported by Karandikar (1997) in 
Table 3. 

Table 3. Comparison of pile capacities 

FEM Load Test % 
diff.

Total
Load

(t)

Settlement

(mm)

Total
Load

(t)

Settlement

(mm)
300 10.135 300 10.91 8.34 

2.3 Capacity under pullout 

The socket friction capacity determined from 
the compression analysis is based on the ap-
proximate vertical stress and equilibrium 
assumptions. Hence exact capacity of the socket 
in side-wall resistance can only be evaluated by 
the pullout analysis. Two cases of pile socketed 
in weathered Breccia have been studied. The 
cases have been selected to allow for considera-
tion of different JRC. The details of these cases 
are listed in Table 4. 
.
Table 4.  Details of the cases in pullout 

S.
No

Item Case 1 Case 2 

1. Length of socket(m) 4.0 4.0 
2. Diameter of 

socket(m)
0.5 0.5 

3. J R C  6.0 10.0 
4. Boundary distance in 

radial direction(m) 
6.0 6.0 

5. Depth of the rock 
underlying the socket 

5.0 5.0 

2.4  Validation 

Prior to application to piles of the Mumbai 
region, the program was validated by applying 
it to reported results on Melbourne Mudstone by 
Dight and Chiu (1981). The pile and rock 
properties were similar to those used by them. 
The piles were of side friction-only type and 
were analysed for pullout. The modeling details 
for this are: 

12.0 m 17.0 m 

6.0 m 

0.3

Socket
 4.0 m 

Socket
Interface
Element

Weathered Breccia 

P
I
L
E

Figure 1. FEM Model and Boundary Conditions 
(Not to Scale)
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Length of socket   =  2.0 m 
Diameter of socket   =  1.3 m 
Distance of boundary  =  6.5 m 
Depth of rock below socket =  5.0 m 
Initial dilation angle  = 31.10

The results of the validation (Figure 2) show the 
good agreement between the estimated pullout 
load and the reported.. 

2.5 Socket capacity for Mumbai piles 

The total pullout load versus socket head 
settlement are shown in Figures 3 and 4 for JRC 
values of 6 and 10, respectively.

The results of axial compression and pull 
out are compared in Table 5. 

Table 5. Comparison of compression and pullout 
behaviour

Compression Pullout 
JRC 6 JRC 10 Socket

Friction 100t 80t 150t 

3. CONCLUSIONS

The following inferences are drawn from the 
results:

1. The pile – rock socket response is predomi-
nently non-linear in character. 

2. The use of the Roughness Factor JRC as a 
measure to quantify socket roughness yields 
good predictions of axial capacities of piles 
in compression and pullout. 

3. The maximum capacity of socket increases 
with increase in JRC of the interface. 

4. It  is observed that, as the load is applied on 
the pile, most of the load is taken by the 
socket until the entire socket resistance is 
mobilized. After that the pile is free to move 
and most of the additional applied load goes 
directly to the tip. 

5.  It can be seen that most of the full socket 
load is developed at relatively small head 
settlement thus making initial part of the  
total pullout stress versus head settlement 
curve comparatively flat. 
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1. INTRODUCTION

The mechanical behavior of soil, which is very 
complex and extremely nonlinear, may be 
modeled at various degrees of accuracy. A 
simplest stress-strain relation is given by 
Hooke’s law of linear, isotropic elasticity and it 
can be used for solving only few ideal geotech-
nical problems where the strength of material 
does not play an important rule. When strength 
does play a role, Mohr-Coulomb (MC) ideal-
elastic perfectly-plastic model can be used. 
With those two models many geotechnical 
problems can be solved choosing right soil 
parameters.

In recent years development of powerful 
computers enabled the expansion of numerical 
software that can solve stress-strain problems 
using finite element or finite difference meth-
ods. Those methods use various types of consti-
tutive equations to model as real as possible the 
soil behavior in wide range of stress conditions. 
Some phenomena like stress dependent stiff-
enss, soil hardening, very high stiffness at small 
strains and damping effect in cycling loading 
are partly covered with Hardening soil model 
(HS) and new developed Hardening soil model 
with small-strain stiffness (HSs) available by 
the computer program PLAXIS. 

The main stiffness parameter used in the 
three soil models, MC, HS and HSs, is the 
Young modulus of elasticity E. Standard 
drained triaxial test were simulated by Plaxis 
using all three types of soil models to show the 
influence of the input parameters on the stress-
strain curve. The way the modulus E is defined 
in each model is given by basic equations and 
displayed graphically.

Using same soil models, a real sheet pile 
wall was modeled by Plaxis2D for plain-strain 
conditions. The case study of the structure and 
displacement analyses with HS soil model is 
described in Sokoli , I., Vukadinovi , B. 
(2007). At that time the HSs soil model was not 
yet available. In the present paper some new 
analyses ar presented to show the influence of 
input soil parameters on wall displacements. It 
is also explained in more details the initial 
stiffness distribution in the soil profile and the 
way that different stiffness parameters can be 
compared.

2. SOIL MODELS 

Same soil strength is used in all three models 
(MC, HS and HSs) and it is defined by three 
parameters: cohesion c, internal friction angle ϕ
and dilatancy angle ψ. The main difference 

ABSTRACT: The paper describes the basic difference between three types of soil models, Mohr-Coulomb 
model (MC), Hardening soil model (HS) and newly developed hardening soil model with small-strain stiffness 
(HSs). The way that those constitutive models are describing stress-strain relations, is presented with basic 
equations and compared graphically. As more the model considers complex mechanical behavior of the soil, the 
more parameters are used. To evaluate the influence of each stiffness parameter on the soil behavior, several 
parameter analyses were performed for standard triaxial compression tests and sheet pile wall displacement 
problems. The results of calculated wall displacement were compared to real inclinometer measurements.

Sheet pile wall analysis by the computer program Plaxis using dif-
ferent constitutive models for soil 

I. Sokoli
University of Zagreb, Faculty of Civil Engineering, Ka i eva 26, 10000 Zagreb, CROATIA 

331



between the three models is the way the stiff-
ness  is modeled.

Extremely nonlinear deformation of the real 
soil can be observed in standard drained triaxial 
tests. Secant Young modulus E, defined as the 
ratio of applied deviatoric load to current axial 
strain, can be used to define this nonlinearity.

2.1. The Mohr-Coulomb model 

The Mohr Coulomb model is an ideal-elastic 
perfectly-plastic model. It means that the 
relation between the stress and strain is strictly 
linear until the failure. 

In Plaxis the stiffness is defined with only 
two independent parameters, Young modulus E 
and Poisson ratio . Alternative parameters are 
the oedometer modulus Eoed and the shear 
modulus G.

2.2. The Hardening soil model 

It is well known that when subjected to primary 
deviatoric loading, soil exhibits decreasing 
stiffness while simultaneously irreversible 
plastic strain develops. In the special case of 
standard drained triaxial test the observed 
relation between the axial strain and the devia-
toric stress can be approximated by a hyperbola. 
In the HS soil model this relation is expressed 
by the equation 

ai qq
q

E /1
1

1 −
=−ε ,  (1) 

ε1 being vertical strain, q the deviatoric stress, 
qa the asymptotic value of the shear strength 
(qa=qf/Rf), qf the strength, Rf the failure ratio 
and Ei the initial stiffness defined as  
Ei=2E50/(2-Rf), where E50 is confining stress 
dependent stiffness modulus for primary load-
ing and is given by the equation 
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where E50
ref is a reference stiffness modulus 

corresponding to the referent confining pressure 
pref, σ3 is the minor principal stress  and m is an 
exponent regulating the amount of stress de-
pendency.

Also it is known that during the unloading 
and reloading the soil behaves much stiffer then 
in primary loading. Stresses are then situated 

inside the failure surface and deformations are 
nearly elastic. Unloading in HS soil model is 
defined by two independent stiffness parame-
ters, unloading-reloading Young modulus Eur
and Poisson’s ratio ur. Eur is also stress depend-
ent and it is defined by a similar power law as 
eq. 2. (using same reference pressure pref, minor 
principal stress σ3 and power parameter m but 
using referent unloading-reloading modulus 
Eur

ref instead of E50
ref).

The relation between the modulus E and Eoed
in elastic region is defined by a constant . In 
HS soil model it is possible to define these 
parameters independently. This results with a 
non-constant  in plastic region. Tangent oe-
dometer modulus Eoed is defined by a similar 
power law as eq. 2. (using same reference 
pressure pref, maximum principal stress σ1 and 
power parameter m, but referent oedometer 
modulus Eoed

ref instead of E50
ref).

Finally, the stiffness in the HS model is de-
fined by six parameters: m, E50

ref, Eoed
ref

, Eur
ref

,
νur and pref, and the region in which the model 
behaves in the elastic or in the plastic mode, is 
defined by a system of two yield surfaces. 
Detailed formulation and evaluation of the HS 
model can be found in Shanz, T., Veremeer, 
P.A., Bonnier, P.G. (1999). 

2.3. The Hardening soil with small-strain 
stiffness

Only recently, it became apparent that conven-
tional laboratory tests over predict strains, due 
to the strong non-linearity of soil behavior in 
the small to medium strain range. That was also 
noted observing the retaining structure move-
ments that are almost always smaller than 
predicted. To account for that phenomenon, the 
HS model was recently upgraded to Hardening 
Soil with small-strain stiffness (HSs). The 
model has the additional region in which the 
soil behaves in nonlinear elastic mode with very 
high stiffness which is called small-strain 
stiffness. The region is limited between zero 
deformation and the relative shear deformation 
called threshold strain, which is defined in the 
HSs model by the γ0.7 parameter. As the stiff-
ness in that region can best be determined by 
measuring shear wave velocity, which corre-
lates well to shear modulus of the soil, this 
region is defined in the HSs model with initial 
shear modulus Go
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Where γ is the shear strain and G0 is the initial 
shear modulus given by a similar power law as 
eq. 2. (using same reference pressure pref,
maximum principal stress σ1 and power pa-
rameter m, but a referent shear modulus G0

ref

instead of E50
ref).

The only additional parameters of the HSs 
model to that of the HS model are Gref and γ0.7.
The model also partially accounts for damping 
during cycling loading. Detailed formulation 
and validation of the HSs model can be found in 
Benz, T. (2007).

3. THE STANDARD DRAINED TRIAXIAL 
TEST

The standard triaxial drained test was modeled 
by Plaxis with an initial isotropic compression 
to the consolidation pressure σ3 = 100 kN/m2.
The simulation was performed using all three 
models: MC, HS and HSs, using the same 
strength parameters (c = 1 kN/m2, ϕ = 36o,
ψ = 0o).

The First simulation was performed with the 
MC model using stiffness parameters       
E(MC) = 30.000 kN/m2 and ν = 0,2. The result 
shows typical linear stress-strain relation until 
the failure deviatoric stress qf. For given 
strength and stiffness parameters the relative 
shear strain at failure is app. 1%. Simulation 
results are shown on the figure 1.a) with a dash-
dot line. 

Stiffness in the HS model was defined by a 
referent Young modulus equal to MC modulus 
E i.e. E50

ref(HS) = E(MC). Simulation results are 
shown on the same figure 1.a) with a dashed 
line. The hyperbolic stress-strain relation      
(eq. 1.) is evident. 

The important matter is that E50(HS) mod-
ulus is equal to E(MC) modulus only because 
the simulation is performed at a cell pressure of  
-σ3 = 100 kN/m2 which is equal to the reference 
pressure pref. For different initial cell pressures 
the moduli are not equal. Also, the axial strain 
at the failure is app. 5%, and is 5 times bigger 
then that for MC model.

In the HSs model only the additional stiff-
ness parameters for small strains are varied 

while the HS parameters are kept the same. The 
chosen initial stiffness parameter E0

ref is ten 
times bigger than the reference stiffness pa-
rameter E50

ref (for ν = 0,2 the initial reference 
shear modulus is than calculated by  
G0

ref = E0
ref/2.4). The threshold shear strain 

value is chosen as 0.7 = 0,0001. 

Figure 1. Standard drained triaxial test simulation 
performed by three different soil models MC, HS and 
HSs. a) global view on type of deformation, 
b) insight view in the zone of small deformation,
c) influence of 0.7 parameter on the shape of the 
deformation curve. 

The way that Young modulus is defined in 
each of the models is shown graphically on 
figure 1.a) and in larger scale on 2.b). 

Additional simulations were performed with 
HSs model varying the 0.7 parameter. The 
results are shown on Figure 1.c). It is important 
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to notice that the computer program allows 
input of unreal values. For example the material 
with 0.7 = 0.01 behaves like nonlinear elastic to 
the point of failure at relative shear deformation 
of app. 0.001 and than just fits the plastic part of 
the curve. To keep the small-strain region 
reasonably big it is suggested to use: 

)2sin)1('2cos1(2(
28

3
01

0
7.0 ϕσϕγ Kc

G
+++= ,  (4) 

4. SHEET PILE WALL MODEL 

Soil profile and the wall layout are shown on 
the figure 3. There are two characteristic soil 
layers in the model, upper layer of medium 
dense gravel and lower layer of stiff clay. Layer 
of fill was removed during the construction. 
Stiffness and the strength parameters of gravel 
were chosen based on SPT results shown on 
figure 2. Results are normalized per depth and 
correlated to friction angle according to Mayne 
(2001). Clay layer parameters were based on 
SPT results, axial compression tests and from 
experiences on similar nearby locations. 

Figure 2. SPT results, number of blows normalized 
per depth and correlated to friction angle according to 
Mayne, (2001).

Retaining structure consists of a sheet pile 
wall with sheet piles of type AU40 and 11 m 
long. The wall is embedded 1 m into the clay 
layer to prevent ground water seepage into the 
pit. The wall is anchored by two rows of 10 m 

long Ischebeck Titan 40/20 type anchors on   
1,5 m horizontal distance. The anchors were 
prestressed to 50% of their pulling capacity. 
Inclinometers were installed behind the wall. 
More details can be found in  Sokoli  and 
Vukadinovi  (2007). 

Figure 3. Cross section of the sheet pile wall with 
two rows of prestressed ground anchors and position 
of the inclinometer installation. 

Retaining structure was modeled by 
Plaxis2D using all three soil models (MC, HS, 
HSs) with equal strength parameters (c, ϕ and 
ψ). The stiffness parameter E for the MC model 
was based on results from geotechnical investi-
gation works and from correlations.

For the MC model, the stiffness for each 
layer is constant with depth and remains the 
same for all phases of calculation. For the HS 
model, which possesses a stress dependent 
stiffness, initial stress distribution is not con-
stant with depth and it changes its value during 
the calculation. For reasons of comparison, it is 
very important to match the initial stiffness for 
both models, i.e. E50(HS) = E(MC), in certain 
points of model. To calculate E50 distribution 
with depth it is necessary to first calculate the 
minor principal stresses (effective horizontal 
stresses σ’3 with depth). This is done using 
Jaky’s formula for the coefficient of horizontal 
stress at rest, i.e. Ko = 1 – sin . Using pref = 100 
kN/m2 for all materials and the power parameter 
m (0,5 for gravel and 0,9 for clay), the reference 
stiffness E50

ref can be calculated using eq. 2. The 
result is shown on the figure 5. If the initial 
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stiffness is defined in such a way, we can 
compare the results of calculations using the 
MC and HS soil model. Unloading-reloading 
stiffness parameters for the HS model were used 
according to Plaxis manual instructions        
Eur

ref = 3xE50
ref and ur = 0.2.

In the HSs model all stiffness parameters 
from the HS model were retained. The two 
additional parameters for small strain region 
were chosen in the following way. G0

ref was 
chosen as E0

ref = 5xE50
ref. Those are linked, i.e. 

G0
ref = E50

ref/2.4, using  = 0.2. The threshold 
strain 0.7 was calculated according to eq. 4. 
using σ’1 and σ’3 at the same matching points. 

Soil parameters for the MC and the HS soil 
models used in initial calculations are shown in 
table 1. 

Figure 4.Vertical, ’1, and horizontal, ’3, effective 
stresses with depth in normally consolidated soil and 
the initial stiffness distribution

Table 1. Soil parameters for the MC and the HS soil 
model used in the initial calculations 

 Soil 
Type

dr / sat c
[kN/m2]

ϕ
[o]

E
[kN/m2]

1 GW 19 / 20 1 36 17.200 
2 CH 20 / 21 35 23 10.400 

σ’3 ref 
[kN/m2]

pref

[kN/m2]
m
[ ] 

E50
ref

[kN/m2]
E50

ref

[kN/m2]
1 -40 100 0,5 27.000 81.000 
2 -98 100 0,9 10.500 31.500 

To evaluate the influence of each stiffness 
parameter on the final calculation results, 14 
parameter analyses were performed: 

A. Four MC model analyses varying pa-
rameter E(MC) x 1; 2.5; 5; and 10.

B. Four HS model analyses varying pa-
rameter E50

ref(HS) x 1; 2.5; 5; and 10. 
C. Two HS model analyses varying Eur

ref x 
5; 10 and for E50

ref = 5xE(MC).
D. Two HSs model analyses taking          

E0
ref = (5 ; 10)xE50

ref  for E50
ref =

5xE(MC).
E. Two HSs model analyses varying pa-

rameter 0.7 x 10; 100 for                   
E50

ref = 5xE(MC) and E0
ref = 10xE50

ref

The results are shown on figures 5. to 9. 

Figure 5. Parameter analysis A 

Figure 6. Parameter analysis B 
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Figure 7. Parameter analysis C 

Figure 8. Parameter analysis D 

Figure 9. Parameter analysis E 

It can be observed that using the MC model, 
calculated global displacements are unreal, 
especially the bottom heave. Total displace-
ments of the wall are far too over predicted for 
the first set of estimated stiffness parameters. 
Increasing modulus E up to ten times (in this 
example) it is possible to fit the measurements 
in both excavation stages. On the other hand, 
the HS model improves global deformations 
significantly, especially the bottom heave. By 
increasing modulus E50

ref ‘curve fitting’ is 
progressing faster and appearing more realistic 
than with the MC model. By increasing Eur

ref,
the horizontal displacement shape is translated 
towards measured values but the curvature is 
almost the same as before leaving internal 
forces in the sheet pile wall almost unchanged. 
The HSs model does not change the results 
much in this case, probably because the global 
safety factor of structure is around 1,3. It means 
that soil shear strains are extremely plastic and 
far away from small-strain region. Increasing 
parameter 0.7 in the HSs model on he other 
hand, has a very big influence on the results 
compared to increasing G0

ref, but that parameter 
variation leads to an unreal small-strain region. 

5. CONCLUSION

While modeling temporary flexible retained 
structures with computer program Plaxis2D it is 
better to use HS model than MC model. In that 
case displacement of the model are most sensi-
tive to the stiffness parameter E50

ref and it is 
very important how the modulus E50 is distrib-
uted at the initial stage. That depends signifi-
cantly on power parameter m and the initial 
stress distribution. Compared to that, 'playing' 
with other stiffness parameters, out of recom-
mendations given in the Plaxis manual, is 
unnecessary. Using HSs soil model for model-
ing structures with very low safety factor is only 
time consuming and does not lead to more 
accurate results. 
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1. INTRODUCTION

Traditional bridges are usually constructed to 
provide unrestrained lateral deck movements, 
which could be induced by temperature varia-
tion, shrinkage and creep of concrete and 
vehicle braking loads (Nicholson, 1994). The 
deck and the abutments are connected in the 
form of roller supports, expansion joints or 
bearings; however these connections often 
result in costly maintenance and replacement 
works over the service life of the bridge (Tilly, 
1994). The emerging durability problems 
associated with expansion joints have prompted 
several design guidelines, such as Highway 
Agency (1996), to recommend the use of 
integral bridges for short to medium span 
length. Integral bridges are constructed with the 
deck structurally connected to the abutments 
and any intermediate supports, therefore offer-
ing a low-cost alternative to the traditional 
bridges as they eliminate the durability prob-
lems associated with expansion joints and 
bearings.

There is, however, an additional, important 
geotechnical design consideration for integral 
bridges. The absence of movement joints 
implies that the lateral deck displacements, in 
particular the temperature-induced displace-

ments, will be transferred and partially re-
strained by the abutments, its foundations and 
the surrounding soil. In the short-term, deck 
expansion will increase the abutment pressure 
towards the passive limit, while deck contrac-
tion will result in significant settlement of the 
soil behind the abutment. The integral abutment 
designers also need to consider the effect of the 
repeated deck expansion and contraction in the 
longer term – continual cyclic loading of the 
soil behind the abutment can result in further 
escalation of the abutment pressure and in-
creased settlement (Springman et al., 1996; 
England et al., 2000; Tan, 2007). 

This paper addresses the short-term behav-
iour of the integral abutments with an embedded 
wall abutment (Fig. 1); in particular the focus is 
on the failure mechanisms that could develop 
due to the initial unidirectional, or monotonic, 
expansion/contraction of the deck (±ΔT). The 
largest deck displacements can be related to 
prototype bridges with long spans under ex-
treme condition of temperature fluctuations. In 
addition to the initial thermal-induced deck 
displacements, short and long term creep and 
shrinkage in concrete and composite decks can 
also result in monotonic deck displacements 
being applied to the top of integral bridge 
abutments.

ABSTRACT: The designs of integral bridges have largely been empirical-based as the fundamental mechanisms 
underlying the deck-abutment-soil interaction – which directly dictate the earth pressure and ground settlement 
behind the bridge abutments – have not yet been fully understood. This paper investigates the monotonic 
interaction mechanisms associated with the initial, unidirectional expansion/contraction of the deck. A small-
scale laboratory model using a simulated soil together with a close range photogrammetric technique was 
employed to examine the soil displacements. Comparisons with matching finite element analysis showed a close 
agreement between the physical and numerical models and clearly identified the key soil mechanisms.

Modelling the monotonic soil mechanisms behind abutments of an
integral bridge 
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Figure 1. Integral bridge with embedded wall abutment 

The authors will present the development of 
the deck loads and the key incremental soil 
displacement and strain data obtained from a 
series of model tests, and compare these results 
with predictions from the finite element analy-
sis. Based on these comparisons, the prediction 
capability of the numerical models is assessed 
and the key shear mechanisms involved during 
the monotonic deck displacements are identified 
and discussed. 

2. LABORATORY MODELS 

2.1. Model abutment wall and experimental 
procedures

The small-scale physical model tests were 
conducted under 1-g and plane strain conditions 
in the laboratory using a two-dimensional 
granular material. A schematic outline of 
experimental apparatus (without the granular 
material) is shown in Fig. 2. 

Figure 2. Schematic outline of the experimental apparatus 
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The deck-wall joint was modelled using a 
vertical roller connection, with negligible 
resulting changes in vertical wall load and zero 
rotational joint stiffness. It consisted of a 
propped vertical wall, with an effective height 
(H) of 385mm, embedded within the granular 
material contained in the test chamber. A wall 
embedment depth to total height ratio (d/H) of 
0.39 was used in the experiments. The test 
chamber provided an internal working space of 
525mm by 860mm and it rests on top of a stable 
wooden bench. During the model tests, the prop 
– simulating a very stiff deck and resting near 
the top of the wall – was displaced by a manu-
ally driven screw prop to model the deck 
displacements ( T) of an integral bridge.

A load cell embedded in the deck prop al-
lowed the development of the deck load to be 
measured during the experiments. The 3 key 
stages of the two monotonic experiments 
reported in this paper were: 

(a) Initial setting up; 
(b) Excavation on the clearance side to arrive at 

a wall embedment ratio of d/H = 0.39; and 
(c) Incrementally displacing of the prop to 

simulate deck expansion or contraction of up 
to T = ±10mm or T/H = ±0.026.

2.2. Simulated granular material 

The simulated granular, also known as the rod 
model, consisted of a well-graded assembly of 
aluminium rods to simulate a two-dimensional 
granular material (Fig. 3). 

In the experiments, the rods were deposited 
into the experimental apparatus without the 
need of any permanent front and back supports. 
The rods have a fixed length of 75mm and a 
circular cross-section. Six different sizes were 
used with diameters of 2, 3, 6, 8, 12 and 20mm.  

The same set of rod materials was used for 
all the experiments and the smaller-sized rods 
were packed around the wall to ensure smooth 
displacement patterns. The key material proper-
ties of the rod assembly were determined using 
a modified Casagrande’s shear box (Tan, 2007), 
and they are summarised in Table 1. 

Table 1. Key parameters for the rod assembly 
estimated from the modified shear box tests 

Parameters Estimated values 
Friction angle, φ' 28°
Angle of dilation, ψ 14-15°
Wall interface friction 
angle, δ 14°
Unit weight, bulk 22 kN/m3

Area ratio, e 0.24-0.38 

The main advantages of using the rod model 
in the experiments can be summarised as below: 
(a) The plane forces and displacement patterns 

were not influenced by the side wall friction 
of the container; and 

Figure 3. (a) The multi-sized aluminium rods (Lee and Bassett, 2006); (b) an assembly of the rods in an experi-
ment (front view) 
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(b) Reflective markers could be easily 
embedded into the rod assembly and 
therefore the particle displacements could be 
accurately measured using a 
photogrammetric technique. 

2.3. Close range photogrammetric technique 
with a linear strain theory 

The authors employed a close range photo-
grammetric technique to measure the two-
dimensional soil/structure displacements. The 
technique has been developed based on the 
Vision Metrology Systems (Woodhouse et al., 
1999) that was developed in University College 
London, UK for the non-intrusive measure-
ments of deformations in three-dimensional 
structures.

Kwok and Sawjani (2001) described the im-
plementation of the photogrammetric technique 
and strain analysis into the present laboratory 
experiments based on the use of aluminium rods 
as a simulated granular material. The fundamen-
tals of the photogrammetric technique include: 
calibration of a digital camera, target setup, 
image capture and image processing to obtain 
the coordinates of the target points at various 
stages/epochs of an experiment. For the image 
capture stage, a digital camera is used to capture 
10 photographs for each epoch from various 
angles and at a fixed focal distance of 2m. 

The grids of target points within the rod 
model are converted into a network of triangles 
using the software EngVis based on the Delau-
nay triangular system. Fig. 4 shows an example 
of a triangular network generated in an experi-
ment.

Each triangle in the mesh is treated as an in-
dividual linear strain triangle for the purpose of 
strain evaluation. The algorithm for the strain 
analysis, which is based upon both geometry 
and the Mohr Circle of incremental strain, has 
been described in detail by Lee and Bassett 
(2006).

The typical quoted precision in the authors’ 
experiments was found to be in the order of 
30μm. The authors have also assessed the 
accuracy of the photogrammetric measurements 
by directly comparing selected data with dial 
gauge measurements. The accuracy of the 
photogrammetric technique has been found to 
be in the order of 0.1mm. 

Figure 4. (a) Photograph of an experiment; and (b) a 
triangular mesh system of the target points for 
evaluating soil strain 

2.4. Quantification of soil mechanisms 

Normally a set of data output from each 
photographed stage of an experiment consisted 
of displacement and strain in the soil in the 
forms of vectors and contour plots. A complete 
set comprises of: 

(a) Displacement vectors (d-vectors); 
(b) Total, horizontal and vertical displacement 

(d, dx and dy) contours; 
(c) The maximum shear and the volumetric 

strain (γmax and εv) contours; and 
(d) The directions of the major principal strain 

(ε1) and two zero-extension (α and β) lines. 

These plots provide direct qualitative and 
quantitative comparisons with results from 
matching finite element analysis. They will give 
an insight into the development of mechanisms 
within the soil mass associated with deck 
expansion and contraction, which could be used 
to postulate upper bound mechanistic solutions 
for the monotonic collapse loads. In this paper, 
the authors will focus on using the total dis-
placement (d) and the maximum shear strain 
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(γmax) contours to identify the key shear mecha-
nisms in the soil. 

3. COMPARISONS WITH FINITE 
ELEMENT ANALYSIS

3.1. Introduction

The finite element analysis reported in this 
paper was performed using the commercially 
available program CRISP (CRItical Soil 
Program) version 4.3a whose original code was 
described by Britto and Gunn (1987). The 
numerical models employed an elastic-perfectly 
plastic Mohr-Coulomb soil model with a non-
associated flow rule (φ' ≠ ψ) to simulate the 
granular material used in the model tests. The 
material parameters for the soil model were 
determined from a combination of modified 
Casagrande’s shear box tests and a series of 
parametric studies. To enable a direct 
comparison with the physical model data, the 
authors has set the numerical models to have 
identical geometric dimensions. The 
experimental procedures from the physical 
models have also been mimicked as closely as 
possible in the finite element analysis. Hence, 
the pair of finite element analysis reported here 
was a direct prediction of the two model tests 
with monotonic deck expansion or contraction 
of up to T = ±10mm or T/H = ±0.026.

3.2. Analysis conditions 

The finite element mesh is shown in Fig. 5. 
It consisted of 622 nodes and 1098 elements 
with a smooth fixity for the two vertical 
boundaries (i.e. complete restraints only in the 
x-direction and zero restraint in the y-direction) 
and a rough fixity for the horizontal base 
boundary (i.e. complete restraints in both the x- 
and y-directions). The analyses were performed 
under a plane strain condition. The soil was 
mostly represented by 6-noded triangular 
elements, while the wall was modelled by 8-
noded quadrilateral elements. A layer of one-
dimensional slip elements was placed around 
the wall to represent the interface between the 
wall and the soil.

The coefficient of in-situ earth pressure (k0)
was estimated using the Jaky’s formula: 

'sin1k 0 φ−=     (1) 

Figure 5. Finite element mesh (622 nodes, 1098 
elements)

The material parameters used for the elastic 
wall and the soil are given in Table 2. The 
monotonic deck displacements were simulated 
by assigning incremental displacements to the 
top fixity of the elastic wall. A Full Newton-
Rapson iterative method was employed for the 
stress-point integration of the non-linear consti-
tutive soil model. The force and displacement 
convergence tolerance was specified to be 5% 
in the analyses. 

Table 2. Material parameters employed in the finite 
element analysis 

Parameters Elastic wall Granular 
material

c' (kPa) - 0.01 
φ' (°) - 25 
ψ (°) - 15 
E0 (MPa) 15,500 1.6 
mE (MPa/m) - 10 
mc (MPa/m) - 0 
υ 0.2 0.35

bulk (kN/m3) 22 22
k0 - 0.577 

3.3. Limiting deck loads 

Fig. 6 compares the development of the axial 
deck loads (normalised by γbulk × H2) with the 
monotonic deck displacements of up to ±10mm
(normalised by H) between the model tests and 
finite element analysis. 

The finite element analysis predicted distinct 
values of limiting loads during deck expansion 
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and contraction, in contrast with the highly non-
linear load-displacement relationship (especially 
during deck expansion) observed from the 
model tests. Although the final values were very 
close to the model test results, the initial, pre-
failure deck load response was noticeably stiffer 
(i.e. a higher rate of increase with deck dis-
placement) during deck expansion. A possible 
reason for these discrepancies was that, in 
contrast with the elastic-perfectly plastic Mohr-
Coulomb soil model, the real granular material 
in the model tests exhibited both small-strain 
(pre-failure) plasticity and a stress-path depend-
ent stress-strain relationship. 

Figure 6. Comparison of normalised deck loads 
between physical and numerical results 

3.4. Soil mechanisms during deck expansion 

Comparisons of the total displacement (d) and 
the maximum shear strain (γmax) contours in the 
soil during deck expansion, for an initial and an 
end increment, are given in Fig. 7 and Fig. 8 
respectively.

During the initial displacement increment (0 
to -1mm), the physical and the numerical 
models produced similar mechanisms – the 
significant displacement and γmax developed in a 
restrained passive zone near the deck level. The 
orientation of the displacement pattern from the 
finite element analysis was well represented by 
a passive alignment of (45-ψ/2) = 37.5° from 
the horizontal based on its constant, assigned 
values for the angle of dilation. 

During the end increment (-8 to -10mm) 
when the failure mechanisms were in an ad-
vance stage of development, the displacement 
pattern in the finite element analysis consisted 
of straight lines (again 37.5° from the horizon-

tal) and a log-spiral curve. The orientation of 
the passive zones was found to be 39° in the 
model tests, indicating a slightly lower value of 
ψ in the granular material near failure for the 
model tests. 

In general, both the displacement and strain 
contours are in reasonably close agreement 
between the finite element analysis and the 
model test during monotonic deck expansion. 

3.5. Soil mechanisms during deck contraction 

The d and γmax contours for two increments of 
deck contraction are shown in Fig. 9 and Fig. 
10. Once again, during the initial increment (0 
to 1mm), the overall displacement patterns from 
the model test and finite element analysis were 
in fair agreement – they consisted of parallel, 
evenly-spaced straight lines on both sides of the 
wall. In the finite element analysis, they were 
aligned at (45+ψ/2) = 52.5° from the horizontal. 
However, in the model test, the line orientations 
on the retained side were noticeably steeper (at 
about 59° from the horizontal); this suggested 
that the dilation angle ψ was some 15° lower in 
the finite element analysis during these active 
stress paths. 

The data for the end increment (7 to 10mm) 
shows that the displacement patterns still 
consisted predominantly of straight lines. The 
line orientations in the finite element analysis 
remained at 52.5° (active) and 37.5° (passive) 
from the horizontal. The orientations of the 
contours in the model test have, however, 
changed to 54° and 39° respectively which 
correlated better with the numerical prediction 
and indicated a significantly reduced value of ψ
when compared with the initial increment. The 
γmax contours from the numerical prediction 
showed fairly uniform shear strain contours on 
both sides of the wall with no internal rupture 
planes, while the physical model test showed a 
complex network of rupture plane within the 
active and passive failure zones.

As with the case during deck expansion, 
there were fairly satisfactory agreements of the 
soil mechanisms between the finite element 
analysis and model test during deck contraction. 
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Figure 7. Comparison of displacement contours during deck expansion for T between: (a) 0 and -1mm; and (b) -
8 and -10mm 

Figure 8. Comparison of maximum shear strain contours during deck expansion for T between: (a) 0 and -1mm; 
and (b) -8 and -10mm 

343



Figure 9. Comparison of displacement contours during deck contraction for T between: (a) 0 and 1mm; and (b) 
7 and 10 mm 

Figure 10. Comparison of maximum shear strain contours during deck contraction for T between: (a) 0 and 
1 mm; and (b) 7 and 10 mm 
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4. CONCLUSIONS

The soil mechanisms relating to the monotonic 
expansion and contraction of a model integral 
abutment (of the embedded-wall type) have 
been examined in this paper. The conclusions 
are as follows: 

(a) The application of a photogrammetric 
technique in the model tests using the rod 
model has allowed the failure mechanisms 
developing in the soil associated with 
monotonic deck expansion and contraction 
to be clearly identifiable from the 
displacement and strain contours. 

(b) The finite element analysis, using a non-
associated Mohr-Coulomb soil model, has 
been shown to produce satisfactory 
prediction of the behaviour of the model 
abutment. The resulting soil mechanisms 
obtained from finite element analysis were 
found to agree remarkably well with the 
model test results. 

(c) The results from the laboratory models and 
finite element models would form a good 
guidance for deducing upper bound failure 
mechanisms associated with monotonic 
deck expansion and contraction.
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1. INTRODUCTION

In the United States, the term “micropile” 
refers to foundation elements which are less 
than 30 cm in diameter, bored, grouted-in-place, 
and incorporate steel reinforcement. However, 
depending on the rock conditions, performance 
requirements and level of construction exper-
tise, the concept of a micropile may be broad-
ened.  For example, in Finland underpinning 
commonly uses jacked or driven steel pipes 
installed to rock that may or may not be 
grouted.

Urban areas pose challenges to the use of 
more common deep foundation systems. Re-
stricted lateral space, low overhead conditions, 
uncertain utility locations and aesthetic appear-
ance of large construction equipment favor the 
use of more compact and versatile foundation 
systems. As United States designers have 
become more aware of the advantages of the 
micropiles and their use to solve urban deep 
foundation and underpinning problems has 
increased.

2.  APPLICATION OF MICROPILES 

Micropiles are used to provide structural 
support for new structures, as underpinning of 
existing structures, and less frequently as part of 
a seismic retrofitting in areas of potentially 

liquefiable soils. Micropiles are typically 
installed to resist axial loads, usually compres-
sion, although seismic applications may involve 
lateral and/or tensile loading. Figure 1 presents 
the categories of micropiles as defined by the 
United States Federal Highway Administration 
(FHWA, 1997, 2000).

The methods of micropile construction pro-
vide flexibility to respond to variations in rock 
conditions. Micropile drilling records provide 
ground condition documentation during pile 
construction. Since micropiles are typically 
designed to transfer load by skin friction, 
construction observations are used to verify that 
design requirements for bond length are satis-
fied for each pile.

ABSTRACT: In the United States, micropiles provide economic deep foundation systems in complex rock 
terrains. In urban areas, where construction may limit the size of drilling equipment, micropiles are often the 
only practical foundation construction or underpinning technique available. This adaptability is a result of the 
large variety of small diameter borehole drilling techniques. Micropiles rely on skin friction or bond between the 
pile grout and the surrounding rock. This allows designers to use rock-pile contact zones to create high pile 
capacity. In practice, micropiles in rock rarely exceed a 3m bond length. Successful micropile construction 
requires practices that are best provided by a specialty micropile contractor. 

Use of Micropile Foundations in Urban Areas of the United States
2008

Robert P. Traylor 
R.P. Traylor, LLC 

Gordon Matheson 
Schnabel Engineering, Inc. 
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Figure 1: Classification of MicropileType after FHWA(1997)
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Several factors must be considered when 
applying micropile technology. The most 
important is estimating the design bond strength 
or skin friction of the rock. Quality field explo-
ration, observation and knowledge of the 
geomorphology of the area are used in selection 
of pile to rock-bond strength. In the United 
States, the average ultimate bond values of 
Type A piles in massive hard rock have been 
shown to be in excess of 1.7 MPa (Cadden et al, 
2001). As with anchors in rock, micropile bond 
lengths greater than 3m rarely produce in-
creased pile capacity because the pile grout 
strength controls capacity.

Discontinuous or broken rock conditions 
present greater challenges. The most direct 
solution is to drill until 3m of essentially mas-
sive rock is encountered. However, more 
efficient design considers the benefit of the 
discontinuous rock. The more competent 
lengths of rock can be additive to reach the 
desired 3m length. Care must be applied to 
establish the suitable definition of a segment of 
competent, acceptable rock. This definition will 
include the minimum allowable length of each 
segment, the permissible length of discontinuity 
between each segment, and the acceptable 
material in the discontinuous rock mass. Table 1 
provides a sample of how such a criterion may 
be developed for a site to manage potential 
variations in conditions.

In some rock conditions, most notably karst 
and glacial areas, consideration must be given 
to the potential for apparent competent rock to 
be a ”floating” boulder or for the rock zone to 
be a ledge or pinnacle that may break under 
load.

The type of pile reinforcing varies and may 
be limited by the pile drilling method. Both pipe 
and central bars are common reinforcement. 
Each of these may be used exclusively or in 
combination. With all micropiles, the method of 
installation must ensure that the reinforcement 
throughout the bond zone is adequately embed-
ded in grout. This can be achieved in a stable 
hole through tremie grouting. However, in more 
difficult conditions, the engineer and contractor 
must verify that the grout fills the bond zone 
completely and remains in place as the rein-
forcement is placed. Pile grouting typically uses 
a cement-based grout composed of water and 
Type I or III Portland cement having a water 

cement ratio of about 0.45 to 0.5 by weight. 
Admixtures such as fluidizers and retarders are 
used to facilitate pumping. Accelerators or clays 
should not be used due to potential corrosion 
and loss of friction or bond associated with 
these materials.

Table 1. Examples of Selection of Acceptable Rock 
Bond Lengths

Parameter Case 1 Case 2 Case 3 
Required
Total Length 

3m 3m 3m 

Minimum
Rock Segment 
Length

3m 1.5m 1m 

Allowable
Discontinuity-
soil filled or 
open

- 0.5m 0.3m 

Allowable
Discontinuity-
broken rock 
filled

- 1m 1m 

Maximum
Total Allow-
able Disconti-
nuity length 

- 1m 2m 

Assumptions:
a) Bond zone is grout solid 
b) No known voids beneath pile tip 
c) Bond rock is not floating boulder or ledge/pinnacle 

     
Grouts typically achieve compressive 

strengths of more than 28 MPa. Variable ground 
conditions may result in grout loss. Alternative 
grouts that include sand and other fillers have 
been used to fill voids and stabilize the pile 
hole. The filler grout is generally not suitable 
for load transfer and the bond zone must be 
thoroughly cleaned after drilling and before 
final grouting is performed. 

Where soft soils or voids are penetrated or 
where the possibility for sinkhole development 
exists (karst terrain) adjacent to a pile, structural 
buckling of the pile must be evaluated. Buck-
ling may also occur when the micropile hole is 
slightly larger than the casing used for rein-
forcement of the pile and the grout coverage in 
the annulus space is not assured. As presented 
in Bjerrum (1957), very limited strength within 
the soil is required to result in the pile being 
supported continuously along its length. In very 
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weak materials such as peat, unconsolidated soft 
clays and loose silt where the elastic moduli are 
less than about 0.5 MPa, buckling should be 
evaluated. Most soils exceed this modulus and 
buckling is rare. Thus, only where there is 
reason to believe that the pile will penetrate a 
void which is not filled with grout during 
construction is it necessary to design for buck-
ling. For the long-term condition where future 
sinkholes are likely, redundancy in the pile 
system or other advanced ground treatment 
must be considered for the site. 

The influence of one pile on another is gen-
erally not considered where the center to center 
spacing exceeds three times the pile diameter. 
Given the high capacities that can be achieved 
with micropiles in rock, the group effect and the 
overall rock mass strength must be considered.

3. CONSTRUCTION 

Micropiles are typically constructed in three 
steps: (a) pile drilling, (b) installing reinforce-
ment, and (c) grouting. Variable rock conditions 
offer challenges to all three steps and micropile 
contractors use the most efficient combination 
of procedures to optimize installation. For 
example, using the drill casing or rod as the 
steel reinforcement eliminates one of three steps 
and may reduce labor cost.

The drilling method selected for a particular 
project should be dictated by the rock and 
overburden conditions. In practice, drilling 
techniques for rock and overburden are com-
monly driven by the type of equipment and 
hardware or “tooling” available to the contrac-
tor.

Figure 2 presents drilling methods com-
monly used in the United States. All of the 
drilling methods, with the exception of “Single 
Tube Advancement” (Method 1) are affected by 
the ability of the driller to maintain an open path 
for drill cuttings to escape the bore hole. If the 
cuttings are allowed to drop on top of the bit 
assembly at the cutting face, the drill string may 
become locked in the hole. The most effective 
drill tooling systems are “Duplex” drilling 
systems that advance the casing down hole with 
the drill string as depicted in Figure 2 (Methods 
2, 3, 4 and 5), protecting hole stability by 
mechanical means.

Figure 2: Six Drilling Methods Used in the United 
States (FHWA, 1997) 

Open hole techniques may be used where the 
depth of holes are shallow (less than 10m). The 
risk with open holes is removal of the drill 
string allows overburden, fractured rock, sands 
below the water table and other materials to fall 
into the bore hole and “contaminate” the bond 
zone causing the bond length to be too short. 
Therefore, the hole may need to be re-drilled, 
and in many cases, a casing advancement 
system such as those shown above is ultimately 
needed for the difficult areas of the site.

The potential for hole collapse and the result-
ing potential loss of in-ground drilling equip-
ment requires the drill rig to have sufficient 
torque and retraction force to extract the string. 
Water injection seems to aid initial hole stability 
and lubrication, thus reducing the potential for a 
lost drill string. 

Micropiles require the use of steel rein-
forcement to carry the load. A cased hole 
ensures that the reinforcement may be success-
fully inserted to the required depth. Oil field 
casing with a diameter of 14cm to 25cm and a 
wall thickness of about 1.3cm are readily 
available and can be duplexed down hole with a 
casing under-reamer, concentric bit or eccentric 
bit.

Various proprietary systems exist and may 
use casing under-reamers, knock-off ring bits, 
or eccentric bits to over cut the hole, allowing 
room for the casing to follow the rock bit into 
rock. Systems such as NUMA Super-Jaws and 
CENTREX are readily available, and may be 
run on modern overburden drilling rigs.

The grouting process defines the micropile 
type and often its capacity. The grouting com-
petency of the contractor may, above all else, be 
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the most critical variable in the performance of 
a micropile. The reinforcement steel, hole 
dimension, grout strength and pile design can be 
measured quantitatively, but grouting is a 
process and can only be evaluated subjectively. 

Micropile grouting equipment consists at a 
minimum of a colloidal high speed, high shear 
mixer, holding tank with agitation, and grout 
pump capable of reaching pressures of 2MPa. 
Grout strength is typically required to be meas-
ured at 7 and 28 days, and reach at least 28MPa.

The colloidal mixer is a high-shear grout 
plant that is capable of rapidly mixing neat 
cement based grout in a few minutes, with a 
thorough wetting of the individual cement 
grains. A thorough wetting allows a low water-
cement ratio grout to be pumped easily through 
the grout lines that run from the grout plant to 
the pile. Without a colloidal plant, clumps of 
cement will cling together, clogging injection 
lines, and ultimately yielding a lower strength 
grout, because significant amounts of the 
cement grains are not hydrated.

Following a thorough mixing, the grout 
must be stored in an agitation tank with agita-
tion blades that constantly stir the mixed grout, 
prolonging separation of the cement from the 
mix water. With proper admixtures, grout life 
may be extended easily to a working time of 6 
hours, and in some cases, may be suspended 
indefinitely until the reaction is re-initiated on 
demand. A Marsh Cone simplifies optimization 
of the grout mix design with respect to retarders 
and fluidifiers. A Marsh Cone time of 11 to 14 
seconds is typically considered ideal for pump-
ing into micropile packer systems.

Grout pumps are typically progressive cavity 
style pumps, such as Moyno® pumps because 
the flow rate and pressures remain nearly 
constant during recirculation and injection 
phases. Grout injection pressures at or below 
0.7MPa for Type B piles is typical, yet Type D 
piles may require injection pressures peaking at 
over 7MPa for re-grouting through initially set 
primary grout. This will require piston or ram 
pumps. Recirculation lines and injection mani-
folds allow the grout to remain in motion during 
non-injection sequences, preserving the fluid 
characteristics and stability of the grout. If the 
grout is allowed to stand still in the hoses 
running from the plant to the pile for an ex-
tended period of time, the grout will stiffen and 

begin to approach an initial set. Re-agitation of 
the grout will cause a drop in final strength at 
cure. Since the grout for micropiles is essen-
tially neat cement and water, the specific 
gravity, measured at the time of mixing and 
injection, can be extrapolated to the strength at 
cure. For instance, a grout mix with a water 
cement ratio of 0.45, with an ultimate strength 
at 7 days of 28MPa, will have a specific gravity 
of approximately 1.89. If the density of the 
grout is less than this figure, the batch may be 
discarded, and a new batch mixed for testing 
and injection.

The micropile contractor and engineer must 
keep accurate logs showing detailed installation 
information. Boring logs are used for planning 
the pile installation. The pile installation log is 
the only record of the verification of the pile 
design dimensions and compositions having 
been achieved. The contractor and engineer 
must be able to verify through logs that the 
design requirement of a given amount of rock 
has been encountered in order to substantiate 
that a pile of the design capacity was reached.

In urban areas, space can be very restricted. 
For example, if underpinning must be com-
pleted in a parking garage or basement, conven-
tional foundation drilling equipment cannot be 
used. The use of a Micropile Mini Drill can 
provide access into these restricted areas. The 
Micropile Mini Drill is about 3m in length and 
can be retracted to a 0.9m width (for access 
through doors). This equipment can work in 
areas with head room as low as 1.8m. This 
machine weighs approximately 5,400kg. 

4. CONCLUSIONS 

The use of micropiles in the United States to 
solve urban area foundation problems is a 
growing practice. Several types of micropiles 
are in common use and each has their own 
application.

 In general, the micropile-rock bond length 
rarely exceeds 3m. The required bond length 
must consider the quality of the rock and the 
aggregate length of quality rock. The engineer 
and contractor must ensure that the rock is not a 
“floating” boulder, pinnacle or ledge that may 
be found in karst terrains.

Buckling is not typically a design issue for 
most micropile applications, however it must be 
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considered in areas where sinkholes or ground 
loss may occur immediately adjacent to the pile. 
If the surround soil moduli exceeds about 
0.5MPa buckling is not considered a design 
issue.

Grout strengths in excess of 28MPa are typi-
cally used in micropiles. Bond strengths in 
“solid rock” are typically at least 1.7MPa. The 
grout must be sufficiently fluid to fill the pile 
and surround reinforcing steel.

Micropile equipment can be very compact. 
The drilling equipment can access through areas 
as narrow as 0.9m (such as doorways) with head 
room as low as 1.8m 

It is important that a specialty contractor and 
engineers experienced with micropile construc-
tion and use the right equipment be consulted or 
engaged to complete projects. Much of the 
design and contracting work is still an “art” 
rather than science and the success of the 
project will rely on the skill of those profession-
als.
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1.  INTRODUCTION 

Granular piles are ideally suited for improving 
soft silts or clays and loose silty sands. Granular 
piles offer a valuable technique under suitable 
conditions for increasing the bearing capacity of 
foundations and stability of embankments 
founded on soft ground, in reducing settlement 
and increasing the time-rate of consolidation. 
The utility of the granular piles is restricted as 
they can only transfer compressive loads of 
foundations to the ground and resist shear 
stresses.

Considerable research is under progress to 
extend the utility of the granular piles to resist 
uplift or pullout forces. Granular piles can be 
made to resist pullout or uplift forces by a 
simple modification of placing an anchor at the 
base and attaching the same by a cable or rod to 
the footing to transfer the applied pullout force 
to the bottom of the GP. Such an assembly is 
termed a Granular Pile Anchor (GPA). Phani 
Kumar (1995 & 1997) reported tests on model 
granular pile anchors to control heave in expan-
sive soils. Granular pile treated expansive soil 
adjusts itself to changes in moisture better than 
an untreated-soil (Phani Kumar et al., 2000 & 
2004, Sharma et al., 2004 & 2005). White et al. 
(2001) studied the application of reinforced 
geopiers for resisting tensile loads and settle-

ment control. Lillis (2004) reported results from 
in situ tests on pullout response of GPA. Kumar 
(2002), Kumar et al. (1997, 1999, 2003 & 2004) 
and Ranjan et al. (2000) present results from 
laboratory and field tests on pullout response of 
GPA in cohesive and cohesionless soils. A 
linear analysis of displacements of GPA is 
presented by Madhav et al. (2008). 

2. PROBLEM DEFINTION 

A granular pile of length, L, and diameter, d, 
with the soil and pile material characterized by 
moduli of deformation Es and Egp, and unit 
weights of s and gp, respectively is considered 
(Fig.1). The Poisson’s ratio of the soil is s. A 
force, Po, applied at the base of GPA is resisted 
by the shear stress, τ, acting along the periphery 
of the pile. The force and the stresses acting on 
and the displacements (upward movements) of 
the GPA are depicted in Figure 2a. The shear 
stresses vary with depth, z. The displacements 
for a compressible pile increase with depth from 
a value of u0 at the top to uL at the tip. The 
stresses transferred to the in situ soil are shown 
in Figure. 2b. These shear stresses are limited to 
the undrained shear strength of the soil at the 
corresponding depth. The undrained shear 
strength of the soil increases linearly with depth 
(Fig. 3). The non-homogeneity factor, α, i.e. the 

ABSTRACT: Utility of granular piles to transfer pullout or uplift forces in addition to compressive loads is 
studied and presented. An anchor placed at the base of the granular pile and attached to the footing by a cable or
rod  transfers the applied pullout force to the bottom of the GP. Such an assembly is termed as Granular Pile 
Anchor (GPA). The elasto-plastic response of the GPA installed in non-homogenous ground is analysed with the 
shear stresses at the interface limited to the undrained strength of the soil which increases linearly with depth. 
Parametric study quantifies the effects of length to diameter ratio of GPA, relative stiffness of GP to that of in 
situ soil and the ratio of the stiffness of the soil to its undrained shear strength, on the displacements, shear stress 
mobilisation and load distribution with depth. 

Non-linear analysis of displacements of granular pile anchors 
(GPA) in non-homogenous ground 

B. Vidyaranya 
NMSEZ Pvt. Ltd, Navi Mumbai, India 
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rate of increase of undrained strength with depth 
is taken as 0.25 to illustrate the effect on non-
homogeneity of the strength on the performance 
of GPA. The GPA surface is divided in to ‘n’ 
elements of length, ΔL (=L/n). The stress acting 
on a typical element, j, is τj. The displacement 
at the centre of an element, i, due to stresses 
acting on element, j, are obtained by the method 
described by Poulos and Davis (1980).

Integrating numerically, the Mindlin’s equa-
tion (1936) for a point load in the interior of a 
semi-infinite elastic continuum over the cylin-
drical periphery of the element, the displace-
ment, ρs,ij, of the soil adjacent to the centre of 
the ith element due to stress, τj, acting on the 
element, j, is obtained as 

s

jijs
ijs E

Id τ
=ρ

.. ,
,

 (1) 

Fig. 1. GPA under Pullout 

(a) (b)

Fig. 2.  Forces and Stresses acting on GPA and Soil 

Fig. 3 Undrained Strength Profile 

where Is,ij – is the soil displacement influence 
coefficient. The total soil displacement, ρs,i,
adjacent to node ‘i’ due to stresses on all the 
elements of the GPA, is obtained by summing 
up all the displacements at node ‘i’, due to 
stresses on elements j=1 to n, as 

=

τ=ρ
n

j
jijS

S
is I

E
d

1
,, .  (2) 

The soil displacements adjacent to all the 
nodes are collated to arrive at 

{ } [ ]{ }
s

s
s E

Id τ
=ρ

..  (3) 

where {ρs} and {τ} are respectively the soil 
displacement and shear stress vectors of size, n, 
and [Is] is the soil displacement influence 
coefficient matrix of size nxn. 

2.1. DISPLACEMENTS OF GPA 

The vertical displacements of GPA are obtained 
considering it to be a compressible pile. Figure 
4 depicts the stresses on an infinitesimal ele-
ment of GPA of thickness, Δz. Poulos and 
Davis (1980) and Mattes (1969) have estab-
lished that lateral/radial stresses have negligible 
effect on the vertical displacements. 
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Fig 4. Stresses acting on an Infinitesimal Element 

The equilibrium of forces in the vertical di-
rection reduces to 

04 =τ−σ
ddz

d z  (4) 

where σz is the normal stress in the GPA. The 
stress-strain relationship for the GPA material, 
is

dz
d

EE gp
gpzgpz

ρ
=ε=σ ..  (5) 

where εz and ρgp are respectively the axial strain 
and GPA displacement. For a homogenous 
GPA, Egp is constant. Combining Equations (4) 
and (5) and simplifying one gets 

04
2

2

=τ−
ρ

ddz
d

E gp
gp

 (6) 

Equation (6) is solved along with the bound-
ary conditions: at z = 0 (i.e. at the top of GPA) 
P=0 (Free boundary) and at z = L (tip of the 
GPA), P=P0 (the applied load). Since Equation 
(6) cannot be integrated directly, a numerical 
(finite difference) approach is adopted. 
Equation (6) in finite difference form becomes 

0
.

4
)(

2
2

1,,1, =τ−
Δ

ρ+ρ−ρ +−
i

gp

igpigpigp

dEL
 (7) 

where ρgp,i and τi are respectively the displace-
ment at the centre of node ‘i’ and the shear 
stress on the interface of element, ‘i’, of the 
GPA. Equation (7) can be written for nodes i = 
2 to (n-1). Invoking the first boundary condi-
tion, P = 0 implies σz = 0 and hence εz = 0 leads 
to

1,1, ' gpgp ρ=ρ  (8) 

where ρgp,1’ – is the displacement at the imagi-
nary node 1’ above the GPA (Figure 2b). 
Equation (7) can now be written for node 1 as 
well. All the equations for nodes 1 to (n-1) are 
collated and written as
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where [Igp] is the GPA displacement influence 
coefficient matrix, of size nx(n-1), 
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 (10)

2.2. Compressible pile 

The soil and pile displacement equations are 
written as 

Soil displacement equation Pile displacement equation 
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E
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The displacement equations of the soil and pile are normalized with diameter, d, and undrained 
shear strength cu0 to get dimensionless quantities as
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where *ρρ =d
s    *ττ =

uoc

355



But the compatibility of displacements re-
quires

{ } { }**
sp ρ=ρ  (14) 

The pile displacement equation is written as 
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which reduces to 
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For load P0 acting on GPA at z = L, strain 
due to the stress acting there is written as
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where ρn+1 is the displacement at the imaginary 
node blow node ‘n’. 

The ultimate pullout load, 
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Normalizing P0 with 
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and the displacements with diameter, d, Eqn. 
(17) becomes 
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Equation (20) can be written as
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Equations 13, 16 & 21 are combined and 
written in matrix form to arrive at the shear 
stresses developed and the displacements 
generated, as 
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2.3. Rigid piles 

For rigid piles Eq. (22) reduces to Madhav 
and Poorooshasb (1988) as 
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2.4. Elasto-plastic response 

If the shear stress, τi, on any element,‘i’ ex-
ceeds the undrained strength, ))/.(1( Lzcuo α+ ,
then ))/.(1( Lzc iuoi α+=τ  (24) 

and the ith row in Eqs. 22 and 23 replaced 
with
{ }{ } ))/.(1(001..00 Lzc iuoi α+=τ

or

{ }{ } ))/(1001..00 * Lzii α+=τ  (25) 

and the set of equations solved. Yielding 
generally starts from the tip, i.e. at nth element 
and progresses towards the top. In some particu-
lar cases, yielding of the top element gets 
initiated after some elements in the lower part 
of GPA have yielded after some stage of load-
ing.
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3. RESULTS

The elasto-plastic behavior of GPA is studied 
by solving equations 22 & 23 for the following 
ranges of parameters for both rigid and com-
pressible piles: L/d = 5, 10, 20, 25, 50;  
Es/cu0 = 100, 200, 300, 500 & 1000; Egp/Es = 10, 
20, 50, 100, 200, 500, 2000, 5000; s=0.2
(drained) and s=0.5 (undrained conditions); 
non-homogenity co-efficient, =0.25.

3.1. Shear stresses and axial loads 

The pullout load, P0, is applied in increments 
until shear stress along each elemental surface 
along the total pile length reaches the undrained 
shear strength corresponding to that depth. The 
variation of shear stresses with depth, z, at 
different P* values for a rigid pile with L/d=10 
& 20, and for Es/cu0 value of 200 are shown in 
figure 5. The shear stresses are nearly constant 
with depth at small values of P* (< 0.3) and 
increase sharply near the tip as was observed by 
Madhav and Poorooshasb (1989) for piles under 
tension and Poulos and Davis (1968) for piles 
under compression both behaving linearly. 
Yielding begins near the tip with increasing P* 
values and proceeds towards the top.  The shear 
stresses above the yielded elements increase 
almost proportional to the applied pullout load 
as their responses are nearly linear.  The varia-
tions of shear stresses with depth are very 
similar for both L/d equal to 10 and 20 with 
shorter GPA (L/d=10) exhibiting higher shear 
stresses closer to the yielded elements and lesser 
stresses above than those for L/d=20. Variations 
of shear stresses with depth (Fig. 6) for a 
compressible pile with Egp/Es=100 and for the 
same parameters as for the rigid pile are very 
similar once again to those for the rigid pile. 
The differences in the normalized shear stress 
variations for the compressible pile with L/d 
values of 10 and 20 increase with increasing 
values of P*. The longer GPA exhibits higher 
mobilization of shear stresses closer to the 
yielded elements than those for the shorter pile 
as the latter’s behaviour is similar to that of an 
incompressible pile. 

Figure 5. * vs. z/L for L/d =10 & 20 for Es/cu = 200 
and vs= 0.5 with increasing P* -Rigid pile 

Figure 6. * vs. z/L for L/d =10 & 20 & Es/cu = 200, 
Egp/Es =100 for vs= 0.5 -Compressible pile 

The variations of the shear stress and the 
pullout loads with normalized depth for P*=1.0 
for a compressible pile for different values of 
L/d and for Egp/Es = 100, Es/cu=200 and νs =0.5 
are presented in Fig 7. Shear stresses at more 
number of elements or over longer lengths of 
the GPA yield for longer GPA than those for 
shorter ones. Shear stresses over more than fifty 
percent of the pile length have yielded for L/d 
of 50 at P* value of 1.0 while only thirty per-
cent of the pile length has yielded elements for 
L/d of 5. Hence the shear stresses mobilized 
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along the non-yielded elements are more for 
short GPA (L/d=5) and decrease at these depths 
with increasing values of L/d. The variations of 
axial load, P*, with depth for the same set of 
parameters as those in Fig. 7, shown in Figure 8 
reflect the behavior exhibited in the former 
figure.  The normalized axial loads are almost 
identical for all L/d ratios over the depth range 
of 0.6 to 1.0. The axial forces in the upper 
reaches of the GPA are maximum for a short 
GPA (L/d=5) and decrease with increasing 
values of L/d. This response follows from the 

variations of shear stresses with depth, shorter 
GPA mobilizing higher shear stresses in the 
non-yielded elements. The influence of the 
relative stiffness factor, K (=Egp/Es), on the 
shear stress variations with depth for P* of 1.0 
is presented in Figure 9 for L/d=10, Es/cu0=100,
and νs=0.5. K equal to 5,000 corresponds to an 
incompressible pile. 

The pattern of shear stress variations with 
depth for compressible piles (GPA) under 
pullout corroborates well with the behavior 
observed in compressible piles under compres-
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Figure 7. τ* vs. Depth for P*=0.69, Egp/Es=100,
Es/cu=200 and vs= 0.5 – Effect of  L/d 

Figure 8. Axial Load vs. Depth for P*=0.69  Egp/Es=100,
Es/cu=200 and vs= 0.5 – Effect of L/d 
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Figure 10. Variation of Pullout load with Depth for 
Es/cu=100, vs= 0.5 and L/d=10 – Effect of K=Egp/Es
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sion. The shear stresses are very small farther 
from the applied load, i.e. at increasing depths, 
in the latter case. Shear stresses near the top of 
GPA increase with increasing relative stiffness, 
K (=Egp/Es). Yielding gets initiated at the top in 
case of stiff GPA at relatively large P* values, 
Variations of the pullout forces with depth 
depicted in Fig. 10 follow closely the variations 
of shear stresses with depth for different K 
ratios. While the variations of P* with depth 
merge together at depths z/L>0.6. P* decreases 
almost linearly with increasing value of K 
(stiffer GPA) towards the top of the GPA as 
larger values of K correspond to incompressible 
pile behavior. 

3.2. load - displacement responses 

The displacements generated along the pile 
length are extrapolated to obtain the top and tip 
displacements considering the 1st, 2nd & 3rd

elements for the top and n-2, n-1& nth elements 
displacement in GPA, respectively. The varia-
tions of the normalized load, P*, with normal-
ized tip displacement, *= ( /d) for rigid and 
compressible piles are shown in figures 11 (a) 
and (b) and 12 (a) and (b) (K=100) respectively 
for Es/cu0 =200 and νs=0.5 for different ratios of 
L/d. In figures 11(a) & 12(a) the pullout load is 
normalized with the ultimate pullout capacity, 
Pult = dLcu0 while in figures 11(b) and 12(b) 
the pullout loads are normalized with d2cu0/4 to 
eliminate the effect of L/d in the normalization 
of pullout load. The pullout load normalized 
with the ultimate pullout capacity, P* (=P/Pult),
increases linearly with tip displacement at 

smaller loads. The curves tend to become non-
linear for normalized load attaining a value at 
large displacements. The normalized displace-
ments for a given P* increase with increasing 
values of L/d. That is, longer piles exhibit larger 
tip displacements compared to shorter ones at a 
given normalized pullout force. This anomalous 
result follows from the normalization. The 
ultimate pullout capacities are different for 
different L/d ratios increasing from 20 for 
L/d=5 to 200 for L/d=50. A different normaliza-
tion was chosen to obviate this anomaly. If the 
pullout load is normalized  by a constant term, 

d2cu0/4, for all the cases, i.e. different L/d 
ratios, longer piles exhibit (Fig. 11(b)) higher 
loads and smaller tip displacements as is to be 
expected. The slopes of the pullout load versus 
tip displacement plots increase with increasing 
L/d ratio, once again as is to be expected. 

The normalized pullout force – tip dis-
placement plots for GPA (Fig. 12a) are very 
similar to those for rigid piles (Fig.11a) except 
that the displacements are very large for GPA 
since the relative stiffness factor, K= 100. The 
normalization process affects the results for 
GPA exactly in the same manner as for rigid 
piles. The influence of the Es/cu0 on the varia-
tion of tip displacement, * with P* is presented 
in figures 13 & 14 for L/d = 10 for rigid piles 
and compressible GPA. Displacements are very 
sensitive to Es/cu0 reducing by several orders of 
magnitude for Es/cu0 increasing from 100 to 
5,000.  Pullout load versus tip displacement 
plots for different L/d ratios for rigid piles and 
compressible GPA are compared in Fig. 15 for 
Es/cu0 =200 and Egp/Es = 200. Compressible 
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GPA displacements are much more when 
compared to those of rigid piles for any given 
load. Displacements for longer piles and GPA 
are much less compared to those for shorter 
ones.

The effect of K (= Egp/Es) for L/d=10 on 
pullout load versus tip displacement plots is 
studied in Figure 16. With increasing Es/cu the 
displacements generated reduce and the GPA 
behaves more like an incompressible one. The 
relative stiffness factor, K, has a very significant 
effect on the displacement distribution with 
depth, an effect similar to that on shear stresses. 
The displacements are near constant for an 
incompressible pile (K=5,000) (Fig 17). The 
displacements increase with depth with decreas-

ing values of K. Displacements at large K value 
are similar to those of the rigid GPA. Poisson’s 
ratio, s has a negligible effect on the displace-
ments of GPA (Figure 18). 

4. CONCLUSIONS

An analysis of GPA is presented considering the 
GPA – in situ soil interface response to be 
elasto-plastic, i.e. the interface shear stresses are 
limited to the undrained strength of the soil. 
Non-Homogeneous ground conditions, that is, 
undrained strength varying linearly with depth 
is assumed. The elastic continuum approach of 
Poulos and Davis (1980) is extended to predict 
the pullout load – displacement responses of 
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GPA.  A parametric study has been carried and 
results in the form of variations of normalized 
shear stress, displacements and of normalized 
axial uplift force with depth with relative 
stiffness factor, K (=Egp/Es) and Es/cu0 are 
presented for rigid and compressible piles. The 
salient conclusions are 

1. Granular Pile Anchors (GPA) are very 
effective in transferring applied loads to strata at 
depth particularly if they are relatively long 
and/or if they relatively more compressible.

2. For relative stiffness factor K>1,000, a 
compressible GPA behaves like an incom-
pressible or a rigid pile. 
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