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FOR GEOTECHNICAL AND 

GEOENVIRONMENTAL PURPOSES
IN URBAN AREAS AS A BASIS
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1. INTRODUCTION

Geological environment is to be found in certain 
geological conditions, which are both the 
consequence and result of its creating and 
historical development. Every engineer project 
within geological environment leads to the 
process of changing conditions and creating 
new ones. The basic goal of geo - technology is 
to take into consideration defined characteristics 
and conditions of ground as well as engineer 
activities and their influence, in order to find out 
reactions of ground and define optimal technical 
solutions, or in other words - define interaction 
between geological environment and engineer 
activities. The process of defining interaction 
means establishing all the possible types of 
interaction and ground reaction predictions 
within newly created conditions. 

Each business requires managing processes, 
that is - defining direction of the activities 
aimed at leading the business toward its estab-
lished goal. Without defined directions such 
business would be like a boat without its 
steersman-various currents would keep carrying 
it toward numerous crisis ports until it sails into 
a huge and long crisis provoking a tragic future. 

Such comparison reflects from the definition 
of the term Cybernetics, which is the science of 
ruling and controlling living creatures and 

mechanisms, for which Norbert Viner, the 
founder of Cybernetics, says in his book 
“CYBERNETICS OR CONTROL AND 
COMMUNICATION IN THE ANIMAL AND 
MACHINE”:

“… We decided to name the whole field of 
theory of control and communication, regarding 
both machines and living creatures, Cybernet-
ics, which is the word created from the Greek 
word meaning steersman… Also, we would like 
to emphasize the fact that the mechanisms 
needed for steering a ship are definitely the first 
and most developed mechanisms of reversible 
brace.”

While comparing a project, as a system, 
with any other system, we can conclude that 
construction projects, while in the process of 
being carried out, are constantly under the 
influence of their surroundings. In such condi-
tions, project management can be compared 
with planned and instinctive human actions 
created in the process of putting up with sur-
roundings, that is - with navigation that has to 
be carried out in the most unfavorable condi-
tions.

2. CONTROL AND MANAGEMENT

It represents a specific human activity that is 
increasingly, in each new time dimension, as a 

ABSTRACT: This study consists of basic definitions and activities that have already been accepted in project 
management within construction practice as well as of some suggestions aimed at applying such activities in the 
entire construction field. In spite of the fact that it has already been plainly emphasized in theory, project 
management has not been applied in a proper way yet. The influence of civil engineering on geologic environ-
ment is carried out through the process of work and final object, which means that they represent the function of
applied technology, dynamics of construction and workmanship and final objects’ characteristics.

Project Management, Civil Engineering Influence on Geological
Environment

Slavko Bozilovic 
UNION University, Belgrade, Serbia 

M.S.Jelena Bozilovic-Ristoska
Faculty of Construction Management, Belgrade, Serbia 
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professional activity that is different from all 
other professional activities.

2.1. Management - directing processes in a 
planned way 

One of management definitions encompasses 
the most perfect way of mindful, continual 
directing a transformation toward the chosen 
goal in accordance with a previously defined 
dynamic plan, which is based on the principles 
of interdependence and where people take direct 
part in, being the elements aware of target 
direction.

2.2. Regulating - directing processes in a 
controlled way 

In order to define more reliable, more up-to-
date ways of directing processes within dy-
namic systems, having control over the trans-
formation processes is required. It is important 
to point out that each control possesses apparent 
informational characteristics and only incon-
testable information regarding the stages of 
transformation process lead toward successful 
regulation, that is-successful directing toward 
desired goals.

Each control represents a process by itself, 
and it demands specific communication chan-
nels between the elements of organizational 
structure. Final elements use the elements of 
organizational structure to provide control 
elements with information regarding the results 
of their functioning and operation. 

The information that final elements send to 
control elements (regulators) through special 
communication channels, regarding the per-
formance of previous management and control 
activities, are called return information, return 
connection, that is - reversible brace. 

Joined in such a way, a regulator and effec-
tor form a regulation circuit meant for the 
process of regulating transformations that 
includes: disorder detection, choosing a correc-
tive activity from a group of approved (previ-
ously defined) activities and the process of 
carrying out that activity until the goal has been 
achieved.

Taking into consideration the aspect of the 
influence that environment exerts on a system, 
each regulation circuit is supposed to function 
in an automatic way, both in a case when a 

technical device performs the regulation func-
tion or when such function is performed by 
people.

In other words, organizational systems must 
include a representative of regulation function, 
that is - a manager who takes care of transfor-
mation processes realization in order to prevent 
potential deviations from the previously planned 
condition.

When somebody is given the role of a regu-
lator, he is obliged to act in accordance with the 
defined regulation rules. Sometimes a person in 
charge of regulating transfers his subjective 
opinion into the process of regulation, which 
may provoke the sequence of subjective mis-
takes and deviations regarding regulation circuit 
functioning.

However, a specific characteristic of regula-
tion circuits is the fact that regulators neither 
choose their objectives nor define the rules of 
regulation. All they perform is the process of 
directing transformation toward previously 
chosen objectives, in accordance with the 
regulation rules. Both objectives and rules of 
transformation regulation are chosen by control 
elements.

Taking into consideration the fact, both in 
theory and practice, that equalizing the term 
control with the term management seems to 
happen often, one must accepts the fact that 
each term has its own definition and that man-
agement is carried out through the process of 
control decisions realization, that is -
management is a sort of a regulator that is 
supposed to choose one of available alterna-
tives, on the basis of input information, and use 
that alternative in order to create optimal effects 
of process direction within the system structure. 

3. CONSTRUCTION PROJECTS 
MANAGEMENT

If a definition - every business venture that has 
its beginning and ending and requires consid-
erable amount of resources for the purpose of 
being realized is called a project, is regarded to 
be valid, then a term - Project management -
may be seen as joining and optimizing the 
mentioned resources in order to carry out the 
Project successfully.

Project management is a mixture of ability 
and skill aimed at directing and coordinating 
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available resources during projects’ life cycles, 
by using modern techniques and methods in 
order to achieve planned objectives regarding 
costs, deadlines, quality and satisfaction of all 
the project realization participants.

3.1. Basic characteristics of construction 
projects management 

Project management differs from general 
management principles (for example - company 
management) in the following: 
− Project management is focused on business 

venture with limited duration 
− Certain resources are available during 

limited time period, which is especially ap-
parent in case of construction projects 

− Project realization often requires a model of 
project financing, because of the fact that 
project management can be performed with-
out specific legal entity and is based on a 
project team consisting of experts responsi-
ble for planning, selecting building contrac-
tors and equipment suppliers, construction 
and workmanship management, controlling 
and taking over of sites

Some specific characteristics of construction 
project management originate from specific 
characteristics of construction as a production 
process.

In other industrial processes the factors of 
production (human resource and production 
resources) are always located on the same place 
and a product itself is transferred from one 
place of use to another one, but in the field of 
construction the process is completely different. 

Construction product (construction object) 
does not change places after the “process of 
production” has finished; it remains where it is 
created, and the production factors are trans-
ferred to the next project, that is - another 
location - a new “product”.

In spite of the fact that it is extremely em-
phasized in theory, modern construction pro-
jects management has not been applied in a 
proper way yet. It seems that it is very difficult 
to accept the fact that construction projects 
management cannot be seen as a type of experi-
ence, professional feeling and intuition only, but 
as a contemporary business philosophy based 
on scientific disciplines and scientific-

technological and cybernetic process that 
includes the following project parameters as 
basic ones: price, time and quality.   

3.2. Project team 

Project team - is seen as top managers of pro-
jects, which consists of a project manager and a 
certain number of managers in charge of some 
parts of that project. The basic task of a project 
team is to lead the project toward its successful 
ending in the best possible way, together with a 
project manager.

3.3. Project manager 

Generally speaking, a project manager is sup-
posed to possess both technical and financial 
knowledge as well as broad management 
ability, organizational and planning skills, 
knowledge of informatics and other related 
disciplines. Still, a project manager should not 
be an expert at one discipline only, no matter 
how important such discipline is; he should be 
capable of dealing with various significant and 
needed disciplines within project management.

A project manager should have a proper per-
sonality as well as human and professional 
authority so that the members of a project team 
and other project participants could regard him 
to be a person able to lead and monitor a project 
team, together with that very project team as a 
whole.

A project manager should have excellent 
communication skills so that he could be 
persuasive while suggesting some solutions, 
establishing connections between participants 
and providing necessary information. Also, his 
personality should be flexible, that is - he 
should be able to adapt his conduct to change-
able demands of such a complex position and 
environment.

A project manager should also be an ambi-
tious person, energetic and capable of express-
ing ideas aimed at facing and overcoming all 
possible obstacles and problems in order to 
achieve successful project end. His enthusiasm, 
aggressiveness and ambitions should inspire 
team members and help them deal with remov-
ing some obstacles and problems that are 
inevitable part of the process of project realiza-
tion.
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3.4. Selecting project team members

It is a very responsible and significant activity. 
This task is usually divided into two phases. On 
the basis of project characteristics, used concept 
and defined organization needed for project 
management, the first phase defines what sort of 
experts are needed in order to form a project 
team. The second phase consists of selecting 
needed experts, which can be done by taking 
them from their parent company or some other 
companies, and these selected ones will repre-
sent a project team.

The organization and size of project teams 
depend on project type and size. Also, it de-
pends on who is in charge of project manage-
ment - investor’s team, building contractor’s 
team or hired consulting company. 

Each part (function) of the project is sup-
posed to have its own representative within 
project team (construction, finishing-off opera-
tions, machine installations, electrical installa-
tions, water system, sewage system etc.). Apart 
from having the knowledge of project manage-
ment, these representatives should be experts at 
their own field.

A project manager is supposed to perform 
preparatory activities of his project team. Or in 
other words - he should provide the project 
team members with detailed and comprehensi-
ble information regarding their basic objectives 
and tasks, the procedures and methods meant 
for performing these tasks and mutual commu-
nication with other project participants. 

The first task for the project team members 
is to perform analysis of technical documenta-
tion, make a bill of quantities and priced bill of 
quantities; define construction organization and 
technology, make dynamic plans for the pur-
pose of realization and coordinate them, that is - 
define a dynamic plan for the whole project 
realization; make proper histograms presenting 
all available resources regarding the part of the 
project they are responsible for and select an 
appropriate number of “the first line managers” 
- project realization managers.

In accordance with the contemporary con-
struction demands, the project team members: 
- take over and analyze tender documents 
- select modern technology and construction 

organization regarding specific object and 
location

- define resources for object construction, in 
accordance with official construction stan-
dards

- make a bill of quantities and priced bill of 
quantities (investing value) by using the 
most contemporary computer programs 

- create dynamic construction plans (ganto-
grams, cycle-grams, orthogonal plans and 
network planning technique) by using the 
most contemporary computer programs 
(Module, Primavera, Microsoft Project) 

-  make costs actualization regarding con-
struction in accordance with dynamic plan 

- make dynamic plans of financial resources 
- make histograms of available resources used 

for object construction 
- make resources leveling in accordance with 

the dynamic plan 
- make optimization of a dynamic construc-

tion plan in accordance with the current en-
vironmental demands

- complete a feasibility study regarding 
construction site structure in accordance 
with the Feasibility Study Regulation re-
garding construction site structure (SG RS 
No.31/92)

- define construction site organization in 
accordance with the Law of Protected Rights 
at Work (SG RS 42-98) and the Law of 
Natural Environment Protection (SG RS 
135/2004)

- define contemporary organizational struc-
tures and organizational schemes for object 
construction

- define construction site documentation 
regarding specific object, construction site, 
project

- make a Validity Study regarding object 
construction

- make contracts of building as well as con-
tractual documents 

- deal with complete tender documentation - 
offers, in accordance with the Law of Public 
Supply (SG RS 55/2004) 

- monitor and direct the process of construc-
tion projects realization by using and apply-
ing the most contemporary computer pro-
grams

- manage and control the process of building 
complex construction objects by applying 
contemporary methods and techniques in 
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accordance with the regulations of contem-
porary cybernetics processes 

- keep the Construction books in electronic 
way as well as automatic reviews of 
monthly situation and appropriate reports 
regarding business realization and suitable 
resources usage

- perform receiving objects and handing them 
over

- make final accounts 

3.5. The basic hypothesis to modern manage-
ment - Planning 

Planning means the activities performed by 
project teams in order to make the project look 
like a target directed organizational structure. 
Planning is the most complex, most delicate, 
most difficult and most significant human 
activity within any activity fields; as Niche used 
to say:” A man without a plan is not a man at 
all.”

In case of project management, planning is 
an abstract presentation of projects in future, 
that is - the process of creating a model of a 
specific project (graphical, textual, mathemati-
cal, etc.) that is used for conduct simulation of a 
future real project within changeable surround-
ings as well as all analyses, in order to make 
correct decisions for solving possible problems 
regarding its realization.

Planning is used for the purpose of turning 
future uncertainty into acceptable risk, on the 
basis of certainty (known past and present). 
Although risk and future uncertainty cannot be 
removed, planning itself can turn them into 
some probability that can be easily controlled 
and realized as well.

In practice, the process of planning the reali-
zation of construction projects is still tradition-
ally connected and associated with talent, skills 
and profound experience of individuals who 
have proved themselves to be real experts at 
construction projects realization. This is a rather 
discouraging fact, because the process of 
thinking about or remembering some old or 
recently carried out successful projects does not 
necessarily lead toward future success; in that 
way, planning represents a degrading individual 
skill, and graphical dynamic plans are usually 
used for wall decorations or proof of someone’s 
major but not useful work.

Such a delicate human activity should not be 
controlled by deep-rooted methods, such as 
approximate, order-issuing, deadline-directed, 
political and similar methods, but by modern 
methods and techniques of operational re-
searches, with the help of scientific- technologi-
cal progress and informational systems.

In order to make dynamic plans of project 
realization, it is necessary to carry out techno-
logical-organizational project structuring 
regarding appropriate logical separate project 
parts (construction works, electrical-installation 
works, thermal-technical works, water system, 
sewage system, landscape architecture). Sepa-
rate realization plans are to be made for the 
above mentioned project parts. This process of 
dividing a project into its integral elements is 
called Work Breakdown Structure Technique. 
The use of this technique in practice is simple, 
but it demands a good knowledge of specific 
characteristics of the observed project. 

Further technological structuring of these 
separate project parts can be performed in form 
of appropriate totalities, in accordance with 
various criteria for updating or making reports, 
and, in the end, in form of certain project 
activities. Appropriate resources, activity 
duration and a person responsible for activity 
realization are to be defined for each activity.

The next task within the preparatory proce-
dure for making dynamic plan is to define 
logical dependence on certain activities. It is a 
very demanding and delicate task that requires 
excellent knowledge of construction organiza-
tion and technology. Some project parts manag-
ers are in charge of certain project parts, but the 
project as a whole requires team working.

The next phase of making a dynamic project 
plan is to create a network plan, that is - to place 
some activities into appropriate programs for 
network planning (for example PRIMAVERA) 
in a computer. Such input can be performed: 
- by direct input into the program masques 
- by appropriate “bach” files 
- automatically, out of appropriate programs 

for making a bill of quantities and priced bill 
of quantities

3.6. Construction project realization - manage-
ment

The highest level of enthusiasm, knowledge, 
experience, skills, visions, communicativeness 

369



and team work is expressed by the members of 
project team during the process of making 
plans. During the process of project realization, 
the members of project team pay full attention 
to dynamic plan monitoring in order to notice 
all possible situations that could provoke 
obstacles and deviations within that dynamic 
plan, and if necessary, to select methods and 
procedures aimed at removing such distur-
bances or deviations. 

During the process of project realization, the 
basic task of the project team is to keep the 
project within “just in time” system, that is - to 
make sure that the project finishes in accor-
dance with its deadline and that the planned and 
agreed value is accomplished. Unjustified 
deadline prolonging or increasing the project 
costs is project team’s responsibility (building 
contractor’s responsibility); still, if a project 
finishes much earlier in comparison to the 
planned period, the investor might assume that 
something is wrong and that he is deceived. 

4. ELECTRONIC OFFICE OF PROJECT 
MANAGER

A project manager is supposed to be always 
provided with numerous significant information 
in order to react as soon as possible and make
proper decisions at proper time. Instead of 
having a work desk covered up by a pile of 
papers, shelves overloaded by scientific litera-
ture and office walls “decorated” by diagrams 
and “ex” plans, a contemporary Project manager 
uses computers. 

The growth and development of computer 
programs meant for project monitoring, such as: 
P3-Primavera, P3-Primavera project planer, 
Version 3,0 and 5,0, Sure Track Project
Manager, Super Project, etc., provide comfort-
able, efficient and effective construction pro-
jects management and control.

Also, many effective programs, consisting 
of mathematical models regarding theory of 
making decisions and operational research, 
form a reliable tool for automatic support to 
make-decisions process. 

The latest scientific issues are available in 
form of books or CDs. Knowing the fact that 
there are numerous issues of all laws, official 
documents, regulations, decrees, etc. in a digital 
form, a Project manager is enabled to consult a 

great variety of “official herald” of professional 
literature, standards, etc., which can be found in 
his electronic library in the computer. 

Also, the process of business realization 
does not mean sitting in offices, being sur-
rounded by office walls and limited by working 
time; the combination of computers, lap-tops, 
mobile phones and the Internet creates a real 
Mobile Office, or in other words - it is possible 
to work whenever and wherever one wants.

5. CONCLUSION 

Being a multi-disciplinary and interdisciplinary 
scientific field, geo-technology is supposed to 
lead toward and point out optimal solutions for 
all types of human interaction with geological 
environment.

Objects construction is a complex cybernetic 
process. If it is to be included in the modern, 
“just in time” model of construction, then - 
modern materials, tools, devices as well as 
contemporary management and control methods 
based on scientific-technological progress and 
modern constructors are to be applied. 
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1. INTRODUCTION

Laboratory dynamic compaction test has 
been widely used to control field compaction 
test as well as to qualify the selected source of 
soil materials. A relationship between a dry 
density and a water content, a so-called com-
paction curve, is plotted to determine the 
compaction characteristics. This compaction 
curve is employed to control quality of compac-
tion work in field. As thus the laboratory 
compaction results are very important in earth-
works construction. However, there are differ-
ent procedures in the laboratory dynamic 
compaction recommended in standard testing 
manuals, e.g. American Society for Testing and 
Materials (ASTM) or British Standard (BS). A 
compaction effort for the standard Proctor’s is 
approximately 12375 lb-ft/ft3. Detail of the 
standard Proctor’s is elaborately described in 
Tab. 1. A size of compaction mold is based on 
an amount of coarse fraction in soil being 
compacted. If an amount of gravels having their 
diameter of 4.75mm - 9.5 mm is greater than 
20% by weight, a 6 inches diameter mold shall 
be used unless a 4 inches diameter mold is 
specified. And if an amount of gravels having 
their diameter of greater than 9.5 mm but no 
greater than 19 mm are more than 20% by 
weight, a 6 inches diameter mold must be used. 

In order to maintain compaction effort after 
enlarging a size of compaction mold, number of 
rammer drop must be increased from 25 blows 
per layer to 56 blows per layer. This number of 
compaction drop is based on 3 compacted 
layers. As aforementioned, size of compaction 
mold has to specified based on the amount of 
gravel content. Reason of using the amount of 
gravel content at 20% as a boundary of chang-
ing compaction mold size from a 4 inches 
diameter mold to a 6 inches diameter mold is 
not yet clear. There are not so many efforts to 
investigate an influence of gravel content and 
mold size on laboratory compaction test results. 
Winter et al. (1998) concluded that if the pro-
portion of particles larger than 20mm is greater 
than 45% to 50% then the stone will determine 
the behavior of soil matrix. Donaghe and Torrey 
(1994) suggested a ratio of specimen diameter 
(mold diameter) to the largest particle size of 5 
to 6 for the compaction test. Omotosho (2003) 
studied influence of gravel content of Nigerian 
lateritic soil. However, the main proposed of his 
study is to study the influence of gravel exclu-
sion on compaction parameters. He found that 
the maximum dry density varies exponentially 
with percent of gravel exclusion and the higher 
gravel content yields the higher maximum dry 
density. Diaz-Zorita et al. (2001) studied com-
paction characteristics of six soil types com-

ABSTRACT: This paper studies influence of gravel content and size of compaction mold on compaction 
characteristics of a cohesionless soil. The compaction characteristics of the studied soil mixed with various 
percent of gravel content were examined. Discussions on influence of the gravel content and the mold size on 
the compaction characteristics are given. The study concludes on an appropriation of using 20% gravel content 
as a boundary of changing mold size from a 4 inches diameter mold to a 6 inches diameter mold recommended 
in standard testing manual, i.e. ASTM D622.
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Tab. 1 Standard Proctor’s compaction 

Proc. Gravel content Compaction mold Rammer Number of compaction 
A + # 4  20% Ø 4” x 4.584” Height 5.5 lb weight 

12” drop height 
3 layers @ 25 blows 

B
or
C

+ # 4  20% 
and

+ # 3/8”  20% 

Ø 4” x 4.584” Height 
or

Ø 6” x 4.584” Height 

5.5 lb weight 
12” drop height 

3 layers @ 25 blows or 
3 layer @ 56 blows 

C + # 3/8”  20% 
and

+ # 3/4”  30% 

Ø 6” x 4.584” Height 5.5 lb weight 
12” drop height 

3 layers @ 56 blows 

pacted in standard mold size of 101 mm diame-
ter with 116 mm height and smaller mold size 
of 54 mm diameter with 30 mm height. By 
controlling a set of compaction conditions, 
including an area ratio of mold to rammer; 
compaction effort; weight of rammer; drop 
height and energy per drop, he found and 
equivalent compaction results of all studied 
soils. However, all of the studied soils in his 
study contain no gravel, i.e. gravel content was 
not taken into account. 

2. MATERIALS AND EXPERIMENTS 

A cohesionless soil was examined in this 
study. This study requires a lot amount of the 
soil. Thus, the studied soil was gathered from a 
source nearby the laboratory. The cohesioless 
soil was taken from an existing borrow pit 
located just about 5 km apart from Suranaree 
University of Technology, Nakhon-Ratchasima, 
Thailand. Based on the unified soil classifica-
tion system (USCS), this cohesionless soil can 
be classified as a silty sand (SM). Other physi-
cal properties of the studied soil are expressed 
in Tab.2.

Tab. 2 Physical properties of studies soils 

Soil Prop1erties Silty sand Gravel 

Physical Properties : 
Specific Gravity 
Liquid Limit,% 
Plastic Limit,% 

2.67
NP
NP

2.62
-
-

USCS. SM - 
Prior to the test, the studied soil was air-

dried for one week. A series of compaction test 
has been performed. The experiment is based on 
the ASTM D622. The specimens those com-
pacted in the 4 inches diameter with 4.584 
inches height mold were compacted with a 
standard rammer of 5.5 lb weight having drop 

height of 12 inches. Number of drop was 25 
blows for each layer and the specimens were 
compacted in three layers. The specimens those 
compacted in the 6 inches diameter with 4.584 
inches height mold were compacted with the 
same standard rammer. Number of drop was 56 
blows for each layer and the soil was compacted 
in three layers.

Gravels of about 10%, 20%, 30% and 40% 
by weight were added into the studied soil. 
Gravels used in the study are round having their 
average specific gravity of 2.65. They were 
obtained from the borrow pit where the silty 
sand was gathered. Thereafter, they were 
washed and air dried before use. The gravels 
used in the study are categorized as coarse 
fraction. They have their diameter of 4.75mm 
(Sieve No.4) to 9.47 mm (3/8 inches sieve). 
While, the silty sand is categorized as the minus 
sieve No. 4 material. Prior to the compaction 
test, the silty sand was sprayed to desired water 
content and manually mixed with various 
amount of gravel. Then the admixed soils were 
covered with plastic for 24 hours to achieve 
uniform water content. The compaction pro-
gram is organized as shown in Fig.1.

Fig. 1 Detail of compaction tests organized in this 
study
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Tab. 3 Compaction characteristics of compacted specimens 

4 inches diameter mold 6 inches diameter mold Gravel
Content

[%]
ρdmax

[T/m3]
wopt
[%]

ρdmax
[T/m3]

wopt
[%]

0 1.97 10.80 1.97 10.80 
10.10 2.01 10.40 2.01 10.40 
20.20 2.05 10.00 2.07 10.00 
30.26 2.07 9.30 2.10 9.30 
40.30 2.09 8.80 2.13 8.80 

Shockley (1948) proposed an equation 
(Eq.1) to predict theoretical dry density with 
based on an assumption that the void spaces in 
gravel remains filled with fine material as the 
gravel content increases. Eq. (2) and Eq. (3), 
respectively, are dry density and water content 
of the minus sieve No. 4 soil. They are derived 
from knowledge of gravel density and gravel 
content.

+

=

g

c

df

f
dT

PP
ρρ

ρ 1 (1)

gdg

gd
d ρρρ

ρρ
ρ

+Χ−
=′

)(
   (2) 

)1( Χ+=′ ww     (3) 

where dTρ  is theoretical dry density, fP  is 

percent of fine material, cP  is percent of coarse 
material, dfρ  is dry density of fine material, gρ
is density of gravel material. dρ′  is dry density 
of the minus sieve No.4 material, dρ  is dry 
density of the compacted specimen, Χ  is ratio 
of coarse material to fine material, w  is water 
content of compacted specimen, and w′  is water 
content of fine material.

3. RESULTS AND DISCUSSIONS 

The laboratory compaction curves of the 
silty sand compacted in the 4 inches diameter 
mold and in the 6 inches diameter mold are 
plotted in Fig. 2 and Fig. 3, respectively. The 
compaction characteristics of fine material 
compacted in 4 inches diameter mold and in 6 
inches diameter mold is identical. However, 
difference between the maximum dry densities 
of specimens compacted in 4 inches diameter 

mold and in 6 inches diameter mold increases 
with increasing gravel content. The compaction 
characteristics of specimens compacted in 4 
inches diameter mold and in 6 inches diameter 
mold are written in Tab. 3.

Fig. 2 Compaction curves form 4 inches diameter 
mold

Fig. 3 Compaction curves form 6 inches diameter 
mold
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Tab. 4 Compaction characteristics of the minus sieve No. 4 material 

4 inches diameter mold 6 inches diameter mold Gravel
Content

[%]
ρ’dmax

[T/m3]
w'opt
[%]

ρ’dmax
[T/m3]

w'opt
[%]

0 1.98 10.80 1.97 10.80 
10.10 1.96 11.60 1.96 11.60 
20.20 1.94 12.50 1.95 12.50 
30.26 1.90 13.30 1.93 13.30 
40.30 1.84 14.70 1.89 14.70 

Fig. 4 Experimental maximum dry densities 

Variation of the maximum dry density of 
specimens compacted in both mold sizes with 
gravel content is shown in Fig. 4. The maxi-
mum dry density of specimens compacted in 
both mold sizes are almost identical up to 20% 
gravel content. The difference between maxi-
mum dry densities of specimens compacted in 
both mold sizes becomes noticeable as the 
gravel content increases beyond 20%.

The theoretical maximum dry densities cal-
culated from Eq. (1) are shown among the 
others in Fig. 5.  The theoretical curve indicates 
continuously higher maximum dry densities 
with increasing gravel content since it does not 
take into account the influence of particle 
interference on compaction of the fine material 
with increasing gravel content. At higher gravel 
content, there is increasing gravel to gravel 
contact, which interferes with transmission of 
compaction energy to the finer material in the 
voids.  Deviation between the theoretical curve 
and the experimental curve is again noticeable 
as the gravel content is higher than 20%. The 
results confirm the use of 20% gravel content as 

a boundary to switch from the 4 inches diameter 
mold to the 6 inches diameter mold.

Compaction characteristics of the minus 
sieve No. 4 material are calculated from Eq. (3) 
and Eq. (4) and they are concluded in Tab. 4. 
The maximum dry densities of the minus sieve 
No. 4 material are also shown among the others 
in Fig. 5. Decreasing of the maximum dry 
density with increasing gravel content in the 
finer material comes from the particle interfer-
ence as aforementioned.

Fig. 5 Theoretical and experimental maximum dry 
densities

The experimental results show that com-
paction results depend on gravel content. Mold 
size will pay an important role to the compac-
tion result when gravel content is higher than 
20%. As thus, a larger mold size to reduce the 
particles interference is recommended as men-
tioned in every testing standard.
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1. INTRODUCTION
Gravelly deposits or formations are mainly 

distributed in the areas of foothills, coastal 
and/or river terraces in Western Taiwan, the 
most populous region in Taiwan. Depending on 
location, the thickness of gravelly deposit may 
vary from 20 meters to more than 200 meters. 
Some loggings in central Taiwan appear to have 
about 2 meters of top soil which overlie uncon-
solidated gravel mixed with sandy or silty 
lenses (Chu, 1995). With the increase of infra-
structure development in Taiwan, more and 
more constructions such as excavation, tunnel-
ing and foundation will encounter the gravelly 
formations.  In the past, while tunneling through 
the gravelly formations, several unsuccessful 
cases were reported.  Difficulties, including 
severe squeezing and collapse, were encoun-
tered during construction of these tunnels.  
Therefore, the deformational characteristics, 
such as apparently nonlinear deformation and 
large shear dilation, of gravelly soils should be 
further explored.

Owing to the complicated compounds, the 
geotechnical behaviors of the gravelly soils are 
significantly different from those of sand, clay 
and gravel alone. According to previous studies 
(Matheson, 1986; Holtz, 1961; Marachi et al., 
1969; Charles and Watts, 1980; Indraratna et 
al., 1998), the geotechnical characteristics of 

gravelly soils are greatly influenced by the 
gradation, fine contents, porosity, water content, 
particle shape and particle orientation during 
deposition. In addition to above-mentioned 
factors, the properties of fine contents, espe-
cially the plasticity index (PI), may also play an 
important role in the influence factors.  How-
ever, the related references are quite rare.  For 
the purpose of more understanding the effects of 
fine contents on deformability behavior of this 
specific geological material, a series of large 
scale triaxial tests of the gravelly soils with 
different plasticity indices were conducted in 
this research.  In addition to the experiments, 
this work focuses on the two following aspects: 
1. To characterize the deformational behaviors 

of gravelly soils with different plasticity in-
dices of fine contents. 

2. To distinguish the volumetric deformation 
induced by hydrostatic stress or shear stress 
so that the contribution of shear dilation can 
be clarified. 

2. SPECIMEN PREPARATION AND SETUP 
OF EXPERIMENTAL STUDY 

2.1. specimen preparation 

The gravelly soils for this study were sam-
pled from the Pakuashan tunnel in central 

ABSTRACT: A series of large scale triaxial compression drained tests were conducted for gravelly soils 
containing different plasticity indices of fine contents. To distinguish the volumetric and the shear deformation 
of the gravelly soils, experiments with controlled stress paths, including hydrostatic compression and pure 
shearing, were conducted. According to the test results, the deformation of gravelly soils possesses the following 
characteristics: (1) Increase of bulk modulus upon increasing hydrostatic compression; (2) Softening of shear
modulus upon increasing shearing; (3) Significant shear compression and/or dilation may occur upon increasing 
shearing.  For gravelly soils of fine contents with no plasticity, shear dilation may usually occur; while fine 
contents with high plasticity, shear compression may occur most of time.
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Taiwan, and they are classified as Transition 
rockfill material, defined by Matheson (1986).  
In order to explore the mechanical behaviors of 
gravelly soils systematically, a series of re-
molded specimens for triaxial tests, which grain 
size distribution curve shown in Fig. 1 is based 
on the in-situ condition, were prepared. In this 
study, field grain sizes for natural gravelly 
deposit were scaled down to a maximum grain 
size of 2 inches. Two compacted specimens, of 
which the soil particle finer than #40 sieve were 
replaced by those with different PI values. 
Herein, the remolded specimens were com-
pacted equivalent to the Standard Proctor 
compaction energy, which is approximately 
equal to the field density of natural gravelly 
deposit. In addition, two kinds of fine contents, 
which plastic index (PI) are 0 and 22 for the soil 
passing #40 sieve, were used respectively, and 
the specimens were named into two groups of A 
and B.  Therefore, the remolded samples con-
tain 73.23 percent of gravel and approximately 
8.73 to 11.30 percent of fine contents, respec-
tively.  According to the soil classification 
systems of USCS and AASHTO, these samples 
appear to have high uniformity coefficient, 
which is around 85.8.  Based on USCS, group A 
is classified as GP-GM, while group B is 
classified as GP-GC.  For the AASHTO classi-
fication system, group A belongs to A-1-a and 
group B belongs to A-2-6.

Figure 1. grain size distribution curve of the speci-
mens

2.2. apparatus and experimental setup 

The deformation characteristics of gravelly 
soil were explored by means of drained triaxial 

compression tests (CID test).  In the tests, the 
axial load was provided by a general loading 
frame, which has a maximum capacity of 500 
kN, and it provide the loading rate from 0.001 
mm/min to 30 mm/min, with a precision of 
0.0005 mm/min.  The triaxial cell is able to 
sustain the hydrostatic pressure up to 5 MPa.  A 
pressure transducer was used to monitor the 
hydrostatic pressure with an accuracy of 0.001 
MPa.  Both the axial stress and the hydrostatic 
stress are servo-controlled so that experimental 
tests under various stress paths would be feasi-
ble.  To measure the deformation of the speci-
men, LVDTs were set up to obtain the axial 
deformation with a precision of 0.05 mm.  In 
addition, the digital volume change measure-
ment device having a precision of 0.1 cc, may 
directly measure the discharge of the specimen 
under hydrostatic or triaxial compression 
condition.  The testing system is illustrated in 
Fig. 2. 

Figure 2. testing system for large scale triaxial tests 

In order to study the effects of hydrostatic 
and shear stresses on the volumetric deforma-
tion of gravelly soil separately, the pure shear 
stress path is performed in triaxial tests.  During 
the stress path of conventional triaxial compres-
sion (CTC) tests as shown in Fig. 3, in which p
(= I1/3 = σkk/3) and (J2)1/2  (J2=1/2 sijsij; sij=
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= deviatoric stress tensor) mean the hydrostatic 
stress and shear stress, respectively, both 
hydrostatic pressure and shear stresses may vary 
with each increment of loading.  As a result, it 
is difficult to distinguish the effect of shear and 
hydrostatic stresses on volumetric deformations 
of the tested specimens.  Tests with pure shear 
stress path make it possible to separate the 
effect of shear stresses and hydrostatic stresses 
on deformations.  In this study, the specimen is 
first applied with hydrostatic stress along a 
stress path OA, followed by subsequent shear-
ing.  If the hydrostatic stress is not altered 
during the subsequent shearing, a pure shear 
(PS; path AC) condition is achieved.  In practice, 
the isotropically consolidation tests were 
performed firstly, and the axial loading rates 
were selected based on the suggestions of 
Bishop & Henkel (1962).  Then, along with 
pure shear stress paths, hydrostatic pressure was 
held constant by decreasing cell pressure to be 
one-half of the increment of axial stresses ( 2
= 3 = -0.5 1), and the axial load was applied 
under a rate of 0.5 mm/min according to the 
consolidation test result.  Such a stress path 
makes it possible to study the effect of shear 
stresses on shear deformations and volumetric 
deformations.

Figure 3. Schematic illustration of the conducted 
stress paths.  PS = pure shear test, CTC = 
conventional triaxial compression test

The test conditions used in this study is 
summarized in Table 1.  These experiments are 
designed with engineering applicability in mind, 
thus have chosen confining pressure between 
1.2 ~ 3.0 MPa.  The measured results of defor-

mation contain axial (ε1) and volumetric strain 
(εv) of the specimen.  By using small-strain 
theory, volumetric strain εv = I’1= εkk and 
deviatoric shear strain γ = 2(J'2)1/2 (where I’1 is 
the first strain invariant; J'2 is the second devia-
toric strain invariant) of the specimen can be 
obtained.

Table 1.  List of triaxial tests and testing conditions 

Test
type Specimen P

(MPa)
Number of 

Test
1.2 1 
1.8 1 
2.4 1 

Group A 
(PI=0)

3.0 1 
1.2 1 
1.8 1 
2.4 1 

Pure
shear
stress
path

triaxial
test

Group B 
(PI=22)

3.0 1 

3. DEFORMATION CHARACTERISTICS 
OF GRAVELLY SOILS 

3.1. Deformation induced by hydrostatic stress 

Figure 4 and 5 illustrates the results of the 
tests along path OA in Fig. 3, i.e. isotropic 
consolidation tests.  The deformations of 
primary consolidation vary with time under 
different loading stages is shown in Fig. 4a and 
4b.  As it can be seen that, the results of volu-
metric strain are apparently influenced by the 
plasticity indices of fine contents, and more 
time duration is required for the completion of 
consolidation for the fine contents of gravelly 
soil that contain high plasticity.  Furthermore, 
fairly large coefficient of consolidation Cv,
which are between 600 and 2500, are obtained 
from the tests.  As compared with either sandy 
or clayey soils, the excess pore pressure in 
gravelly soils dissipates more rapidly.  In Fig. 5 
the volumetric strains exhibit nonlinear behav-
iors during hydrostatic loading stage, which 
represent that the bulk modulus increases as 
hydrostatic stress increases.  The volumetric 
strains of gravelly soils at the pressure of 3.0 
MPa are between 3.0 and 5.0 percent, and they 
increase with the increasing of plasticity index 
of fine material.
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(a) Group A (PI=0) 

(b) Group B (PI=22) 
Figure 4. Primary consolidation curves under differ-
ent hydrostatic loading stages 

Figure 5. Variations of volumetric strain during 
hydrostatic loading stage 

3.2. Deformation induced by shear stress 

In the shear loading stage, Figure 6 depicts 
the variations of shear strain γ  induced by pure 
shearing (path AC in Fig. 3).  The shear strains 
of two kinds of specimen are shown in Fig. 6a 
and 6b respectively, and the tendencies of curve 
are similar.  At the early stage, the shear strains 
are rather linear, and the initial shear modulus 

increase with increasing hydrostatic pressure 
subjected.  When the stress path approaches 
failure state, significant decreases of shear 
modulus G occur, as shown in both Fig. 6a and 
6b.  Furthermore, the strain amounts of two 
kinds of specimen are compared with each other.  
Taking p =1.8 MPa for instance in Fig. 6c, the 
greater plasticity index of fine material in-
creases the amount of volumetric strain, that is 
to say, specimen of group B is more ductile than 
that of group A. 

(a) Group A (PI=0) 

(b) Group B (PI=22) 

(c) Comparison between two groups (p=1.8 MPa) 

Figure 6. Shear strain induced by pure shear loading 
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In addition to the volumetric strain induced 
by the hydrostatic stress shown in Fig. 5, Figure 
7 illustrates the variations of volumetric strain 
induced by pure shearing (path AC in Fig. 3).  
The volumetric strains of these two kinds of 
specimen are shown in Fig. 7a and 7b, but the 
tendencies of curve are quite different.  In Fig. 
7a, the volumetric strain of non-plastic gravelly 
soil induced by shear is initially contractive, and 
then gradually transits to be dilative with 
increasing shear stresses.  However, the volu-
metric strain in Fig. 7b of plastic gravelly soil 
tends to be all-the-way compressive upon 
shearing.  Similarly, the strain amounts of two 
kinds of specimen are compared with each other 
in Fig. 7c.  Specimen of group B exhibits more 
ductile behavior in compressive state, while 
specimen of group A reveals apparently dilative 
behavior when approaching shear strength. 

(a) Group A (PI=0) 

(b) Group B (PI=22) 

(c) Comparison between two groups (p=1.8 MPa) 

Figure 7. Voloemetric strain induced by pure shear 
loading

3.3. Failure envelopes 

The failure envelopes of the two gravelly 
soils resemble a linear geometry, expressed in 
terms of stress invariants of three-dimensional 
stress components, as illustrated in Fig. 8. 
Accordingly, the linear relationship, known as 
the Drucker-Prager criteria shown in Fig.8, can 
be expressed as follows: 

2, 1fJ I k= +\   (1) 

where parameters α and k are the slope and the 
cohesive interception of the failure envelope. 
The results show the slope α of group A is 
higher than that of group B.  Nevertheless, the 
interception k of Group B is greater than that of 
Group A. 

The failure envelope expressed by Eq. (1) 
can be further converted to the Mohr-Coulomb 
failure criteria and results in a frictional angle φ
and a cohesive interception c of 34.2o and 0.253 
MPa for group A, and 29.0o and 0.016 MPa for 
group B. 

Figure 8. Failure envelope of the gravelly soils. 
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4. CONCLUSIONS
The deformation behavior of gravelly soils 

is explored in this paper.  According to the 
experimental results, the deformation of 
gravelly soils possesses the following 
characteristics:
(1) Non-linear volumetric deformation curve 
and increase of bulk modulus upon increasing 
hydrostatic compression;  
(2) Softening of shear modulus G upon 
increasing shearing;
(3) Significant shear compression and/or 
dilation may occur upon increasing shearing .  
For fine contents with no plasticity (Group A), 
shear dilation may usually occur; while fine 
contents with high plasticity (Group B), shear 
compression may occur most of time; and
(4) When subjected to shearing, substantial 
shear and volumetric strain may occur as the 
loading approaches the ultimate strength. 
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1. INTRODUCTION

The inherent nature and diversity of the 
geotechnical process involved in soil formation 
are responsible for the wide variation in the soil 
structure. The natural clay can be designated as 
“structured clay” (Leonards, 1972; Leroueil et 
al., 1979; Michell, 1996; and Shibuya, 2000; 
etc.). The term “soil structure” is determined by 
both the particle associations and arrangements 
(fabric) and inter-particle forces. The resistance 
of soil structure is responsible for the difference 
in the engineering behavior of natural soils 
between the structured and the destructured 
(remolded) states (Leroueil et al., 1979 and 
1983; Hanzawa and Adachi, 1983; Leroueil and 
Vaughan, 1990; Mitchell, 1996; and Shibuya, 
2000). The development of the soil structure 
during the depositional and postdepositional 
processes is indicated by many researchers 
(Locat and Lefebvre, 1985; Mitchell, 1986; and 
Schmertmann, 1991). 

Deformation analysis normally requires 
measurements of compression curves, which are 
usually obtained from laboratory tests on 
undisturbed samples. For structured clay, it is 
hard to get truly undisturbed samples from 
conventional sampling (wash boring and 
sampling by thin wall tube) as it is prone to 

mechanical disturbance. In addition, the 
disturbance could be caused by handling and 
testing. Because of this inevitable disturbance, 
the compression curves obtained from 
laboratory tests may deviate from their in-situ 
values. Extensive investigations have been 
reported in literature on the different methods of 
sample quality evaluation based on partially 
disturbed samples. Nagaraj et al. (1990 and 
2003) have introduced a method of determining 
the probable field/in-situ yield stress from 
undisturbed samples. Schmertmann (1953), 
Holtz et al. (1986), Shogaki (1991), Shogaki 
and Kaneko (1994), and Horpibulsuk et al. 
(2007) have introduced approaches to evaluate 
the field compression curve taking the effect of 
sample disturbance into account.

The present paper aims to illustrate the ef-
fect of soil structure and sample disturbance on 
the compression curves and also introduce a 
simple and rotional method of assessing field 
compression curve from undisturbed samples.  
Compression test results of Bangkok clay 
(Horpibulsuk et al., 2007) and natural structured 
naturealclays (Holtz et al, 1986 and Shogaki 
and Kaneko, 1994) were taken for this investi-
gation. The framework of the proposed method 
is based on the microstructural considerations.

ABSTRACT: Due to the effect of structure, natural Bangkok clay is stable in meta-stable state. Its void ratio, e,
is the summation of the void ratio sustained by intrinsic fabric, eR, and the additional void ratio due to the 
structure, es. The intrinsic state line (eR vs log σ′v) can be expressed in terms of void ratio at liquid limit, eL. At 
post yield state, the es is inversely proportional to effective vertical stress. The residual additional void ratio, esr,
which cannot be eliminated by the increase in effective vertical stress is constant for all degrees of sample 
disturbance. From these findings and the ideal condition of zero compression at pre-yield state, the field yield 
stress and field compression curve can be assessed. 

Compressibility of Structured Bangkok Clay

S. Horpibulsuk & W. Katkan
School of Civil Engineering, Suranaree University of Technology, Nakhon Ratchasiama, Thailand 
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2. IN-SITU STATE 

Bangkok is situated on the Bangkok plain or the 
Lower Central plain having an area of about 
13,800 km2, which lies between Ayutthaya and 
the Gulf of Thailand. The Bangkok plain is near 
featureless with elevation ranging from 0 to 2 
meters above mean sea level (MSL). The 
Bangkok plain merges with a slightly higher 
alluvial plain at Ayutthaya. In general, the 
topography of the Bangkok plain reflects the 
fact that it was covered by a shallow marine sea 
from 5,000 to 3,000 years ago at which time a 
soft clay was deposited in shallow near-shore 
waters. Probably, during most of Mid to Late 
Holocene time, the plain was a vast tidal flat 
that gradually subsided resulting in a thickness 
of Bangkok clay ranging from 0 to 20 meters. 
Subsequently, about 2,700 years ago, the sea 
withdrew and the soft clay was exposed at the 
surface. The uppermost clay of about 2 meter 
thickness has been weathered (Nutalaya and 
Phienwej, 2002). The Bangkok plain could be 
viewed, therefore, as a large bay, which was fed 
by estuaries emerging from both the western 
mountain belt (Kanchanburi) and the neck of 
the Bangkok plain (near Ayatthaya). Underlying 
this soft clay, medium stiff and stiff to very stiff 
clays are found. The stiff to very stiff clay is 
deposited above the first sand layer (1st sand) 
overlying a hard clay. The soft and the medium 
stiff clays are designated as Bangkok clay.

In order to examine the in-situ state of 
Bangkok clay and the stiff to very stiff clay 
(deposited under Bangkok clay), their natural 
state with reference to the intrinsic state line is 
presented in Figure 1. The intrinsic state line 
was developed from Bangkok clay with differ-
ent liquid limits by Horpibulsuk et al. (2007). It 
is shown that the points of Bangkok clay locate 
above the intrinsic state line while the points of 
the stiff to very stiff clay locate below this line. 
These findings indicate that Bangkok clay is 
stable in meta-stable state whereas the stiff to 
very stiff clay is stable in overconsolidated 
state, probably as a result of secondary 
compression. The initial fabric of Bangkok clay 
after sedimentation is probably open and 
involves some amount of edge-to-edge and 
edge-to face associations in a “cardhouse” 
arrangement. Large void ratio is sustained due 
to the effect of structure. 

10 50 100 500 1000
0

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

1.8

G
en

ne
ra

liz
ed

 st
at

e 
pa

ra
m

et
er

,  e
/e

L

Effective overburden stress,  σ'v0 (kPa)

Soft clay
Medium stiff clay
Stiff to very stiff clay

Intrinsic State Line
e/eL = 1.387 - 0.342 log σ'v0

Bangkok clay

Figure 1. Relative disposition of natural state and 
effective overburden stress with reference to intrinsic 
state line. 

Figure 2 shows the typical compression 
behavior of Bangkok clay and the stiff to very 
stiff clay. The compression curve of soft 
structured (undistrurbed) Bangkok clay lies 
above the destructured (remolded) line even at 
very high effective vertical stress whereas the 
compression curve of the stiff to very stiff 
structured clay lies below the destructured line. 
The behavior below the destructured line has 
also been reported for some structured soils, 
which are very stiff and fissured (Stark and 
Duncan, 1991; and Picarelli and Olivares, 
1998).
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3. MODELING FOR ASSESSMENT OF 
COMPRESSION CURVE

Based on extensive consolidation test results, a 
material idealization for the compression 
behavior of Bangkok and the stiff to very stiff 
clays are introduced in Figure 3. For Bangkok 
clay, the in-situ void ratio is in meta-stable 
state. The compression behavior of Bangkok 
clay is inverse S-shaped curve and consists of 3 
zones. The compression strain is negligible up 
to the yield stress, σ′y, due to the contribution of 
structure. Beyond this yield stress, there is 
sudden compression of relative high magnitude, 
indicated by the steep slope and caused by the 
destructuring. On further loading, the difference 
in void ratio between structured and 
destructured clays (es) with logarithm of stress 
decreases to reach nearly a constant value 
beyond a particular stress level, identified 
herein as the transitional stress, σ′t. This 
constant value is designated as the residual 
additional void ratio sustained by structure, esr.
This shows that the effect of structure exists 
even at very high effective vertical stress 
beyond yield, which is in agreement with the 
work of Horpibulsuk et al. (2004). 

Figure 3. Typical of compression behavior of the 
structured clays (Horpibulsuk et al., 2007). 

 For the stiff to very stiff clay, the in-situ 
state of stress is below the destructured line. 
The clay shows measurable strains when it is 
consolidated from the in-situ effective vertical 
stress to slightly less than its yield stress. 
Beyond the yield stress, it is noted that the es is 

negative and its absolute value decreases with 
the increase in effective vertical stress. This 
finding has also been reported by Liu and Carter 
(2000).

From Figure 3, the void ratio at a particular 
effective vertical stress can be expressed as 
follows.

R se e e= +  (1) 

where e represents the void ratio for a structured 
clay, eR is the void ratio for the corresponding 
destructured clay and es is the additional void 
ratio attributed to soil structure. The eR is the 
void ratio supported by the intrinsic soil fabric 
of completely remolded sample.

Liu and Carter (1999 and 2000) have 
analyzed compression behavior of over 20 
different structured clays and found that the 
additional void ratio due to soil structure, es, at 
post-yield state is inversely proportional to 
(σ'v)b, where b is the destructuring index, 
quantifying the rate of destructuring. They have 
revealed that the b value depends on soil type 
and structure, and generally 1b ≥  for structured 
soft clay and 1b <  for stiff clay. This finding 
and the assumption that the additional void ratio 
would exist even at very high effective vertical 
stress are the fundamental for analyzing the 
virgin compression curve. The analysis is 
limited to Bangkok (soft and medium stiff) clay. 
Based on the test results of Bangkok clay 
(Horpibulsuk et al., 2007), it is found that b can 
be taken as 1.0 and the additional void ratio is 
expressed in the form 

y
s sy sr

v

e e e
σ
σ

′
= +

′
 (2) 

where esy is the additional void ratio corre-
sponding to the yield stress and esr is the resid-
ual additional void ratio sustained by structure 
that cannot be eliminated by an increase in 
effective vertical stress (when σ v approaches 
infinity, es = esr). The esy can be determined by 
considering that when σ v = σ y:

sy sr y Rye e e e+ = −   (4) 

where ey and eRy are the void ratios of structured 
and destructrured curves corresponding to the 
yield stress, respectively. Based on this model, 
the experimental virgin compression curve of 
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Bangkok clay can be assessed, once the σ y and 
ey are known. Figures 4 and 5 show examples of 
the prediction of the experimental compression 
curves of Bangkok clay from Asian Institute of 
Technology (AIT) and Samutphakarn Province, 
Thailand, respectively. The remolded lines are 
obtained directly from the consolidation tests on 
the remolded samples. It shows reasonably good 
agreement, lending support to the proposed 
approach. From the results shown in Figures 4-5 
and the analysis of the extensive data of 
Bangkok clay (Horpibulsuk et al., 2007), it is 
revealed that esr is practically constant about 
0.20. To explore the possibility of obtaining the 
field compression curve, the pattern of 
compression curves of disturbed samples with 
different degrees of sample disturbance is 
examined further. 
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Figure 5. Analysis of compressibility of disturbed 
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4. SAMPLE DISTURBANCE 

Figures 6 and 7 show compression behavior of 
the alluvial marine and Montalto di Castro clay 
samples subjected to different levels of 
disturbance. It is seen that degree of rigidity 
reflected by the compression curve up to the 
yield stress and the value of the yield stress 
itself reduce as the sample disturbance increase. 
The reduction of the yield stress is clearly noted 
by the dashed line where the yield stress values 
were approximated by the method proposed by 
Butterfield (1979) and Sridharan et al. (1991). It 
is also found that the compression behavior 
tends towards the remolded line as the sample 
disturbance increases. This suggests the 
possibility of scaling the degree of sample 
disturbance in relation to the intrinsic state line, 
which represents thorough remolding and hence 
total disturbance. 

For ideal conditions of zero disturbance, 
near-rigidity can be expected, as it is the 
characteristic feature of perfectly non-
particulate response. On this premise, the most 
probable value of the yield stress corresponding 
to the truly undisturbed state (field yield stress) 
is defined by extrapolation of the line through 
the yield stress points intersecting the horizontal 
line from the void ratio of the in-situ state. It is 
moreover found from this analysis that this line 
is perpendicular to the intrinsic state line, which 
agrees with the results by Nagaraj et al. (1990). 
Using this technique, the field yield stress is 
determined for both clays. The virgin 
compression curves of all partially disturbed 
samples can be well predicted by equation (1). 
It is found that for a particular clay, the esr of 
partially disturbed samples is constant for all 
degrees of sample disturbance considered. 
Hence, it is possible to assume the esr for the 
field curve being equal to that for partially 
disturbed samples. This implies that the sample 
disturbance insignificantly affects the residual 
additional void ratio and the structure would be 
destroyed (esr = 0) only when the soil is 
completely remolded. With the known esr, the 
esy can be determined from equation (3) by 
taking ey = e0. Figures 4 through 7 show the 
probable field compression curves for Bangkok, 
alluvial marine, and Montalto di Castro clays, 
respectively. Due to the absence of the 
remolded line for Montalto di Castro clay, this 
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line is approximated using the intrinsic state line 
proposed by Nagaraj et al. (1998). 
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5. ESTIMATION OF FIELD COMPRESSION 
CURVE

From the basic consideration discussed in this 
paper and the subsequent analysis, the simple 
procedures for assessment of the compression 
curve of structured natural Bangkok clay are 
summarized by the following steps: 
1. Determine in-situ void ratio, overburden 

stress, index properties, compression curve 
and yield stress of undisturbed (partially 
disturbed) sample. 

2. Draw a (e-log σ'v) line of the clay in 
destructured (remolded) state, which can be 
directly obtained from consolidation test of 
remolded clay or estimated from the equa-
tion proposed by Horpibulsuk et al. (2007). 

3. Determine the esr.
4. Draw a line through the yield stress of 

partially disturbed sample perpendicular to 
compression line of remolded clay. 

5. Extrapolate this line so that it intercepts the 
horizontal line from in-situ void ratio. This 
is based on the assumption that for truly 
undisturbed case, rigidity is expected due to 
a perfectly non-particulate response. The 
stress corresponding to this intersection is 
regarded as the most probable yield stress of 
field sample.

6. Using esr, e0, and σ y to determine esy and 
draw the field compression curve. 

6. CONCLUSIONS

This paper deal with the investigation of the 
effect of soil structure and the sample distur-
bance on the compression curves of structured 
Bangkok clay. The practical method of assess-
ing filed compression curves is also introduced. 
The conclusions can be drawn as follows. 
1. At any effective vertical stress, the void ratio 

of natural Bangkok clay is the summation of 
the eR, which is inherent to the stress, and 
the es, which is attributed to structure.

2. The effect of sample disturbance is to reduce 
the yield stress and compression index. 
However, the residual additional void ratio 
due to the structure retains the same for all 
degrees of sample disturbance. It becomes 
null only when the clay is completely re-
molded.

3. A simple step-wise procedure has been 
suggested for assessment of compression 
curve of structured Bangkok clay. This 
procedure is useful in terms of engineering 
and economic points of view. 
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1. INTRODUCTIONS

It is now well known that soils are highly 
nonlinear so that their stiffness is greatest at the 
start of loading when the increments of stress 
and strain are small. Lectures on stress-strain 
relation and stiffness of sand, fine-grained soil, 
stiff clay and over-consolidated soil at small 
strains were reported in worldwide (Atkinson 
1990, Jardine 199, 1992, Stokoe 1995, Ng 2001, 
Clayton 2001). However there is a lack of 
reported lectures on the small stain stiffness and 
stress-strain relation of soft soil such as Shang-
hai soft clay, which is thick soft-to-medium 
alluvial and marine deposit strata in this area. 
Monitored in situ data show that ground move-
ment induced by geotechnical structures, such 
as deep metro excavations and tunnels, are 
generally small. In Shanghai China some metro 
lines have been built and several lines are under 
construction or planned, the understanding of 
characters this clay at small strain plays a 
significant role in precision ground movement 
calculation and prediction, which is important to 
engineers and designers. 

Based on the CKC system, tow main groups 
of drain triaxial tests on Shanghai natural clay 
were conducted by local measurement. One 

group is multiple stress path triaxial tests, which 
aimed to reveal the stress-strain behavior of 
Shanghai clay at small strain. The other group is 
to study the degradation of shear modulus with 
strain of these clays. Small strain behavior of 
some other geomaterials is cited here as the 
comparison.

2.  TEST PROGRAM 

2.1 Test apparatus (CKC system) 

Strains induced around geotechnical engi-
neering structures such as deep tunnels and 
excavation are generally small and within 1% 
(Mair 1993).Fig.1 shows the typical strain 
ranges encountered in engineering and strain 
ranges measured in laboratory testing. 

In this paper laboratory testing techniques is 
local strain measurement, because assessment 
of soil stiffness in laboratory tests needs accu-
rate measurement. The use of local strain 
transducers can eliminate the errors such as 
bedding errors at the ends of samples, alignment 
errors, seating errors and improve the accuracy 
and resolution of strain measurement. 

The types of local strain transducer include 
submersible LVDT (Brown & Snaith 1974), 

ABSTRACT: Researches on characters of soft soil, for example Shanghai clay, at small strain is rarely reported, 
which plays an important role in calculation and prediction of ground settlement. In this paper, two groups drain 
triaxial tests of Shanghai soft clay at small stain (0.001~0.1%) were conducted to find the stress-stain behavior
and shear modulus degradation on CKC system by local measurement. The test data indicates that stress-strain 
behavior of this soft clay is influenced by the recent stress history. The large rotation of stress path would lead to 
a higher stiffness. The degradation of shear modulus is high non-linear at small strain, with a shape of “S”. The 
value of ratio of G0.1/G0.01 of sample ranges from 0.6 to 0.8. The shear modulus degradation of Shanghai soft 
clay is compared with that value other geomaterials also. This study could offer some new knowledge and 
understanding of this kind of typical soft clay in Shanghai area. 

Test Study on Small Strain Characters of Shanghai Soft Clay

J. Jiang, G.B. Liu 
Department of Geotechnical Engineering, Tongji University, Shanghai, P.R. China. 
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inclinometer gauge (Burland & Symes 1982), 
proximity transducer (Hird & Yung 1989) and 
Hall Effect local strain transducer (Clayton & 
Khatrush 1986). In this test LVDT and Hall 
Effect transducer were used to measure the 
small strain of specimen. 

Fig.2 is the triaxial testing system with local 
strain measurements in this laboratory test, 
which is an automated triaxial testing system 
(Li et al.1988). 
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Fig.1 Typical strain ranges encountered in geotechni-
cal engineering and strain ranges measured in 
laboratory testing (Mair, 1993) 
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Fig.2 Triaxial system (CKC) with local measure-
ments

2.2 Theoretical background and empirical 
relationships

In describing and analyzing triaxial test re-
sult, it is convenient to express the stress and 

strain increments in terms of volumetric and 
deviatoric components as the follows (Schofield 
and Wroth1968) 
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where p' is mean effective stress 
(( 3/)'2' 31 σσ + ), q is deviatoric stress( '' 31 σσ − ),

SV εε ,  is volumetric and deviatoric strain, vh εε ,
is horizontal and vertical strain.The stress-strain 
response in terms of the volumetric and devia-
toric components can be described by an (Wood 
1990, Atkinson et al 1990) alternative set of 
elastic constants as follows, 
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where ',' GK  are bulk modulus and shear 
modulus, ',' qppq JJ are cross coupling modulus 
for volumetric strain due to changes in deviator 
stress, cross coupling modulus for shear strain 
due to changes in mean effective stress. 

From equation (3), the stiffness modulus 
'K can be obtained determined from a constant 

q triaxial stress path test ( 0=qδ ) and modulus 
'G  can be determined from a constant 'p

triaxial stress path test ( 0'=pδ ).

 2.3 Testing procedures 

The cylinder sample was extruded from its 
plastic casing and was cut out using a saw. The 
diameter and height of specimen are 38mm and 
76cmm. After trimming, the diameter and 
height of specimen is measured before it was 
enclosed in a latex membrane. Then it was set 
in the triaxial cell and placed carefully on the 
base pedestal with saturated porous stone. O-
rings were applied to the top cap and base 
pedestal to seal the specimen. The fixing pads 
of axial and radial Hall-effect transducers were 
also attached to the surface of specimen by 
waterproof adhesive. The axial and radial Hall-
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effect transducers were mounted after the 
applied adhesive was thoroughly dried (gener-
ally over night). Fill the cell with de-aerated 
water. Because the testing time is very long, a 
thin layer of soil was applied onto the surface of 
water to minimize the dissolving of air in the 
cell water. Backpressure was added to saturate 
the specimens. When the B value is larger than 
0.95, we think the samples are saturated. Back-
pressures were kept throughout the whole 
testing. The loading rate of teat is very small to 
(1.0~1.7 kPa/hore) to avoiding the excess 
hydrostatic pressure. 

The stress paths of the two groups of triaxial 
test were shown in Fig.3 Constant mean effec-
tive stress path ( 0'=pδ ) were conducted to 
find out secant shear modulus 'G . While con-
stant deviatoric stress path ( 0=qδ ) was 
conducted to find out the bulk modulus (see 
equation 3).

Group1 test is devised to study the stress-
stain behaviour. Stress path of sample in this 
group is shown Fig.3 (a) in qp −  space 
(backpressure is 160kPa). After reconsolidation 
to point O, for sample S1, it was compressed 
from O to A then loaded back to O (OAO). 
Then it was extended from O to B and then 
loaded back to O (OBO). For sample S2, it was 
loaded from O to C and then unloaded to O 
(OCO). Then it was unloaded from O to D and 
then loaded back to O (ODO).

Group2 test is to study the shear modulus 
degradation with small strains. Stress path of 
sample A (66), B (162) is shown in Fig.3 (b). 
The samples were isotropic reconsolidated to 
the designed stress before the starting of each 
stress probe. Both the initial and final water 
contents were determined. The testing condi-
tions and some soil index for each specimen 
were summarized in Tab.1. 
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(b) Stress paths for Group 2 (A, B) 

Fig.3 Multiple stress paths of specimen in this test 

3.  INTERPRETATIONS OF CKC 
TRIAXIAL TESTS 

Multiple stress paths of specimen S1 and S2 

Fig.4 and Fig.5 show the compression-
extension and loading-unloading stress-strain 
curves of stress paths OAO-OBO and OCO-
ODO respectively. The stress- strain behaviors 
of Shanghai clay along all the paths is generally 
non-linear. Along all the paths, considerable 

Table 1. Summary of the triaxail tests 

Reconsolidation stress Water content  (%) Test
series specimen γ

(kN/m3) p  q 
Back pres-
sure(kPa)

B
value Initial Final 

S1 16.7 62 0 160 0.962 45.9 36.3 Group1 S2 16.7 62 0 160 0.958 45.8 35.4 
A(66) 16.8 66 0 200 0.965 41.1 31.8 Group2 B(162)  162 0 210 0.964 41.2 27.9 
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irrecoverable strain developed and so most of 
the paths crossed the boundary of the elastic 
region. Note that along path ODO the recover-
able strain is largest, while that of path OAO is 
the smallest. The induced strain along the 
isotropic loading and unloading, paths OCO and 
ODO, is within 0.4% while that of paths OAO 
and OBO is smaller than 0.13%. The magnitude 
of the recoverable strain can be calculated by 
subtracting the irrecoverable strain to the total 
strain. The recoverable strain associated with 
the paths OA and OB ranges from 0.04 to 
0.08%. While that of isotropic loading and 
unloading is 61% and 74% respectively.

δεs (%)

δq
(k

Pa
)

Fig.4 Stress-strain relationship ( Sq δεδ ~ ) of S1, 
paths OAO and OBO 

δε (%)

δ
(k

Pa
)

Fig.5 Stress-strain relationship ( Vp δεδ ~' ) of paths 
OCO and ODO 

Constant p  compression and extension (paths 
OA and OB) 

Fig.6 shows the stress-strain relationship as-
sociated with paths OA( constant p  compres-
sion) and path OB(constant p  extension) in 
terms of the increment of deviatoric stress, qδ ,
and the deviatoric strain increment, Sδε . Note 

that the induced strain by equal absolute incre-
ment of deviatoric stress is generally similar. It 
means that the character of this material is 
similar when the specimen is compressed or 
extended. Secant shear modulus, 'G , can be 
calculated by this relationship. Fig.7 shows the 
secant shear modulus to absolute shear strain 
induced by path OA and OB. The angle of 
stress path rotation from point O to point A is 
90º, while that of point O to point B is -90º. 
Note that constant p  compression led to a 
higher shear modulus than that of constant p
extension. The similar magnitudes of the 
rotation angle of stress path associated with the 
two paths may do not lead to similar stiffness 
along the two paths. 

δεs (%)

δq
   

(k
Pa

)

Fig.6 Relationship between deviatoric stress incre-
ment and shear strain increment along path OA and 
OB

G
'  

(k
Pa

)

Fig.7 Secant shear modulus of paths OA and OB 

Fig.8 shows the stress-strain relationship as-
sociated with paths OC and OD in terms of the 
increment effective stress, 'pδ , and the incre-
ment of volumetric strain, Vδε . From equation 
(3), it is known the value of bulk modulus ( 'K ).
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Fig.9 shows the secant bulk modulus calculated 
from paths. The material is stiffer in unloading 
(path OD) than in loading (path OC). This is 
influenced by the resent stress history. The 
change of subsequent stiffness is a result of 
either a sudden change in the direction (180°) 
stress path or a period of time at a constant 
stress state, which was suggested by Atkison et 
al(1990). The angle between OD and OC is 
180° while that of point O to C is 0°  The larger 
angle of stress path rotation associated with path 
OD results in a higher stiffness.

δεv (%)

δp
' (

kP
a)

Fig.8 Relationship between mean effective stress 
increment and volumetric strain increment along 
paths OC and OD 

εv(%)

K
'  

(k
Pa
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Fig.9 Relation of bulk modulus and volumetric strain 

Degradation of shear modulus with strain 

On these Shanghai soft clay the constant p
triaxial compression and extension tests were 
performed. Stress paths are shown in Fig.3.

Fig. 10 shows the relationship of secant 
shear modulus and shear strain of the speci-

mens. With the increasing shear strain, the shear 
modulus decreased. When the shear strain 
exceeded 0.1% the shear modulus curve is 
similar though the initial confining stress is 
different. The shear modulus at small strain 
(0.001~0.1%) is high non-linear. When the 
shear strain is 0.01%, the shear modulus of 
sample A and B is 14650kPa and 11260kPa. 
When the shear strain reaches 0.1%, the shear 
modulus of them is 8140kPa and 9760kPa. The 
shape of the shear modulus degradation is “S” 
shape. The ratio of 01.01.0 / GG  of sample A 
and B is 0.6 and 0.8 respectively. 

ε

Fig.10 Curve of shear modulus to shear strain 

Fig.11 shows the normalized shear modulus 
degradation curves of different soils for com-
parison. Note that Gmax of these referent soils is 
Ghv, measured by Bend Element. Because there 
is no shear modulus measured by Bend Element 
in this test, the Gmax here is calculated from the 
test data. Those referent lines are adopted here 
just for the degradation tendencies. 

Stiffness of soil is affected by the state of 
soil.Fig.11 shows that the normalized shear 
modulus of sample B is larger than that of 
sample A when the strain exceeds 0.018%. In 
the data cited here, it is found that clay exhibits 
a higher elastic threshold strain and less 
modulus degradation at a given strain level than 
sand and completely decomposed granite 
(CDG) with local strain measurement (Ng 
2001). Shanghai clay exhibits less shear 
modulus degradation at a give strain level than 
that of Todi clay, and it is similar to that of 
undisturbed clay suggested by Stokoe et al 
(1995)
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ε

Fig.11 Secant shear modulus versus shear strain 

4. DISCUSSIONS

Atkinson (1973) found that the stiffness of 
samples in triaxial and plane test was increased 
following a sudden change in the direction of 
the stress path. For example, the initial state of 
point in Fig.12 (a) along the different CO and 
DO is then loaded to stress path OA.. At O the 
rotation of new stress path is θd and θc. Fig.12 
(b) illustrates the stress-strain curve for the 
same loading path. The different stiffness is 
attributed to the different stress path rotation. 
Lewin (1990) also observed variation in stiff-
ness in general stress space. 

θc

θd

After DO

After COo

p' i

q i  

A1A

D

C
A

o

q

εs

q

p'

Fig.12 Effect of recent stress history on current 
stiffness

In this study, from the measured data in 
Group 1 test, stress-strain of Shanghai soft clay 
also show that the similar characters with the 
rotation of stress path. Fig.7 indicates that the 
larger rotation angle contributes to a higher 
stiffness (path OC and OD). Fig.9 shows that 
the same rotation angle (90 º and -90º) may 
result to the similar stiffness of this soft clay. 

In testing of Group 2, only tow specimens 
were conducted and the rotation angle were 
both 180º, so there is no shear modulus and 
shear strain curves of other rotation angle as 
comparison. Other lectures show that rotation 
angle influence the shear modulus degradation 
significantly (Atkinson 1990). 

5.  CONCLUSIONS 

Two groups of drain triaxial testing on Shang-
hai soft clay to obtain the character of this clay 
at small stain were conducted. After analysis of 
the measured test data, some knowledge and 
understanding on this clay could be obtained as 
fowling.
1. In Group 1 test (constant p  compression and 

extension, isotropic loading and unloading), 
the stress-strain behaviors of Shanghai clay 
along all the paths is generally non-linear. 
Considerable irrecoverable strain was meas-
ured along path OA and OB. On the other 
hand recoverable induced strain along path 
OC and OD is significant, which is 61% and 
74% respectively. 

2. Stiffness of Shanghai soft clay is inflected by 
recent stress history. The change of subse-
quent stiffness is a result of a sudden change 
in the direction stress. Fig.7 indicates that the 
larger rotation angle (180º, path OD) results 
to a higher stiffness. Triaxial compression 
(path OA) led to higher stiffness at small 
strain than traixial extension (path OB).The 
rotation angle is 90º and -90º (path OA and 
OB) respectively. This is agreed with the 
researches suggested by Atkison (1990) and 
Hight (1997).

3. Group 2 test exhibits that the shear modulus 
degradation is high non-linear at small strain 
(0.001~0.1%), with a shape of “S”. The ratio 
of 01.01.0 / GG  of sample A and B is 0.6 and 
0.8 respectively (see Fig.10). 
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4. Comparison with other soil material, it is 
found that clay exhibits a higher elastic 
threshold strain and less modulus degradation 
at a given strain level than sand and com-
pletely decomposed granite (CDG) with local 
strain measurement (Ng 2001). Shanghai clay 
studied in this test shows less shear modulus 
degradation at a give strain level than that of 
Todi clay, and it is similar to that of undis-
turbed clay suggested by Stokoe et al (1995). 
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1. INTRODUCTORY REMARKS 

Over the past thirty years several constitu-
tive models, possessing varying degrees of 
sophistication, have been developed to simulate 
the mechanical behavior of soils. The simulative 
and predictive capabilities of such models are 
typically assessed by comparing numerical 
values with the results of standard axisymmetric 
triaxial compression and extension experiments. 
In both of these tests two of the principal 
stresses are equal. However, associated with 
soil-structure interaction problems is a complex, 
truly three-dimensional stress state. To properly 
assess the simulative and predictive capabilities 
of cohesive soil models under such conditions 
requires data from tests in which the magnitude 
of the intermediate principal stress can be 
independently varied. Typically such variations 
have been realized in either torsional cylinder 
tests, hollow cylinder tests or from true triaxial 
tests.

Over the years, the results of several true 
triaxial testing programs have appeared in the 
literature. To quantify the principal stress state 
in true triaxial tests, the following ratio between 
deviator stresses is typically used: b = (σ2 – 
σ3)/( σ1– σ3). However, not all of the true 
triaxial results appearing in the literature span 
the entire range from axisymmetric compression 

(corresponding to b = 0) to axisymmetric 
extension (corresponding to b = 1). In addition, 
not all descriptions of experimental programs 
provide sufficient details that allow for the 
numerical simulation of true triaxial test results. 
Consequently, only the following results of 
complete true triaxial testing programs are 
appropriate for use in verifying the three-
dimensional capabilities of the bounding surface 
model: 1) Isotropically consolidated, remolded 
Grundite Clay tested under undrained condi-
tions (Lade and Musante 1978), 2) Isotropically 
consolidated, remolded Fujinomori Clay tested 
under drained conditions (Nakai and Matsuoka 
1983; Nakai et al. 1986), 3) Isotropically con-
solidated, remolded Edgar Plastic Kaolinite 
(EPK) tested under undrained conditions (Lade 
1990), 4) Anisotropically consolidated San 
Francisco Bay Mud (Kirkgard and Lade 1991), 
and 5) Isotropically overconsolidated, remolded 
Kaolin tested under undrained conditions 
(Prashant and Penumadu 2004). 

2. BOUNDING SURFACE MODEL 

A very promising class of plasticity-based 
constitutive models for such materials is that 
founded on the bounding surface concept 
(Dafalias and Herrmann 1986).  The prominent 
feature of this concept is the fact that inelastic 

ABSTRACT: In field soil-structure problems the state of stress is typically three-dimensional and rather com-
plex. The numerical simulation of such problems thus requires soil constitutive models that can realistically 
account for complex stress paths and a three-dimensional stress state. 

In this paper the undrained axisymmetric triaxial and true-triaxial response of a remolded illitic clay is simu-
lated using the bounding surface model for cohesive soils. The model predictions are compared to experimentally 
measured values and the results critically assessed. 

Assessment of Model Predictive Capabilities for True Triaxial
Shearing of Clay 

V. N. Kaliakin 
University of Delaware, U.S.A. 
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deformations can occur for stress points within 
or on a bounding surface in general three-
dimensional stress space at a pace depending on 
the proximity of the actual stress point to a 
properly defined “image” point on the surface 
itself. Thus, unlike classical elastoplasticity 
formulations, inelastic states are not restricted 
only to those lying on a surface, thus avoiding 
the abrupt transition between elastic and inelas-
tic response and, consequently, better simulat-
ing the inelastic behavior of soils. 

A model has recently been developed (Ling 
et al. 2002) that attempts to simplify the manner 
in which the anisotropic, time-dependent 
response of cohesive soils is simulated. This 
model combines aspects of earlier anisotropic 
rate-independent formulations (Anandarajah 
and Dafalias 1986) with the time-dependent 
elastoplastic-viscoplastic model for isotropic 
cohesive of (Kaliakin and Dafalias 1990a). The 
model has been verified by comparing numeri-
cal simulations with simple time-independent 
(Dafalias and Herrmann 1986, Kaliakin and 
Dafalias 1989) and time-dependent (Kaliakin 
and Dafalias 1990b) experimental results, 
centrifuge model tests (Shen et al. 1986), and 
through the simulation of boundary value 
problems (Kaliakin et al. 1990; Leidwanger-
Rabis et al. 1995).

More recently the results of several experi-
mental programs involving “non-standard” 
axisymmetric triaxial, true triaxial, and plane 
strain loading conditions were used to investi-
gate the simulative and predictive capabilities of 
the model under more complex loading condi-
tions (Pan 2004; Kaliakin 2005). In this paper 
the model is further verified by simulating the 
undrianed response of an isotropically consoli-
dated, remolded illitic clay

3. TESTING OF GRUNDITE CLAY 

Lade and Musante (1978) performed an ex-
perimental study of the influence of the inter-
mediate principal stress on the stress-strain, 
pore pressure and strength characteristics of 
remolded clay under undrained conditions. 

The soil used in all tests was Grundite clay. 
The particle size distribution of this primarily 
illitic clay indicated that it consisted of about 
equal amounts of silt and clay size particles. 
Atterberg limit tests gave a liquid limit (LL) of 

54.8% and a plastic limit (PL) of 24.7%. Lade 
and Musante (1978) did not report the specific 
gravity (Gs) of Grundite clay. However, in their 
experimental study of the same soil, Kondner 
and Horner (1965) reported a value of Gs equal 
to 2.74 (they also reported values of LL and PL 
equal to 54.5% and 26.0%, respectively, which 
are very close to the values of Lade and 
Musante). Consequently, this value was used to 
compute initial values of void ratio for all 
numerical simulations reported herein. 

3.1. Description of Testing Program 

All specimens of Grundite clay used in Lade 
and Musante’s study were produced from slurry 
with a water content of 90%. The uniform slurry 
was consolidated in a double draining con-
solidometer at a vertical pressure equal to 0.1 
kg/cm2 (9.80 kPa) smaller than the final iso-
tropic consolidation pressure to be used in the 
subsequent tests. After consolidation, specimens 
were thoroughly remolded to eliminate the 
inherent anisotropy due to the initial K0 consoli-
dation. Specimens with the respective shapes 
were next rimmed, installed in the testing 
apparatus, and consolidated isotropically at 98.0 
kPa, 147.0 kPa, and 196.0 kPa, corresponding 
to water contents of 34.4, 31.9 and 30.1%, 
respectively. For a value of Gs equal to 2.74 it 
follows that the associated values of initial void 
ratio (ein) are 0.943, 0.874, and 0.825. With the 
exception of axisymmetric triaxial compression, 
Lade and Musante (1978) presented experimen-
tal results only for a confining stress of 147.0 
kPa. Before embarking on the actual testing 
program, Lade and Musante (1978) performed a 
series of consolidated-undrained compression 
tests in order to investigate the effects of lubri-
cated end plates, strain rate and specimen shape 
on the behavior of Grundite clay. It was deter-
mined that, if lubricated plates were employed, 
the results were not significantly affected by the 
strain rate used. 

Following the above preliminary tests, three 
series of consolidated-undrained tests were 
performed in a cubical triaxial apparatus. This 
apparatus was designed to permit application of 
three unequal principal stresses to a cubical 
specimen (Lade 1978). The side dimensions of 
the specimen were 76 mm. Each test in the 
series was conducted with constant confining 
pressure σ3. The horizontal and vertical deviator 
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stresses were increased proportionally until the 
specimen failed. The ratio b between the devia-
tor stresses was maintained constant in each 
test. For each consolidation pressure the values 
of b used in the tests were chosen so that the 
failure surface, the stress-strain relations, and 
the pore pressure response could be determined 
over the full range of the intermediate principal 
stress.

Lade and Musante (1978) noted that the re-
sponse of specimens of remolded Grundite clay 
was essentially isotropic. The strengths of test 
specimens with b-values equal to 0.95 (i.e., near 
triaxial extension, for which b = 1.00) were 
approximately the same whether they failed 
horizontally or vertically. 

3.2. Determination of Model Parameters 

In their paper, Lade and Musante (1978) do not 
show consolidation data for Grundite clay. As 
such, the model parameters λ and κ were 
determined from the work of Kondner and 
Horner (1965). In particular, the coefficient of 
consolidation Cc was found to be 0.357. This 
corresponds to a value of λ = Cc /2.303 =0.155.
Since Kondner and Horner (1965) did not show 
a rebound curve, the value of κ was estimated 
as 0.050. The resulting ratio κ/λ = 0.320 is 
identical to that determined by France and 
Sangrey (1977) for a similar illitic clay with 
liquid limit equal to 57% and a plasticity index 
of 31%. 

The determination of the slope of the critical 
state line (failure envelope) in triaxial compres-
sion (Mc) and extension (Me) requires the values 
of the effective friction angle for both states. In 
the case of triaxial compression, Lade and 
Musante (1978) obtained effective friction 
angles cφ ′  of 30.6, 28.2 and 27.4 degrees for 
consolidation stresses of 98.0 kPa, 147.0 kPa, 
and 196.0 kPa, respectively. The average of 
these values is 28.7 degrees, which corresponds 
to a value of Mc = 1.143. In two true triaxial 
tests near extension (b = 0.95), Lade and 
Musante (1978) obtained effective friction 
angles eφ ′  of 30.6 and 31.8 degrees for a con-
solidation stress of 98.0 kPa. The average of 
these values is 31.2 degrees, which corresponds 
to a value of Me = 0.883. The ratio Me/Mc is thus 
equal to 0.77. For the similar illitic clay tested 
by France and Sangrey (1977), this ratio was 
equal to 0.76. 

Poisson’s ratio was assumed to equal 0.20 
for Grundite clay. The choice of this value is 
guided by past experience with modeling clays. 

Since the specimens of Grundite clay were 
purported to be normally consolidated, the 
bounding surface shape parameter R would 
normally be determined from the three 
undrained triaxial compression tests (i.e., for 
b = 0.0) at consolidation stresses of 98.0 kPa, 
147.0 kPa, and 196.0 kPa. However, a plot of 
the associated undrained stress paths (Figure 1) 
showed that these more closely resembled ones 
for lightly overconsolidated specimens. While 
this is likely due to the fact that the soil was 
repeatedly remolded, it nonetheless requires that 
these tests be modeled as slightly overconsoli-
dated. Consequently, the overconsolidation ratio 
was numerically estimated to be approximately 
1.5. This ratio was maintained in all of the 
numerical simulations of Grundite clay.

Since the specimens are lightly overconsoli-
dated, the magnitude of the projection center 
parameter C influences the simulations. From 
the shape of the undrained stress paths for the 
three tests at b = 0.00 it was determined that a 
value of C equal to 0.20 was appropriate. 
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Figure 1. Comparisons of Simulated and Experimen-
tal Undrained Stress Paths for Grundite Clay (Lade 
and Musante 1978) in Triaxial Compression (b = 
0.00)

A value for the shape hardening parameter 
associated with triaxial compression (hc) was 
determined by best matching the experimental 
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results for b = 0.21 and 0.40. The value for the 
shape hardening parameter associated with 
triaxial compression (he) was determined by 
matching the experimental results for b = 0.95. 
As in the case of many other soils, the remain-
ing two shape hardening parameters (a and w)
were taken equal to 1.2 and 5.0, respectively. 

3.3. Assessment of Model Predictions 

Using the aforementioned parameter values 
in conjunction with the Dafalias-Kaliakin 
version of the bounding surface model, the true 
triaxial tests of Lade and Musante (1978) were 
predicted numerically. Since, in the course of 
this work these parameter values were not 
changed, it follows that the resulting numerical 
values are indeed predictions (as opposed to 
simulations). These predictions are shown in 
Figures 2 to 6. Following actual experimental 
procedure, in each predictions the axial strain ε1
was increased, as was the level of intermediate 
principal stress σ2. In all cases, the minor 
principal stress σ3 was maintained constant. 
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Figure 2. Comparison of Predicted and Experimental 
Normalized Principal Stress Difference for Grundite 
Clay (Lade and Musante 1978). 

In Figure 2 the predicted normalized princi-
pal stress difference, i.e., (σ'1 – σ'3)/ σ 'c (where 
σ'c is the consolidation stress), is compared to 
experimentally measured values. From this 
figure it is evident that the normalized principal 
stress difference has largely been underpre-
dicted. Although the difference between nu-
merical and experimentral results could be 

reduced by using a larger slope for the critical 
state line, this would not be consistent with the 
measured values of effective friction angle. In 
addition, the experimental values of normalized 
principal stress difference reach a peak value 
and then soften. In its present form, the 
Dafalias-Kaliakin model cannot account for 
such softening. 

In Figure 3 the predicted principal effective 
stress ratio, i.e., (σ'1/σ'3, is compared to experi-
mentally measured values. From this figure it is 
evident that although the model largely simu-
lated the increase in the effective stress ratio, 
the subsequent decrease (where applicable) was 
not captured. Nonetheless, the overall predic-
tions are deemed to be quite acceptable. 
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Figure 3. Comparison of Predicted and Experimental 
Effective Stress Ratio for Grundite Clay (Lade and 
Musante 1978). 

In Figure 4 the predicted normalized excess 
pore pressure, i.e., u/ σ'c, is compared to ex-
perimentally measured values. The overall 
agreement is seen to be quite good, with only 
the decrease in pore pressure not being cap-
tured.

In Figures 5 and 6 are shown the compari-
sons between the simulated and experimental 
variations of principal strains. From Figure 5 it 
is evident that the agreement between numerical 
and experimental values for intermediate 
principal strain ε2 is excellent for b = 0.00 and 
for b = 0.95. For the value of b in between these 
extremes, the agreement is worse, particularly 
for b = 0.70. In this case, the numerical values 
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are first expansive and only then compressive. 
The agreement between numerical and experi-
mental values for minor principal strain ε3
(Figure 6) is much better than for the for ε2.
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Figure 4. Comparison of Predicted and Experimental 
Normalized Excess Pore Pressure for Grundite Clay 
(Lade and Musante 1978). 

4. CONCLUSION

The results of experimental studies of Lade 
and Musante (1978) for Grundite clay were 
used to investigate the simulative and predictive 
capabilities of the bounding surface model for 
cohesive soils under somewhat complex loading 
conditions. In particular, consolidated undrained 
axisymmetric triaxial tests were first simulated 
in order to determine values for the model 
parameters. These values were next used to 
predict the undrained true triaxial response of 
the same clay for four different values of the 
deviator stress ratio b. Overall, the model 
simulations and predictions agreed favorably 
with experimental results. This gives further 
evidence of the robust predictive capabilities of 
the bounding surface model for cohesive soils. 

This notwithstanding, the model requires 
further verification for overconsolidated and 
anisotropically consolidated specimens that 
more closely resemble those found in the field. 
In addition, it is likely that the critical state 
based failure criterion presently used needs 
modification, and a material softening must be 
accounted for in a more rational manner. 
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Figure 5. Comparison of Predicted and Experimental 
Intermediate Principal Strains for Grundite Clay 
(Lade and Musante 1978). 
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Figure 6. Comparison of Predicted and Experimental 
Minor Principal Strains for Grundite Clay (Lade and 
Musante 1978). 
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1. INTRODUCTION 

The clay under structures if soft and saturated 
will undergo large amount of settlement under 
imposed loads. The main part of this settlement 
is consolidation settlement that can be estimated 
by using the soil characteristics such as initial 
void ratio (

0
e ), compression index ( cC ), re-

compression index ( rC ) and overconsolidation 
pressure ( pσ ′ ).

The consolidation or oedometer test is ex-
pensive and time-consuming. For this reason, in 
some projects number of this test is decreased. 
So, it is important to use some convenient 
experimental relationships to predict the settle-
ment indexes of clay based on physical proper-
ties. We can find these relationships in the 
literature but most of them are suitable for 
special regions or soils. 

The objective of this paper is to find a mul-
tivariate linear model for predicting compres-
sion index of Rasht clay in Iran that will be 
more accurate than those reported in the geo-
technical literature. 

2. COMPRESSION INDEX AND 
EMPIRICAL RELATIONSHIPS 

Compression index is the slope of e versus 
logσ ′ curve that can be determined directly 
from the oedometer test in laboratory. The 
typical values of cC  for some soils are listed in 
Table 1. 

As reported in the literature, compression 
index ( cC ) is related to some properties of soil 
like Atterberge's Limit (LL, PL, PI), initial void 
ratio (

0
e ) and natural water content ( nw ). Some 

of these relationships are presented in Table 2. 

3. STUDY AREA 

The study area, Rasht, is a city located in the 
north part of Iran and the biggest city of Guilan 
state by a distance of about 30 Km from the 
southern of the Caspian Sea. It falls within 
moderate climate that has had the mean value of 
1351.4 mm annual rainfall and the mean mini-
mum and maximum annual temperature of 
11.2 o c and 20.5 o c, respectively (Islamic 
Republic of Iran Meteorological Organization,  
www.Irimet.net).

ABSTRACT: The main objective of this paper is to find a multivariate linear model for predicting compression 
index of Rasht clay in Iran using some experimental data including 9 index properties of Rasht clay. The current 
experimental relationships just include maximum two parameters of clays to predict cC  and most of them are 
regionally applicable. Using the Pearson bivariate correlation revealed key model parameters in predicting cC .
Among 9 parameters, natural water content, activity, initial void ratio, liquidity index and clay fraction play 
more important roles in such a prediction. Then, several multivariate linear models with high coefficient of
correlation suggested. Models M1 and M2 have high coefficient of correlation of 0.913.The K- S test confirmed 
normality conditions for measured and estimated values of cC  from models M1 and M2. Using the cumulative 
probability approach proved the accuracy of the proposed models comparing with current equations. 
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The surface geology includes alluvial depos-
its that belongs to Cenozoic and contains clays, 
silts, gravels and in some area cobbles (Arabani 
et al., 1995 and Sadat et al., 1992). It can not be 
found a certain profile all over the city (Kasani 
and Eslami, 2002) and it can be divided in to 7 
regions (Iran Khak Consulting Engineers, 
2003).

Generally speaking, Rasht clay is normally 
to relatively overconsolidated (OCR=1.1 to 
2.75). Major clay minerals are illite and kaolin-
ite and its activity is in the normal range and has 
low to medium volume change potential. The 
value of undrained cohesion ( uC ) varies 
between 0.02 to 0.16 MPa (Kasani and Eslami,
2002).

Table 1. Typical Values of cC (Holtz and Kovacs, 1981) 

Soil cC
Normally consolidated medium sensitive 
clays 0.2 to 0.5 

Chicago silty clay (CL) 0.15 to 0.3 
Boston blue clay (CL) 0.3 to 0.5 
Vicksburg buckshot clay(CH) 0.5 to 0.6 
Swedish medium sensitive clays(CL-CH) 1 to 3 
Canadian Leda clays(CL-CH) 1 to 4 
Mexico City clay(MH) 7 to 10 
Organic clays(OH) 4 and up 
Peats(Pt) 10 to 15 
Organic silt and clayey silts(ML-MH) 1.5 to 4 
San Francisco Bay Mud(CL) 0.4 to 1.2 
San Francisco Old Bay clays(CH) 0.7 to 0.9 
Bangkok clay(CH) 0.4 

Table 2. Correlations between cC  and Soil Properties Reported in the Literature 

Equation Regions of applicability Reference Eq.
No

)10(009.0 −= LLCc
Undisturbed inorganic clays of low to 
medium sensitivity ; 4<tS , 100<LL

Terzaghi and Peck 
(1967) (1)

)7(007.0 −= LLCc  Remolded clays As summarized by 
Azzouz et al. (1976) (2)

)13(01.0 −= LLCc  Clays As reported by 
ASCE (1994) (3)

)35.0(15.1 0 −= eCc  Clays As summarized by 
Azzouz et al. (1976) (4)

)5.0(75.0 0 −= eCc  Soils of very low plasticity As summarized by 
Azzouz et al. (1976) (5)

)27.0(3.0 0 −= eCc
Inorganic, cohesive soils ; silt, some 
clays, silty clay ; clay 

As summarized by 
Azzouz et al. (1976) (6)

)25.0(4.0 0 −= eCc  -- As summarized by 
Azzouz et al. (1976) (7)

)34.0003.0(4.0 0 −+= LLeCc  -- As summarized by 
Azzouz et al. (1976) (8)

nc wC 015.0=  Organic soils, peats, organic silt and clay As summarized by 
Azzouz et al. (1976) (9)

325 135.11093.51066.17 −− ×−×+×= nnc wwC Chicago clays As summarized by 
Azzouz et al. (1976) (10)

74PICc =  -- Kulhawy and Mayne 
(1990) (11)
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4. MATERIALS AND METHODS 

Experimental data from 6 sites at different 
place has been used. We have concentrated on 
24 samples that included all the result of oe-
dometer tests and other soil index parameters 
such as initial void ratio ( 0e ), activity (A),
liquidity index (LI), plasticity index (PI),
liquidity limit (LL), plastic limit (PL), natural 
water content ( nw ), clay fraction (CF) and 
effective stress at that depth in nature (ES). It
should be noted that this research is limited to 
the depth of 10 m. 

5. RESULTS AND DISCUSSION 

Statistical analysis has been used to identify 
key model parameters. Then several multivari-
ate models have been obtained. The best model 
has been tested for goodness-of-fit with a non-
parametric statistical test with the aid of SPSS 
package and checked for the validation by mean 
of a graphical statistical method called "Cumu-
lative Probability Approach". 

5.1. Pearson bivariate correlation 

The Pearson bivariate correlation has been 
used to identify the parameters play significant 
role in predicting the compression index ( cC ).
The dependent variable is cC  and the independ-
ent variables are all measured Rasht clay prop-
erties. The results are shown in Table.3. From 
the results, However, natural water content ( nw )
is well correlated positively with cC (Pearson 
correlation coefficient of 0.839) and A, 0e , LI
and CF rate the next ranks but, none of the clay 
parameters can precisely estimate cC . So, the 
multivariate linear regression has been done to 
reveal some new models with higher correlation 
coefficient (R).

5.2. Modeling with Multi-Predictor Linear 
Regression Method 

Multivariate statistical methods prepare the 
opportunity of using several predictors rather 
than one predictor to have a more accurate

estimation. For a set of n predictors 1x , 2x , …,
nx , the estimated value y gets the form of 

equation (12): 
nn xxxy ββββ ++++= ...22110                     (12) 

Where 0β is constant and 1β , 2β , …, nβ are
coefficients that represent contribution of 
variables 1x , 2x , …, nx , respectively. It should 
be noticed that the set of predicted y assumed to 
have the normal distribution and should be 
tested for that purpose. 

Eight proposed models with high correlation 
coefficient (R) are shown in Table.4. We can 
see that the best models are those include all 
variables (models M1 and M2).

5.3. The Kolmogorov- Smirnov test for good-
ness- of - fit

The Kolmogorov- Smirnov non-parametric 
test (K- S test) has been used to reveal that 
whether both measured and estimated cC from
the models M1 and M2 follow a specific distri-
bution or not. 

The basic premise of this test is to compare 
the maximum discrepancy between the experi-
mental and theoretical frequencies. If the 
maximum discrepancy is larger than normally 
expected for a given sample size, the theoretical 
distribution is not acceptable for modeling the 
underlying population; conversely, if the dis-
crepancy is less than a critical value, the theo-
retical distribution is acceptable at the pre-
scribed significance level ofα .

Table.5 shows the results of K- S test. It is 
obvious that measured and estimated cC  from 
the models M1 and M2 have P-value equal to 
0.934, 0.846 and 0.919, respectively which are 
much greater than 05.0=α . Moreover, the 
maximum absolute difference for measured and 
calculated cC  from the models M1 and M2
(0.110, 0.125 and 0.113, respectively) are less 
than the corresponding critical value at 5% level 
of significance. Therefore, both measured and 
estimated data satisfy the normality conditions. 

405



Table 3. 2-Tailed Pearson Correlation between cC  and other Rasht Clay Parameters 

cC
0

e  A LI PI LL PL nw  CF ES 

cC  1          

0
e  0.544 **  1         

A -0.661 **  -0.589 **  1        

LI 0.550 **  0.577 **  -0.423 *  1       

PI 0.137 -0.277 -0.023 -0.347 1      

LL 0.093 -0.272 -0.007 -0.564 **  0.940 **  1     

PL -0.053 -0.128 0.033 -0.777 **  0.345 0.643 **  1    

nw  0.839 **  0.824 **  -0.644 **  0.669 **  -0.017 -0.058 -0.120 1   

CF 0.489 *  0.330 -0.704 **  0.088 0.616 **  0.575 **  0.201 0.467 *  1  

ES -0.131 0.077 -0.167 0.037 -0.474 *  -0.427 *  -0.112 -0.113 -0.133 1 
** Correlation is significant at the 0.01 level (2- tailed).

*  Correlation is significant at the 0.05 level (2- tailed). 

Table 4. Multivariate Models for Predicting cC  for Rasht Clay Using the Database 

No Model  R
M1 ESCFwPLPILIAeC nc 121.0002.0018.0008.0003.0197.0170.0236.0277.0 0 +−++++−−−= 0.913
M2 CFwPLPILIAeC nc 002.0018.0007.0003.0186.0173.0238.0249.0 0 −++++−−−= 0.913

M3 CFwPLPIAeC nc 002.0025.0001.0002.0179.0270.0198.0 0 −+++−−−= 0.908
M4 CFwPIAeC nc 002.0025.0002.0179.0267.0185.0 0 −++−−−= 0.907
M5 nc wAeC 026.0100.0331.0246.0 0 +−−−= 0.900

M6 nc weC 030.0301.0430.0 0 +−−= 0.879
M7 2324 1007.7108.2104 −− ×−×−×= nnc wwC 0.841

M8 nc wC 020.0400.0 +−= 0.839

Table 5. One Sample K- S Test for Measured and Estimated cC

Measured cC Estimated cC
M1

Estimated cC
M2

N 24 24 24 

Normal Parameters ba ,             Mean 
Std.

Deviation

0.1717
0.08985

0.1579
0.08158

0.1489
0.08121

Most Extreme Differences               Absolute 
                 Positive
                  Negative

0.110
0.110
-0.096

0.125
0.125
-0.082

0.113
0.113
-0.081

Kolmogorov- Smirnov Z 
Asymp. sig.(2- tailed) 

0.539
0.934

0.614
0.846

0.554
0.919

a. Test distribution is normal. 
b. Calculated from data. 
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5.4. Comparing the proposed models with 
empirical relationships  

In order to study validation of the proposed 
multivariate linear models, estimated cC using
these models and empirical relationships are 
plotted versus measured values in Fig. 1. The 
figure shows distribution of the data points 
around the equality line and also reveals that the 
data point of M1 and M2 are better scattered 
around the equality line than others. So the 
models M1 and M2 are more precise than 
others.

Comparison will provide more insights 
when the values are plotted versus a cumulative 
average, called '' cumulative probability''. In this 
method, for a set of N observations 1y , 2y , …, 

ny , arranged in ascending order, the  m-th value 
is plotted at the cumulative probability of  

1+N
m . The value of

cm

ce

C
C  at %50=p  probabil-

ity is a measure of the tendency to overestimate 
or underestimate the cC . The closer a ratio to 
unity, the better the agreement will be achieved. 
Also, the slope of the line throughout the data 
points is a measure of the dispersion. The flatter 
the line, the better general agreement will be 
achieved (Ang and Tang, 2007).

Fig. 2 shows the plot of 
cm

ce

C
C  versus cumula-

tive probability for new and current relation-
ships. Fig.2 demonstrates that the lines through-
out the data point of M1 and M2 are flatter than 

others and their relevant values of  
cm

ce

C
C  at 

%50=p  probability are 0.89 and 0.83, respec-
tively. However, for equations (6) and (10) 
these values are 0.89 and 0.99, respectively and 
are very precise. But the lines throughout their 
data points have a bit more slopes and are 
getting far from the horizontal line of unity 
at %68=p . So the models M1 and M2 are more 
precise than others. 

6. CONCLUSION 

An important parameter in calculating consoli-
dation settlement of clays is compression index 
that is measured directly from the oedometer 

test. This test is expensive and time-consuming. 
So, we can use some convenient experimental 
relationships to predict the settlement index 
based on physical properties.
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Figure1. Estimated versus measured cC  for Rasht 
clay.
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Figure2. Comparison of the relationships predicting 
compression index of Rasht clay using the cumula-
tive probability approach. 

Using 24 set of experimental data including 
9 index properties of Rasht clay belonging to 6 
different sites in the city, the following results 
can be emphasized on: 
1. Most of the current experimental relation-

ships just include maximum two parameters 
of clays to predict cC  . 

2. These equations usually are regionally 
applicable. Equations (6) and (10) among 
the others are reasonable. 

3. Using the Pearson bivariate correlation 
revealed key model parameters in predict-
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ing cC . Then, 8 multivariate linear models 
suggested using these key parameters. 

4. Models M1 and M2 have high and equal 
coefficient of correlation of 0.913. 

5. The K- S test confirmed normality condi-
tions for measured and estimated values of 

cC  from models M1 and M2.
6. Using the cumulative probability approach 

proved the accuracy of the proposed models 
comparing with current equations. 
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1. INTRODUCTION

For the purpose of the design of the Corridor Vc 
motorway which, on its section through Sla-
vonia, connects the Republic of Croatia with 
Hungary in the north, and with Bosnia and 
Herzegovina in the south, over 2000 meters 
length of soil was interpreted using cone pene-
tration tests with pore pressure measurements 
(CPTU).

The geotechnical investigation programme 
included following: borehole drilling with 
standard penetration testing (SPT) and coring, 
taking of disturbed and undisturbed soil 
samples, laboratory testing of physical and 
mechanical properties of soil, cone penetration 
testing with pore pressure measurements 
(CPTU) and, to a lesser extent, flat dilatometer 
testing (DMT). 

In order to facilitate and improve interpre-
tation of cone penetration tests performed on the 
motorway route, calibrations of CPTU data 
were conducted using laboratory test results. 

Here, only a typical CPTU profile obtained 
in overconsolidated silty clay formation is 
presented. On the location, that was chosen as 
typical and representative of the wider Djakovo 
town region, a cone penetration test was 
performed next to an exploratory borehole. 

CPTU results are interpreted based on 
results obtained by laboratory testing of 
undisturbed samples extracted from the 
borehole situated 2 m away. Physical, strength, 
deformation and consolidation characteristics of 
soils subjected to testing are estimated based on 
cone penetration test data. The CPTU estimated 
soil properties and properties determined by 
laboratory tests are compared. 

2. TEST LOCATION 

The test location is situated near town of 
Djakovo. The lithological structure of this 
terrain is formed of overconsolidated clay and 
silty sand of loessial origin. The typical strati-
graphic soil profile is formed of inorganic, 
solid, overconsolidated and silty clay of me-
dium to high plasticity, found in the zone from 
the ground surface down to 15 to 20 m depth. 
Silty sand layers, 3 to 5 m in thickness, lie 
below these clay formations. From the geotech-
nical view, these layers are favourable for 
foundations of structures and for road construc-
tion purposes. 

The soil profile is presented in Figure 1. 
During the CPTU testing and borehole drilling 
the ground water level (GWL) was at 
approximately 2.4 m below the ground surface. 
The natural moisture content in soil (wo) ranges 

ABSTRACT: A case history on the interpretation and calibration of CPTU data using the laboratory test results 
is summarised. The CPTU testing was performed in a specific site near Djakovo in Croatia, in overconsolidated 
silty clay formation. CPTU results were interpreted based on results obtained by laboratory testing of undis-
turbed samples extracted from the borehole drilled 2 m away from the CPTU test location. The physical and 
mechanical properties of the soil are estimated using appropriate empirical CPTU correlations which have been 
successfully adapted to local conditions. 

A case history on the interpretation of CPTU data using laboratory
test results 

B. Kavur, I. Vrkljan, D. Milakovic, N. Stambuk Cvitanovic 
Civil engineering institute of Croatia, Zagreb, Croatia 
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from 20 to 30 percent, i.e. it is close to plastic 
limit (wp). The void ratio ranges from 
approximately 0.6 in a more overconsolidated 
clay to approximately 0.9 in softer clay at about 
3 m depth. The dry weight of soil varies from 
approximately 14 to 17 kN/m3 in keeping with 
the change in porosity. The clay content varies 
from approximately 20 to 60 %, and an average 
grain size (D50) ranges from 0.001 to 0.01 mm. 

Figure 1. Soil profile at the test location near 
Djakovo, Croatia. 

The preconsolidation pressure (p’c) shown in 
Figure 1 was estimated by the Casagrande 
method from the oedometer test results and 
vertical stress (σvo, σ’vo) was estimated based on 
the density of undisturbed samples. 

3. INTERPRETATION OF CPTU DATA 

The cone penetration test was performed in 
accordance with the procedure specified in the 
"International Reference Test Procedure for the 
Cone Penetration Test (CPT) and the Cone 
Penetration Test with pore pressure (CPTU)", 
so called the IRTP (ISSMGE, 1999). The 
properties, geometry and dimensional tolerance 
of the measuring probe, rods, measuring system 
and penetration apparatus are compliant with 
requirements defined in Section 4 of the IRTP. 

According to its characteristics, the 
measuring equipment is compliant with 
requirements for the test class 1, type D. The 
measured parameters are: cone tip resistance, 
friction and pore pressure. The probe tilt angle 

is an additional measured parameter during 
penetration. The location of the pore pressure 
sensor is compliant with the so-called u2
position.

Penetrations were carried out using a 
crawler-mounted penetrometer with the push-
down force of up to 200 kN, which depends on 
anchoring conditions.

The CPTU profile obtained at the test 
location is presented in Figure 2. As the dry and 
hard crust was found at top below ground 
surface level with a thickness of 0.8 m 
approximately a predrilling was made down to 
0.8 m depth at which actual penetration started 
until reach 12.2 m depth approximately. At this 
depth the penetration was stopped as the 
anchors started to give way at the total push-
down force of approximately 160 kN.

A borehole was drilled 2 m away from the 
CPTU test location. Seven undisturbed samples, 
100 mm in diameter and 400 mm in average 
length, were extracted from the borehole. A care 
was taken to obtain good quality samples. In 
addition disturbed samples were taken for 
classification tests as well as some small 
samples for soil moisture testing. 

The calibration of CPTU was conducted 
using laboratory test results. The following tests 
were performed on undisturbed samples: 
unconfined compression test, direct shear test, 
oedometer test and laboratory vane test in order 
to determine sensitivity (St) of the clay. Soil 
properties determined in laboratory and soil 
properties estimated from CPTU data, are given 
in Figure 3. 

The overconsolidation ratio was estimated 
based on the corrected total cone tip resistance 
(qt), using the following correlation: 

vo

votqkOCR
'σ
σ−= ,  (1) 

For the soil at the test location the OCR was 
estimated using coefficient k of 0.25. Powell et 
al. (1988) indicate that the coefficient k ranges 
from 0.2 to 0.5, and that greater values of this 
coefficient may be used for highly overconso-
lidated clays. In our case, the coefficient k
varied from 0.2 to 0.3 in all studied area. 

Senneset et al. 1982, propose the use of the 
so called "effective" cone tip resistance in the 
undrained shear strength interpretation. In this 
case the effective resistance is defined as the 
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difference between the cone resistance and the 
measured pore pressure u2. The undrained shear 
strength curve (su), shown in Figure 3, is 
estimated as follows:

ku

vot

ku

net
u N

uq
N

uq
s Δ−σ−=

Δ−
= )( ,  (2) 

Figure 2. CPTU profile at the test location near 
Djakovo, Croatia. 

The coefficient Nku = 15 was selected for the 
estimation of the undrained shear strength (su)
as shown in Figure 3. In all area covered by 
these investigations, the coefficient Nku varied 
from 12 to 15 in overconsolidated silty clay 
formations.

The curve of clay sensitivity (St) shown in 
Figure 3 was estimated based on the previously 
calculated undrained shear strength (2) and 
friction (fs) measurements, according to the 
following correlation: 

s

su
t f

NsS = ,  (3) 

The coefficient Ns = 9 was selected in the 
estimation of clay sensitivity (St) as shown in 
Figure 3. 

The curve of the modulus of compressibility 
(M), shown in Figure 3, was estimated by 
correlation (4) for stresses below the 
preconsolidation pressure, as suggested by 
Senneset et al. 1982: 

)( votineti qmqmM σ−== ,  (4) 

Senneset et al. 1989, recommend that the 
coefficient mi values ranging from 5 and 15 be 
used for the majority of clay types. The 
coefficient mi = 5 was selected for the 
estimation of the modulus of compressibility 
(M) shown in Figure 3. In all area studied, the 
coefficient mi varied from 5 to 8 in overconso-
lidated silty clay formations. 

The undrained shear strength curves (su)
presented in Figure 4 were estimated by means 
of two correlations and by different cone 
coefficient (Nk) values. The curve of the 
undrained shear strength (su) obtained by the 
above mentioned correlation (2) is marked by 
the solid line. The two (su) curves are 
interpreted using the correlation (5) (Senneset et 
al. 1982, Schmertmann, 1975). At that, two 
different cone coefficient values: Nkt = 15 and 
20 are used. 

kt

vot
u N

qs σ−= ,  (5) 

Figure 3. Soil properties derived from CPTU data 
and laboratory test results at the test location near 
Djakovo, Croatia. 

The correlation (2) should be avoided in 
cases when the difference (qnet-Δu) is small, 
such as in soft normally consolidated clay 
formations, as it is prone to errors.  In such 
cases, the undrained shear strength can better be 
estimated using correlations based on measured 
values of the generated pore pressure (Lunne et 
al. 1997). 
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Figure 4. The undrained shear strength derived from 
CPTU data at the test location near Djakovo, Croatia. 

Table 1 is summarizing the values of coeffi-
cients used at the test location and all area 
studied.
Table 1. Summary of coefficients used in studied 
area

Coefficient k mi Ns Nku Nkt
Djakovo
region 0.25 5 9 15 20 

All area 
studied 0.2-0.3 12-15 - 5-8 15-20 

At the test location, the pore pressure 
dissipation test was conducted at the depth of 7 
m. Data obtained during the dissipation test 
were interpreted according to the method 
proposed by Houlsby and Teh, 1988.  The value 
of the horizontal consolidation coefficient ch
estimated in this way amounts to approximately 
15 m2/year. The vertical consolidation coeffi-
cient amounting to about 5 m2/year, was deter-
mined by Casagrande method in oedometer on 
the sample extracted from the depth at which 
the dissipation test was performed, and at the 
effective stress value approximately correspo-
nding to in-situ conditions. 

4. CONCLUSION

The calibration and interpretation of CPTU was 
conducted using laboratory test results. The 
appropriate empirical correlations are success-
fully adapted to local conditions.

In spite of the fact that the soil tested was 
highly overconsolidated, lower values (0.2 to 
0.3) of the k coefficient range (Powell et al. 
1988) were used to estimate the overconsolida-
tion ratio (OCR). Also, lower values (5 to 8) of 
the mi coefficient range (Senneset et al. 1989 ) 
were used to estimate the modulus of com-
pressibility (M). 

In general, a good fit of parameters was ob-
tained between the soil properties determined in 
laboratory and those estimated from CPTU data 
at the test location. 
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1. INTRODUCTION

The notion of soil expansiveness in 
geotechnics is usually related to a definition of 
swelling, Chen (1988). As is well known, soil 
expansiveness encompasses the more general 
phenomena of swelling and shrinkage, 
Przysta ski (1991).

Shrinkage – is a process of reducing soil 
volume as a consequence of pore water loss; it 
is a characteristic property of cohesive soils 
with significant content of clay-like fraction. 

The swelling of cohesive soils is a process 
which is opposite to shrinkage.

From a practical point of view, expansive 
soils are soils that show an increase in the 
initial volume in contact with water and shrink 
as a result of drying. A characteristic feature 
here is differentiated phases of shrinkage and 
swelling that always accompany changes in 
humidity.

In the literature relating to classification of 
expansive soils, e.g. Chen (1988), Seed et al. 
(1962), Sorochan (1974), van der Merwe 
(1964) and others, attention is chiefly paid to 
the swelling process. In the classifications, the 
following indicative features are used in the 
first place: liquid limit – wL, contractility limit 
– ws, plasticity index – Ip = wL - wp, soil 
humidity index – wo,  specific surface – S. 

In practice, there are few clay  
expansiveness classifications that introduce 
shrinkage parameters as classification criteria, 
e.g. Holtz (1959), Rangantham and 
Satanarayana (1965), Niedzielski (1993). In 

Polish soils the expansiveness classification 
developed by Niedzielski, the so called 
contractility range (wL – ws)  (%) was 
introduced to characterise shrinkage. Four 
expansiveness stages were distinguished on the 
basis of the range:

• very high  (wL – ws) > 50 %,
• high 35 < (wL – ws) < 50,
• medium 20 < (wL – ws) < 35,
• low (wL – ws) < 20. 

From an engineering point of view, the  
occurrence of the substratum shrinkage phase 
after the swelling phase is the most dangerous 
for constructions. Shrinkage brings about a 
post-consolidation settlement of expansive 
clays which in Poland’s geotechnical 
conditions are the principal cause of nearly all 
construction failures, Fig. 1.

Fig. 1. An example of a construction failure 
resulting from the swelling-shrinkage cycle. 

ABSTRACT: The paper presents the expansive properties of tertiary clays of the Pozna  series that form the 
foundation stratum of Northern Poland. The phases of swelling and shrinkage of expansive clays were analysed 
as a function of humidity changes. Functional relationships were determined. Expansive clays of Northern 
Poland are classified as soils of a very high degree of expansiveness due to the contractibility range (wL – ws) = 
82.1% > 50 %. In the natural condition, they are half-compact or, at most, rigid-flexible. The examination results 
of volumetric changes in clays in shrinkage and swelling phases make it possible to determine the range of
dislocations of the foundation-expansive substratum contact zone at a free swelling or shrinkage.

The shrinkage and swelling of Northern Poland’s expansive clays
M.K. Kumor, L.A. Kumor 
Geotechnical Department, University of Technology and Life Sciences, Bydgoszcz, Poland. 
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Therefore, it is very important to specify 
joint characteristics of expansive clays as 
including both swelling and shrinkage. The 
shrinkage of clays occurs seasonally, usually in 
summer and in autumn, during tree vegetation 
or after large-scale area drainage, e.g. when a 
new drainage system has been laid.

2. EXPANSIVE CLAY CHARACTERISTICS

The building substratum surface zone in 
Central European conditions is exposed to 
specific factors, e.g. those related to climate, 
atmosphere, anthropopressure, etc. Highly 
dispergated clays with expansive properties are 
particularly sensitive to the impact of these 
factors. Expansive clays, typical to nearly half 
of Poland’s territory, are represented by tertiary 
deposits of the Pozna  series. They form the 
substratum in the area of the Polish Lowland, 
Fig. 2. 

Clays are characterised by a high variability 
of graining and mineralogical composition. The 
mineral with strong expansive properties, i.e. 
beidelite, montmorillonite prevails in the 
mineralogical composition. The contents of 
clayey minerals are as follows: 

- smectite: 11 % to 23 %, with the 
exchangeable ion Ca++, Na+,

- illite: 5 % to 9 %, 
- kaolinite: 6% to 11 %, 
- other minerals, chlorite, silica. 

The thickness of the Pozna  series usually 
does not exceed 20 m in Poland.

 In Poland, the areas of occurrence of 
tertiary clays of the Pozna  series are 
characterised by a slight overlayer of quaternary 
formations over the Tertiary, Kumor (1993). 
From above, usually a thin (0 to 1.4 m) layer of 
new deposits occurs that covers the basic 
complex of tertiary formations.  The Tertiary 
has been exposed mainly along erosive river 
valleys of the Vistula, the Odra, the Brda, the 
Drw ca and the Warty. It is developed in the 
form of mio-Pliocene mottled clay (Pozna
series clays), locally washed away and broken, 
Fig. 2.

Fig. 2. Occurrence of expansive soils in Poland.

2.1. Expansive clay properties 

The clays of the Pozna  series are 
characterised by expansive properties that are 
atypical in comparison with other genetic clays 
of Poland’s region, Kumor (2006), Niedzielski 
(1993). Characteristic features of an expansive 
substratum in the natural condition are high 
cohesion (strength) and low compressibility. In 
the general opinion, these are soils with 
favourable geotechnical properties, basically 
half-compact or, at most, rigid-flexible. Below, 
expansive indices values as typical for the 
Pozna  series in Poland are presented (Table 1).

Table 1. Same parameters of Polish expansive clays. 

Parameter Max. Medium Min. 
Swelling time  tp (h) >340 24 - 36 6 - 8 

Swelling pressure pc
(kPa)

1200 200-400 ~12 

Shrinkage v o [%] 44.1 32-34 ~5 
Swelling humidity 

wc[%]
137.0 80-99 38.2 

Shrinkage limit ws[%] 18.5 13.7 12.8 

Liquid limit wL [%] 148.5 82.1 45.6 

Swelling index vp [%] 62.0 ∼21.7 5.6

The expansive indices of clays are not 
constant, they depend on temperature and 
increase as temperature rises, e.g. a swelling 

Zone of expansive clays 

414



index 18 % higher was obtained as the 
temperature rose from +20 to +55o C. 

Expansive clays of Northern Poland can be 
classified as very highly expansive due to the 
contractibility range (wL – ws) = 82.1% > 50%.

In real geological conditions, there are 
always differentiated, genetic zones of irrigated 
or dried soils. These problems naturally impede 
the execution of foundation works. The 
photograph shows a spatial open excavation 
where clays simultaneously dried in local zones 
and irrigated in others have been found, Fig. 3.

Fig. 3. The view of the typical system of clays in the 
gout of the large building excavation with extremely 
diverse proprieties, simultaneous drying - the nearer 
zone, and irrigating - the background. 

Fig. 4. The granular disintegration of dry clay in 
natural conditions, after 24 hours. 

An example of destruction of expansive 
clay in the excavation bottom is the situation 
when under the influence of natural drying, a 
macro-disintegration of the clay massif is 
initially noticed, then a volumetric shrinkage 
and a further granular disintegration of the 

massif leading to the occurrence of breccia, 
Fig. 3, 4 and 5.

It follows from the presented photograph 
that the process of clay drying (shrinkage) is 
characterised by a volumetric shrinkage and the 
occurrence of a breccia structure with numerous 
separated grains and deep shrinkage fissures. 
One of geotechnically undesirable effects is a 
locally differentiated rigidness and 
deformability of such substratum. By 
monitoring the foundation settlement (upon 
uniform loading), differences ranging from Δs = 
= 0.0 mm (a dried zone) to Δs = 30.0 mm in 
humidified clay zones, Fig. 3.

Fig. 5. The natural process of clay drying after 
exposure of the excavation's bottom, (after 2 hours) 
the superficial macrodisintegration fully developed. 

Detailed examination of the shrinkage and 
swelling phases of expansive clays, as 
presented in this paper, were conducted from 
the constructional substratum of the city of 
Bydgoszcz situated in the northern region of 
Poland.

Expansive clays from Bydgoszcz are 
characterised by extremely high numerical 
values of expansive parameters against a 
background of other tertiary clays in Poland. 
They should be classified in respect to the 
contractibility range (wL – ws) = 82.1% > 50 %, 
as very highly expansive soils.

2.2. Shrinkage phase examination

The soil contractibility examination is a 
determination infrequently performed for 
practical purposes. The volumetric shrinkage 
(Vs) of expansive clay was examined according 
to the following rule: 

50 mm 

50 mm 

415



Vs = (V’ – V’’) / V’      (%)  (1) 

where:
V’ – soil sample initial volume [cm3],
V’’ - final volume of the sample after drying 

[cm3].

Typical results of the shrinkage progress are 
presented in Fig. 6 and in Table 2.  

Fig. 6. A typical progress of expansive clay shrinkage 
over time. 

Table 2. Shrinkage parameters of the expansive clays 

Parameter Max. 

Shrinkage time ts (h) 50 -96 
Volumetric shrinkage Vs [%] 23-24  

Shrinkage limit ws[%] 18.2-18.9 

The shrinkage examination results reveal losses 
in the massif volume and a high sensitivity of 
expansive clays to changes in humidity in a 
short time after the start of drying, see: Fig. 5 
and Fig. 6.

The volume loss ΔVs, for the shrinkage 
phase of the expansive clay in the region of 
Northern Poland can be determined by means of 
formula 2: 

ΔVs =  0,783 * (wo – wk)   at   wk > ws (2)

where:
w0 – initial humidity, [%]
wk – final humidity [%].

From a practical point of view, it is 
important to learn the volumetric shrinkage 
values. The form of the function between 
relative volumetric shrinkage (Vs) and humidity 

is linear for expansive clay, with statistical 
significance R2 = 0.9545: 

Vs = -3,5731 + 0,783 * w    (3) 

where:
Vs – relative volumetric shrinkage [%],
w – humidity, > ws [%].

In the process of drying and with humidity 
lowered by the value of -Δw = (wo – wk), the 
volume of the relative volumetric shrinkage is 
important for forecasting post-consolidation 
settlements of newly erected buildings, as well 
as for preventing failures in buildings used for 
many years. It follows from observations made 
by Gor czko, Kumor (2004), Kumor (1992, 
2006) that differences in actual shrinkage 
settlements under a damaged building amount 
to tens of millimetres, Fig. 1. 

The parameters describing the shrinkage 
process, as well as swelling, are individual 
material features of each expansive soil. 

2.3. Swelling phase 

The swelling parameters of expansive clays 
were examined using methods applied in soil 
mechanics laboratories. The following values 
were measured: swelling humidity -wc, swelling 
index – Vp, according to Vasiliev, swelling 
pressure – pc, in a consolidometer, swelling 
time - tp. Exemplary testing results are 
presented in Table No. 3 and in Fig. 7 and 8.

Table 3. Swelling parameters of expansive clays 

Parameter Value 

Swelling time tp (h) >340 

Swelling pressure pc (kPa) 1200 
Swelling index Vp [%] 44,1 

Swelling humidity wc[%] 137,0 
Shrinkage limit ws[%] 18,5 

Laboratory test – shrinkage Vs= f(t) 
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Fig. 7. Dependence of the swelling index - Vp, on the 
expansive clay swelling time - t.

Fig. 8. Progress of the expansive clay swelling 
pressure in time. 

Characteristics obtained of the progress of 
potential volumetric change in the examined 
clays in relation to the humidity condition are 
presented above, Fig. 9. The dependence 
between the swelling index and humidity can be 
written down in a general form:

             Vp =  f(w)                               (4) 

where: Vp – swelling index,

            Vp=(hk – ho) : ho                      (5) 

         w – humidity.

The function form of the potential 
expansiveness change characteristics for the 
examined clay with statistical significance    
Rxy = 0.912 is as follows: 

Vp = 3E-05w3 + 0,011w2 + 0,102w - 5,867   (6) 
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Fig. 9. Dependence of the swelling index – Vp, on the 
swelling expansive clay humidity - w.

The characteristics of dependence of the 
swelling index in relation to humidity, as 
presented in Fig. 9, allows one to determine the 
progress and expansiveness phase 
characteristics as well as changes in clay 
deformation values during swelling. Knowing 
the final swelling humidity of a particular clay 
wk, and anticipating the direction of the 
humidity change on the basis of initial humidity 
wo, we know that one expansiveness phase will 
occur, i.e. (+Δw) – humidity increase – swelling 
phase, when (-Δw) - drying – shrinkage phase.

Having the characteristics of potential 
volumetric changes in relation to humidity as 
determined experimentally for a particular type 
of clay, one can relatively easily forecast in 
practice the range of substratum displacements. 

A potential increase in the swelling clay 
volume can be calculated from the obtained 
relationship (6) in the following form: 

ΔVp = Vp (wo) – Vp (wk)                    (7) 

For the case of humidity increase by value 
Δw = (wo – wk), we will determine a positive 
swelling index – (+ΔVp) in relation to the 
positive condition on the basis of the swelling 
phase characteristics. 

In the clay shrinkage phase, during the 
swelled massif drying, we obtain from the 
characteristics and calculations made according 
to formula (7), a negative value (-ΔVp) – 
shrinkage, in relation to  the initial state after 
the completed swelling, with humidity wo.

Laboratory test – swelling pressure pc = f(t) 

Time (h)) 
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3. ENDING AND CONCLUSIONS 

The results of the presented studies of 
volumetric changes of expansive clays in 
shrinkage and swelling changes point to the 
practical need for studies of displacements in 
the foundation-expansive substratum contact 
zone at free swelling or shrinkage.

The results obtained enable forecasting 
building behaviours in relation to determined 
natural fluctuations in the expansive substratum 
humidity. They can be also useful for proper 
interpretation of geotechnically caused failures 
of buildings founded on expansive clays. 

On the basis of already conducted 
expansiveness studies (25 cases) one can predict 
that for other clays, material differences are 
related only to the range of limit values, i.e. the 
limit of swelling contractibility and humidity (R 
– space), swelling index and swelling pressure, 
Kumor (2006). 

When analysing the results obtained for 
numerical values of expansiveness parameters 
for the Pozna  series tertiary clays from the 
northern part of Poland (the city of Bydgoszcz), 
one can describe them as very cohesive, with a 
very high and extremely high plasticity as well 
as a very high and extremely high swelling, 
Niedzielski (1993). They point to the necessity 
for very careful forecasting of dislocations of 
buildings when they are founded in Pozna
series clays.
The presented results point to the need for 
determining characteristics of potential 
expansiveness for various types of clays, 
depending on humidity, swelling pressure as 
well as the time and chemistry of the 
environment.
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1. INTRODUCTION

The last few years have seen dynamic develop-
ments of the Warsaw City, involving the con-
struction of many high-rise buildings, pavement 
roads and extension of subway lines. Recently, 
after the UEFA decision on the organization of 
the EURO’2012 Cup jointly by Poland and 
Ukraine, the need for construction of playing 
fields and sport infrastructure is receiving 
considerable attention. Therefore, numerous 
planned investment projects require geotechni-
cal data documenting the variation of soils 
found in the subsoil, soil parameters and the 
history of subsoil deposits. This type of docu-
mentation, referred to geotechnical documenta-
tion or geotechnical mapping, may be sub-
divided into two categories: general mapping 
and local mapping (M ynarek 2007). General 
mapping, concerning the entire area of Warsaw, 
is commonly known. Unfortunately, local 
mapping, much more useful for designing 
engineers, to date has not been developed. Local 
mapping requires extensive in situ investiga-
tions using different methods, including geo-
physical techniques. 

This paper presents test results obtained for 
the recognition of geotechnical conditions at the 
experimental Stegny site in Warsaw using two 

geophysical techniques: seismic (SCPT) and 
electrical resistivity (RCPT) measurements. The 
studied area is located within the Warsaw 
Basin, composed of Upper Cretaceous deposits, 
developed as marls and high plasticity clays, 
classified in the very high expansion potential 
group of soils, with swelling pressure values 
from 200 to 500 kPa and swell index values 
higher than 7% (Garbulewski et al. 2007). The 
index properties of clays at the Stegny site are 
listed in Tab. 1.

Mapping of clay formations requires test 
methods applicable to a detailed detection of the 
clay layers location in the subsoil profiles. This 
paper focuses on the usefulness of seismic and 
electrical resistivity measurements to study the 
distribution of expansive clay layers in subsoil 
deposits and to determine some clay properties. 

Table 1.  Physical properties of the tested soils 

Parameter Unit     Value 
Content of clay % 32.0-80.0 
Density of solids [ s] Mg/m3 2.67-2.75 
Dry density [ d] Mg/m3 2,00-1.95 
Porosity [n] % 33.0-48.0 
Liquid limit [wl] % 43.0-75.0 
Plastic limit [wp] % 25.0-38.0 
Plasticity index [Ip] % 23.0-38.0 
Activity [A] - 0.75-1.25 

ABSTRACT: Due to the widespread presence of expansive clays, geotechnical conditions in the Warsaw region
may be classified as complex and difficult with regard to earthworks and foundation engineering facilities 
designed within the Warsaw City development project. In order to detect the expansive clays at the experimental 
Stegny site, located in the southern district of Warsaw, extensive investigations have been undertaken, including
two geophysical techniques: seismic (SCPT) and electrical resistivity (RCPT) measurements. According to the 
test results obtained, it can be concluded that both applied techniques are very useful to estimate the distribution 
of clay deposits and some of their geotechnical parameters. 

Seismic and electrical resistivity cone penetration tests of Warsaw
clays

Lech M., Bajda M., Garbulewski K. 
Warsaw University of Life Sciences – SGGW, Department of Geotechnical Engineering, Warsaw,
Poland
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2. SEISMIC MEASUREMENTS 

There are several kinds of geophysical tests that 
can be used for the delineation of stratigraphy 
and determination of soil parameters. Recently, 
techniques, which are the combination of 
standard geotechnical tests with the geophysical 
module, have been used in the field. Figure 1 
presents an overview of techniques to define 
shear and compression wave velocities and 
includes: crosshole and downhole tests in the 
classical geophysical version, surface analysis 
of seismic waves (SASW), seismic cone 
(SCPTU) and seismic flat dilatometer (SDMT). 

Figure 1. Field methods for the determination of 
wave velocities (after Schneider et al. 1999) 

The combination of seismic measurements 
and standard penetration tests has made a 
significant improvement to the CPTU test. The 
measurement of shear wave velocity gives the 
possibility to obtain the initial shear modulus of 
soil at a very low strain level. Knowledge about 
the G-modulus is important in practical geo-
technical solutions, particularly in the prediction 
of soil structure interaction (LoPresti et al. 
1999, Bajda 2002, Stokoe et al. 2005, 
Markowska-Lech 2006). The shear wave 
velocity is calculated from the fundamental 
relationship:

t
hVs =  (1) 

where: Vs – shear wave velocity [m/s], t – travel 
time of seismic waves between the transmitter 
(hammer) and the receiver (geophone), or in the 
case of SCPT with two geophones – travel time 
from 1st (upper) to the 2nd (lower) geophone [s], 

h – distance between transmitter and receiver 
(geophones) [m]. 

Elastic wave theory relates the small strain 
shear modulus (G0) using: 

2
s0 VG ⋅ρ=   (2) 

where: G0 – initial shear modulus [MPa], ρ – 
soil mass density [Mg/m3], Vs – shear wave 
velocity [m/s]. 

SCPT and RCPT cones (Fig. 2) have the ad-
vantage of providing continuous shear wave 
velocity and resistivity measurements in combi-
nation with all traditional CPTU data. During 
standard cone penetration tests the following 
parameters are usually measured: cone resis-
tance qc, sleeve friction resistance fs and pore 
pressure u (optionally).

Figure 2. Schematic diagram of SCPTU and RCPTU 
cones

The modern seismic cone is equipped with 
two geophones located at the distance of 1 m, 
which permit to measure shear wave velocity in 
a one-meter layer. During each SCPTU test, the 
cone penetration is stopped every 1 m and the 
shear wave is generated from the ground sur-
face. When the impulse arrives to the upper 
geophone, the oscilloscope starts and the im-
pulse which is running to the lower geophone is 
recorded. The travel time obtained from the 
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oscilloscope readings and the distance between 
the geophones allow to estimate the shear wave 
velocity from (Eq. 1) 

3. ELECTRICAL RESISTIVITY 
MEASUREMENTS

In situ electrical resistivity measurement is 
shown in Fig. 3 and includes classical geo-
physical vertical profiling or tomography, time 
domain reflectometry and cone penetration test 
with a resistivity module.

Electrical resistivity of soil is a function of 
both the resistivity of pore fluid (ρf) and soil 
particles (ρb) (Keller and Frischknecht 1966). 
Most soils are principally composed of silicate 
minerals, which are electrical insulators and 
carry no current. In porous materials, the current 
is mainly carried by ions in pore solutions. The 
electrical resistivity is then determined by 
various factors including: soil type, water 
content, degree of saturation, pore fluid prop-
erty and temperature (Abu-Hassanein et al. 
1996, Lech 2006). 

Figure 3. Field methods for the determination of 
electrical resistivity of soils 

In porous materials (e.g. soils, weathered 
rocks) there is an empirical relationship estab-
lished by Archie (1942), between the ratio of 
the bulk and pore fluid resistivity (called the 
formation factor) and the porosity. The relation-
ship, called Archie’s law is: 

m

f

bSAT naF −⋅=
ρ

ρ
=  (3) 

where: F – formation factor [-], bSAT – electri-
cal resistivity of soil in fully saturated condi-
tions [Ω·m], f – electrical resistivity of fluid in 
pore spaces [Ω·m], n – porosity [-]; a, m – 
empirical constants (“m” varies between 1.4 for 
quartz sand and 3.0 for sodium montmoryllonite 
(Atkins and Smith 1961, Jackson et al. 1975). 

The resistivity cone is equipped with a mod-
ule made from two electrodes separated by 
insulators. The measuring system of the pene-
trometer enables registration of electrical 
conductivity (δ [S] = 1/R [Ω]) within the range 
of 0 to 400 mS. The measurement is carried out 
with AC current at the frequency level of 2000 
Hz. To determine the soil electrical resistivity 
(in Ω·m), calibration tests were carried out in a 
chamber using different concentrations of 
potassium chloride solutions. The RCPTU test 
results were recorded by van den Berg Touch-
Screen data acquisition system 

4. IN SITU INVESTIGATIONS 

The in situ tests were carried out at the experi-
mental site located in the southern district of 
Warsaw in the Vistula River valley. The strati-
graphy consists of Quaternary deposits devel-
oped as fine and medium dense sand layers of 
thicknesses not exceeding 7 m, underlain by 
overconsolidated Pliocene clays. The free 
groundwater table is at a depth of 3.2 m (Bajda 
and Lech 2004). 

Cone penetration tests (SCPT and RCPT) 
were carried out using HYSON 200 kN hydrau-
lic equipment in 11 profiles to the depth of 
about 15 m – SCPT tests in 6 profiles and 
RCPT tests in 5 profiles. 

In this paper selected results from in situ 
investigations are presented. Figure 4 shows 
examples of SCPT and RCPT test results in the 
form of continuous soil profiles of cone resis-
tance qc, friction ratio Rf, sleeve friction resis-
tance fs, electrical resistivity ρb and shear wave 
velocity Vs.

There is a visible difference between sand 
and clay on these graphs. Values of cone resis-
tance for sand vary from about 8 MPa to 25 
MPa while for clays – from 2 MPa to 5 MPa. 
The type of soil can be classified using friction 
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ratio Rf. It sharply increases from 1 to 8 at the 
depth of about 4.2 m and separates sands and 
clays.

Similarly as the cone resistance and friction 
ratio results, the resistivity and shear wave 
velocity plots show differences between particu-
lar soil layers. In Fig. 4 the resistivity values for 
sands are relatively higher than for clays. The 
presence of fine particles in clays causes the 
decrease of resistivity due to the presence of 
conducting clay minerals and the increase of 
specific surface area (in clayey soils electrical 
conduction takes place on the surfaces of 
electrically charged clayey minerals and is 
known as surface conduction). Values of elec-
trical resistivity for sands are in the range of 
about 100 and 1000 Ω·m. At a depth between 3 
and 4.2 m its value decreases to 20 Ω·m due to 
the influence of the groundwater table. Electri-
cal resistivity of clays does not exceed 10 Ω·m.
The values can become slightly lower (about 4 
Ω·m) between 7 and 13 m. The degree of 
saturation is equal to one and these clays proba-
bly contain more of the clayey fraction than at 
other depths. 

Fig. 4 shows a significant difference be-
tween the values of shear wave velocity at the 
depth of about 4 m due to the effect of soil type 
changes and the influence of the groundwater 
table. Values of shear wave velocity for sands 
exceed 500 m/s and from 150 to 200 m/s in 
cohesive soils (Bajda 2002). It has also been 
noticed that the resistivity plot correlates with 
shear wave velocity, cone resistance and friction 
ratio plots. 

Changes of shear modulus and porosity ob-
tained from in situ tests carried out in the 
Stegny site are shown in Fig. 5. Using (Eq. 1) 
and the measured shear wave velocities, the 
values of initial shear modulus were calculated. 
Values of G0 modulus change simultaneously at 
the boundary between the sandy and clayey 
soils. From 1 to 4 m below the ground surface 
the G0 values oscillate around 1000 MPa and 
from the depth of 4 m it decreases to about 100 
MPa.

In order to compare the shear wave velocity 
and shear modulus, laboratory tests were also 
carried out. Undisturbed test samples of over-
consolidated Pliocene clays were taken from 
Warsaw sites and examined in a triaxial cell 

Figure 4. Cone penetration test results with electrical resistivity and shear waves velocity measurements at the 
Stegny site in Warsaw 
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equipped with bender elements. The shear wave 
velocity from laboratory tests varies between 
120 and 260 m/s, however the calculated values 
of shear modulus are in the range of 80 to 120 
MPa (Markowska-Lech et al. 2007). Compari-
son of values from laboratory and in situ tests 
shows that they are similar, and slightly higher 
values were observed in the case of bender 
element tests (Markowska-Lech 2006). 

Assuming that the clayey soils are fully 
saturated, using Archie’s formula it can be 
shown that the porosity of clays at the Stegny 
site is according to the following formula: 

m
1

bSAT

fan
ρ

ρ
⋅=  (4) 

where: n – porosity [-], ρbSAT – electrical resis-
tivity of soil measured using the RCPT cone 
[Ω·m], ρf – electrical resistivity of fluid meas-
ured using the conductivity meter in laboratory 
[Ω·m] (ρf was found to be 8.3 Ω·m), a and m – 
empirical constants (constants were found on 
the basis of known porosity at several depths of 
clay layers and a = 0.54 and m = 3.0 respec-
tively).

Figure 5. Porosity and shear modulus at the Stegny 
site

The distribution of soil porosity obtained in 
laboratory (Bara ski et al. 2004) and from in 
situ tests is plotted in Fig. 5. The porosity 
values in clay layers vary between 0.3 and 0.53. 
From the depth of 4 to 8 m, porosity calculated 
from RCPT tests is lower than that obtained in 
laboratory, while from the depth of 8 m its 
values are higher.

It should be noticed that the values of poros-
ity obtained in laboratory and calculated from 
RCPTU are very similar. Moreover, for the 
maximum value of porosity the minimum value 
of shear wave velocity and G0 modulus are 
observed.

5. SUMMARY AND CONCLUSIONS 

The RCPT and SCPT cones are a combination 
of standard geotechnical devices with geophysi-
cal modules. These tools provide a simple in 
situ testing methodology and supplied more 
reliable site characteristics. On the basis of the 
obtained test results the following conclusions 
can be drawn:

• Seismic and electrical resistivity tests are 
very useful to estimate the distribution of 
clay deposits, 

• Both techniques can be applied for local 
mapping of sites in urban areas, 

• Shear wave velocity in clays from in situ 
tests oscillates between 150 and 200 m/s 
while that from laboratory tests – be-
tween 120 and 260 m/s, 

• The calculated shear modulus is in the 
range of about 100 MPa from SCPTU 
and between 80 and 120 from laboratory 
tests, respectively, 

• Porosity in clays obtained from in situ 
and laboratory tests varies between 0.3 
and 0.53. 

6. REFERENCES

Abu-Hassanein Z.S., Benson C.H., Boltz L.R. 1996. 
Electrical resistivity of compacted clays. Journal
of Geotechnical Engineering, vol. 122, No 5, 
397-406.

Archie G.E. 1942. The electrical resistivity log as an 
aid in determining some reservoir characteristics. 
Transactions of the American Institute of Mining 
and Metallurgical Engineers, vol. 146, 54-61. 

Atkins E.R., Smith G.H. 1961. The significance of 
particle shape in formation of resistivity factor – 

423



porosity relationships. Journal of Petroleum 
Technology, Vol. 13, 285-291. 

Bajda M. 2002. The use of seismic cone penetration 
testing for estimation of mechanical parameters 
of soils. PhD thesis, Department of Geotechnical 
Engineering, Warsaw University of Life Sciences 
– SGGW (in polish). 

Bajda M., Lech M. 2004. Identification of geological 
barriers at the Stegny site. Proceedings of the 16th

European Young Geotechnical Engineers Con-
ference, 7-10 July 2004, Vienna, Austria, 201-
210.

Bara ski M. et al. 2004. Behavior of Pliocene clays 
from the Stegny site in effective stress condi-
tions. Grant No 5T12B04122, Warsaw University 
(in Polish). 

Garbulewski K., Skutnik Z., Lendo-Siwicka M. 2007. 
Unloading/swelling behaviour of unsaturated 
clay in Warsaw. Proceedings of the 14th Euro-
pean Conference on Soil Mechanics and Geo-
technical Engineering. Madrid, Spain, Vol. 2, 
365-368.

Jackson P.D., Taylor Smith D., Stanford P.N. 1978. 
Resistivity – porosity – particle shape relation-
ships for marine sands. Geophysics, vol. 43, No 
6, 1250-1268. 

Keller G.V., Frischknecht F.C. 1966. Electrical
methods in geophysical prospecting. Pergamon 
Press, Oxford. 

Lech M. 2006. The application of electrical resistiv-
ity method to recognize the groundwater flow 
conditions. PhD thesis, Department of Geotech-
nical Engineering, Warsaw University of Life 
Sciences - SGGW (in Polish). 

LoPresti, D.C.F., Pallara, O., Jamiolkowski, M., 
Cavallaro, A. 1999. Anisotropy of small stiffness 
of undisturbed and reconstituted clays. Pre-
failure Deformation of Geomaterials. Jami-
olkowski, Lancellotta & LoPresti (eds), Balkema, 
Rotterdam: 3-10. 

Markowska-Lech K. 2006. Estimation of deforma-
tion parameters in cohesive soils using seismic 
tests, PhD thesis, Department of Geotechnical 
Engineering, Warsaw University of Life Sciences 
- SGGW (in polish). 

Markowska-Lech K., Lech M., Szymanski A. 2007.  
Estimation of shear modulus from seismic tests 
on Pliocene clays. Numerical Models in Geome-
chanics NUMOG X. Taylor and Francis, 
Balkema: 153-158. 

Schneider, J.A., Hoyos, L. Jr., Mayne, P., Macari, 
E.J., Rix, G.J. 1999. Field and laboratory meas-

urements of dynamic shear modulus of Piedmont 
residual soils. ASCE Geotechnical Special Publi-
cation no. 92, Behavioral Characteristic of Resid-
ual Soils, Charlotte, NC: 12-25. 

Stokoe, K.H.II, Rathje, E.M., Axtell, P.J. 2005. 
Development of an in situ method to measure the 
nonlinear shear modulus of soil. Proceedings of 
the 16th International Conference on Soil Me-
chanics and Geotechnical Engineering, Osaka 
2005, Millpress, Rotterdam: 751-754. 

424



1. INTRODUCTION 

The slopes of the mountain of Medvednica, 
north - west of the capital of Croatia – Zagreb, 
are predominantly unstable partly because of 
the natural conditions and in the last half 
century because of the human activities in 
building the residential structures, 
communication roads, water supply systems, 
gas pipelines and similar structures. In densely 
populated submountain urban zone (Fig. 1) 
there is the biggest concentration of landslides 
and unstable slopes (Fig.2).

Figure 1. Population density in the submountain 
zone.

Figure 2. Distributon of landslides and unstable 
slopes in submountain urban zone. 

Geological and engineering geological 
investigations of the mentioned area with the 
usage of numerous geotechnical reports of the 
previous investigations with more than 3000 
laboratory analyses comprised the area of about 
170 km2.

Broad investigations comprised except the 
engineering geological mapping the soil 
sampling on more than 500 sites for laboratory 
analyses and 200 sampling sited from shallow 
prospector boreholes.

The rocks were identified by identification 
tests (ISRM, 1978b). 200 SPP tests were 
performed on 200 sites, 40 tests with pocket 

ABSTRACT: The article presents the engineering-geological situation north of Zagreb. The engineering 
geological information system was established by means of factor maps: by geological map, by field inclination 
map, by unstable slopes – landslides map and by synthetic engineering geological map. Data bases were set on 
topographic map, scale 1:5000. The aim of the design is the basic knowledge of the area in which different 
infrastructure and residential structures will be built. Engineering geological map presents the landslides 
categorized as unstable slopes, their relationship and changes and processes of erosion type. The emphasis of the 
article is on the connection of the appearance of the instability area and of tectonic movements as triggering 
factor.

Characteristics and genesis of landslides of the urbanized zone of
the Mt. Medvednica 

Ž. Mlinar; Ž. Miklin, D. Jami i

Croatian Geological Survey, Zagreb, Croatia 
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penetrometar and more than 230 tests with 
wane.

Among the laboratory tests there were the 
tests for liquid limit and shrinkage limit, grain 
size distribution and uniaxial compressive test 
strength. Qualitative analysis of samples used 
the method of x-ray diffraction so called RTG 
analysis; different thermal and

thermal gravimetric analyses (DTA-
analyses), SEM-analyses as well as chemical 
and paleontological analyses were made.

Engineering geological investigations 
registered about 700 appearances of unstable 
slopes – landslides and each appearance has the 
fulfilled cadastrial sheet. The cause of slope 
instability is the appearance of erosion process. 
There are four registered types of landslides: 

Initial phase – potential landslide, i.e. the 
starting stage of landslide formation in which 
some basic elements of land sliding are 
noticeable, but the instability in this phase is not 
considered to be landslide (figure 3), active 
landslide; the appearance has all the basic 
elements of a landslide and the process is in 
progress (figure 4). 

The broader area of Zagreb can be divided 
in three macro – zones with special natural 
characteristics. Each is characterized by its 
geology, relief, geodynamic state and 
hydrogeological characteristics and can be 
considered as geotectonic units (Jurak & 
Mihali , 1995). They are tectonically separated 
(figure 4). 

Key: A –well petrified rocks of Neogene and older 
ones; B – loosely petrified and loosely bonded rocks 
of Neogene, plio quaternary clays and terrestrial 
loess; C- Holocene proluvial and alluvial deposits

Figure 3. Schematical cross-section through the basic 
geotechnical units of the area of Zagreb (Jurak, V., 
Matkovi , I., Miklin, Ž., Cvijanovi ,D., 1998.). 

2. ENGINEERING GEOLOGICAL 
SITUATION

Because of the map scale it is not possible to 
present the mentioned division in details but the 
integrated area of the active and potential 
landslide is presented. By means of the office 
data processing the engineering geological 
information system was established so that 
particular landslide can be presented in the scale 
in which the topographical surveying was made. 
The map was made in GIS and has the 
characteristics of the maps from which it was 
made.

The urbanized zone of the mountain 
Medvednica covers the area from the suburb of 
Podsused to the town of Zelina, parallel with the 
strike of its structure. Among the relief elements 
there is the submountain valley and 
approximately vertical to it there are elongated 
ridges strikes mainly north south and partly 
north northwest south southeast. They are 
followed by the mountain brooks flows.  

The investigated area of Medvednica is very 
complex genetically and morphologically. 
Lithological difference is caused by the intense 
tectonic activity as well as by morphological 
development of the area. Because the area was 
seismically very active for a longer period and 
as it was supported by numerous engineering 
geological processes the result was the current 
relief whose formation is going on. The 
stratigraphy of the deposits can be observed 
from Paleozoic up to the present time.

The basic division of the area is the 
engineering geological soil which comprises the 
deposits of cover and underlayer and the 
bedrock. The whole area is divided into three 
main rock types: non coherent soil (silt, sand, 
gravel; M, S, G) coherent soil (clay – C) and 
bedrock (strong clastic rocks – marls, Ms) and 
(strong carbonate rocks (limestones and 
dolomites Ls and D). Metamorphic rocks 
shales, phyllites, slates, mainly of paleosoic age. 

On engineering geological maps the 
thickness of cover was marked. It is mainly the 
weathered zone which changes gradually into 
the area with the overlayer thickness of 2,0 m, 
presented mainly with delluvial deposits – slope 
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deposits. Delluvial deposits become thicker 
from west to east in accordance with the sinking 
of the area structures. 

2.1. Bedrock 

The complex of strong clastic deposits (marls – 
Ms) has important strike in the area of south 
east slopes of the mountain Medvednica. The 
basic a characteristics of these deposits are great 
lithological heterogeneity and anisotropy caused 
be frequent exchange of different lithological 
members with different engineering geological 
properties. Marls are often exchanging with 
limestones, they are easily weathered and sand 
and conglomerates are in the subordinate 
position with them. 

Strong clastic rocks are predominantly of 
tertiary age and somewhat less of paleogene 
age. They are mainly fine clastic deposits, 
clayey and sandy marls (Ms) exchanging with 
sandstones (Ss). In the engineering geological 
sense in the area where the percent of 
“swelling” minerals is increased, the erosion 
processes are specially pointed out. 
Mineralogical analyses show the presence of 
land sliding, creeping, gullying and other types 
of slope instabilities.

Strong carbonate rocks – dolomites (D) are 
mainly huge blocks, rarely bedded, tectonically 
damaged and intersected by numerous joints.  
The western part of the investigated area is 
characterized by the zone of high karst, covered 
with thin loose cover.

In engineering geological sense the strong 
sediment rocks do not present continuum. 

Metamorphic rocks cover the border area of 
investigation. They are represented by with 
rocks of different grade of metamorphism from 
slates, phillites, shales to different kinds of 
shales and marbly limestones.

2.2. Cover 

Cover is made of so called “secondary clay” 
which was formed by disintegration and 
decomposition of rocks (in the processes of 
hypergenesis) opposite from the “primary 
clays” which were formed by depositing in 
water basins. The cover was formed by jointed 
activities of mechanical (disintegration) and 
chemical (decomposition) factors of the rock 

disintegration. There are sedimentary clays, 
formed by weathering of rock on the spot 
(eluvium) and the transported clays which were 
formed by transporting the particles by water, 
ice or gravity (deluvium). 

Transported cover (diluvium) is made of 
clay polluted by additives (silt, sand grains, Fe- 
hydroxides, gypsum, salts etc.) Over 
consolidated clays or over deposited clays can 
be formed by transport or depositing by smaller 
water flow or water flow down the slope (like 
landslide). In this way the colluvial clay is 
formed (colluvium) as the product of 
weathering and repeated sliding. These last 
clays can be little to completely over 
consolidated, depending on the character and on 
the sliding rate. Because of that they have no 
original structure; they are cracked and more or 
less distorted. 

Strong, bonded clastic marly rocks and the 
complexes of different rock types in exchange 
are covered by the cover of different thickness, 
greater tan the thickness of the carbonate rock 
cover. Limestones and dolomites are covered by 
a thin cover of terra rosa and sandy clays or 
they are without the cover with the developed 
karst forms. Clayey deposits of the cover on 
slopes are often unstable.

Sandstones are suitable for forming the 
intense developed relief because of unequal 
weathering and eroding within one and the same 
member. The reasons are different: unequal 
connective substance, texture or mechanical 
damage. Landslides which appear in these 
deposits are connected to the loose cover. 

Carbonate rocks are characterized by great 
stability. The formation of landslides in these 
deposits is very rare. Landslides and unstable 
slopes can appear only there where the 
thickness of the loose cover on slopes is 
considerable. In more suitable conditions 
(direction and the angle of the deposited 
discontinuity, relation to the slope, small values 
of JRC) the appearance of interlayer sliding is 
possible in these deposits. The instabilities are 
connected to relative more non permeable 
deposits of dolomites and marly limestones.
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2.3. Landslides

The main engineering geological processes 
happen in the zone of the weathered bedrock, 
i.e. in clayey cover deposits. The slopes of 
Zagreba ka gora are full with most different 
engineering geological processes.

Instabilities in investigated area are limited 
to landslides, landslips and somewhat less to 
gullying.

The basic activity stages of particular 
landslides were taken into consideration, 
according to (WP/WLI, 1993) and according to: 
A suggested method for describing the activity 
of a landslide (Bulletin no. 47 Paris 1993.).

Figure 4. Prevailing model of slopes in submountain 
zone (Miklin, Ž., Sori , O., Doli , M. 2005). 

Figure 5 Part of the active landslide in Planina Donja 

As the urban area is treated, in which one 
part of landslides was restored and the other has 
different stage of investigation, the landslide is 
divided according to the Bulletin 47 from 1993. 
This division is connected with the graphic 
marks taken over from the "Public Review 

Draft – Digital Cartographic standard for 
Geologic map Symbolization", Aprill 2000 
(PRD-DCsGmS). If a particular landslide is 
presented and processed in the detailed scale, 
the detail of that landslide from the report was 
also presented. The area which is in the phase of 
active or calmed sliding or which is restored 
belongs to the unstable slopes. Each activity on 
the slope (as well as on the restored one) can 
activate it. 

According to the Official Gazette of the 
town of Zagreb “ unstable slopes are the areas 
affected by the sliding in which there are zones 
or failure planes along which the parameters of 
the shear strength had fallen to residual values 
(active and old sliding or registered failure zone 
on slope, of tectonic origin). With the detailed 
geotechnical investigations the conditions for 
the precious area remediation were prescribed 
which included complicated remediation 
measures (draining, filling up, support 
constructions etc.). The remediation of the area 
can be done so that the planned structures are a 
part of the remediation measurements, by which 
the conditions for area remediation would 
contain special geotechnical conditions for 
building the structures. For determination of the 
slope stability in natural conditions, it is 
necessary to find out (or to evaluate) the 
following parameters: the detailed lithological  
composition of sediments in bedrock with the 
belonging geomechanical parameters, the 
thickness of cover and/or the weathering zones 
of the bedrock with their belonging 
geomechanical parameters: the size of the slope 
inclination and the size of the apparent angle of 
the layer inclination in bedrock and the 
character of inclination (up or down the slope). 
The sites can be prepared for building by 
technically very complex, long lasting and 
expensive remediation works. Generally, the
building on such sites should be avoided. In 
order to prevent the expansion of such zones it 
is recommended to perform the necessary 
remediation works (after the remediation works, 
the monitoring with the built in inclinometers is 
necessary to become sure that the slope has 
been stabilized)”. 

The appearance of landslides is caused by 
two factors: preparation factors and the direct 
cause of sliding (triggering factor). The 
formation of landslides is under the influence of 
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material characteristics (lithological structure), 
geomorphological processes (permanent erosion 
of the slope foot), physical processes of 
season’s character and permanently present 
cumulative activities of the inhabitants. They all 
belong to the preparation factors.  The mass 
appearance of landslides can be caused by 
torrent floods of mountain brooks or by intense 
precipitation of the thousand year’s recurrent 
period and the earthquakes. If these conditions 
are satisfied  the break of the slope appears as 
well as sliding. 

2.4. Erosion  

Very important engineering geological element 
is erosion which is closely connected with the 
appearance of landslides. These two 
engineering geological forms supplement each 
other in formation of relief. Concerning the 
erosion there are the splash erosion, depth 
erosion and the mixed one.

The appearance of the splash erosion is 
visible on several places in the investigated 
area. The splash erosion was recorded on one 
site only (Maksimir) and its appearance is 
possible on all the places where the excavations 
are not protected from atmospheric agents. The 
most often represented erosion on the 
investigated place is the depth erosion which 
can be seen in the whole investigated area. 
There are rill erosion, gully erosion and the 
stream erosion. The combination of the splash 
and the depth erosion gives the new one, so 
called the mixed erosion. Concerning the 
intensity of the erosion processes in practice 
there are the three grades of intensity: strong, 
medium and weak erosion. It is clear that 
possible harmful consequences (such as loss of 
soil, appearance of torrents and undesirable 
deposition of erosion material) depend on the 
form and on the intensity of erosion. 

2.3. Inclination maps 

The inclination map of the area is important for 
the continuation of investigation, especially for 
making the map of hazards and risks. The 
inclination map is one of the basic factor maps, 
from which the expression Jsr can be 
obtained, which represents the square root of 
the medium inclination of the area. For the 

production of such map there are four 
categories of inclination: 
-the leveled areas with the inclination from  0-50

-mildly inclined areas with the inclination from 
5-120

-inclined areas with the inclination from 12-320

-steep slopes and upright slopes with the 
inclination  >320    

Figure 6. Inclination map 

For the production of the area inclination the 
program package ARC INFO was used. The 
map was made in the scale 1 : 25.000. 

3. TECTONIC COMPOSITION 

The recent structural tectonic composition of 
the mountain Medvednica was defined during 
the Tertiaty and Quaternary. The regional stress 
was directed approximately north-south. In the 
time of folding of the area, between the rivers 
Sava and Drava the separated blocks moved 
apart along the strike – slip faults, of the left and 
the right character of the tectonic transport. 
With the dominant left strike – slip faults the 
formed structures were considerably raised and 
moved apart. Along the right strike – slip faults 
the movements apart were smaller. On the 
southern slopes of Medvednica, during those 
tectonic processes the erosion of rocks of pre- 
tertiary age was increased, whose products 
accumulated in the depressions formed in the 
zones of the tectonically lowered blocks.  With 
the distance from the Paleozoic rocky massif 
Medvednica the appearance of the active 
landslides decreases because of the decrease of 
the sliding planes inclination. Only potential 
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landslides appear. At the final south east the 
negligible raising of block brought to the 
formation of gullies and to the gullying process. 
In the western part the active landslides are 
more often and dominant in regard to the 
potential ones.  This is the consequence of 
greater inclination of the sliding planes caused 
by the nearness of the fault’s contact with the 
rock of pre-tertiary age and with bending of 
mechanical discontinuity planes in tertiary 
formations.

Figiure 7. Road damage caused by sliding 

4. PRESENTATION 

Interpretative modeling of the natural systems 
which we meet is digitalized and jointed in 
Geographical information System (GIS). The 
formation of such information system includes 
the planned data collection, which enables the 
analysis in all the attributes which can be used 
in solving the concrete problems. As the data 
bases have only “raw” data stored, the detailed 
analysis of data is left. 

Additionally, the data are interdisciplinary 
analyzed and interpreted. The mentioned GIS 
demands the continuous field updating, survey 
and analyses in order the existing data fund to 
be updated, because of the intense building in 
the submountain urban zone the building 
conditions change very quickly. The determined 
problems have yet taken more definitive shapes 
and the aimed investigation works (drilling, 
geophysical investigations) will give answers to 
many questions from the area of the site 
stability, ways of foundation and similar.
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1. INTRODUCTION

A considerable amount of resources (time, 
budget, noise and dust prevention) can be saved 
by integration existing foundation in new 
constructions, also avoiding problems with 
existing underground utilities, infrastructure and 
archaeological heritage. The EC funded 5th

framework project RuFUS has dealt with 
several aspects of foundation re-use, including 
investigation, design, organization, documenta-
tion and insurance. The results have been 
compiled in a best practice handbook (Butcher 
et al, 2006a) and disseminated on an interna-
tional conference (Butcher, 2006b).

Before re-use of foundation can be consid-
ered, existing foundations have to be evaluated 
and assessed carefully. Geometry, integrity and 
durability have to be checked. Figure 2 shows 
required information, possible sources and an 
overview of existing tools to fill the gaps. This 
paper focuses on NDT methods to determine 
geometry and integrity of existing foundations. 

2. BAM TEST AND VALIDATION SITE 
HORSTWALDE

In the frame of the RuFUS project first steps 
were undertaken to set up a test and validation 
site for NDT methods used in civil engineering.

Figure 1. Aerial photograph of the Horstwalde test 
site.

Horstwalde is a 1.2 km² former military training 
site about 50 km south of Berlin currently used 
by BAM for test and certification of explosives, 
fire safety systems or waste containments 
(Figure 1). The glacial sediment in the subsur-
face consist mainly of medium to densely 
layered sands plus lenses of silt, clay or peat. 

Currently besides several test objects related 
to bridges or other infrastructure elements ten 
bored piles (Figure 3) and a foundation slab 
(Figure 4) are available, partially instrumented 
and equipped for several types of NDT meas-

ABSTRACT: Re-use of foundations plays an increasing role in urban redevelopment projects. But before re-use 
can be considered, existing foundations have to be evaluated and assessed carefully. Geometry, integrity and 
durability have to be checked. Several non-destructive methods are available for this purpose and have been 
improved, validated an successfully applied in recent projects. Much work has been done on the BAM test and 
validation site at Horstwalde near Berlin. But there is still a lack of guidelines and proper integration in investi-
gation schemes. 

Non-Destructive Methods for Foundation Evaluation before Re-use

E. Niederleithinger & A. Taffe 
BAM Federal Institute for Material Research and Testing, Berlin, Germany 
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urements. The piles of 60cm diameter have 
different length between 8 to 12 m and have 
been tested with low-strain method as soon as 
possible after pouring the concrete (Niederleith-
inger & Taffe, 2006). Due to the construction 
process the pile length is known with an uncer-
tainty of ±10cm. CEM II Portland composite 
cement C 25/30 with slow compressive strength 
development was used.  

Figure3. Sketch of NDT test slab (section dd shown 
in figure 6) 

Some of the piles have artificial defects made 
either by gravel filled geotextile bags or by 
water injection. Observation boreholes near the 
piles, CSL access tubes and strain gauges allow 
a large variety of experiments. The test site is 
available on a long-term basis for research and 
education, accessible for external partners and 
will be extended by additional elements (e.g. 
secant pile wall, sheet piles) beginning this year.

Figure4. Sketch of NDT test piles 

Figure 2. Information on existing foundations required before re-use. Items dicussed in this paper marked by 
thick boundaries. 

8,5 - 12 m 

flaws

section of 
figure 6 
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3. METHODS

3.1. Ultrasonic Echo 

One of the main tasks in the evaluation of old 
foundation is the determination of slab thick-
ness, integrity assessment and identification of 
additional elements (e.g. piles) below the slab. 
The ultrasonic echo method has been success-
fully used since the mid 1990’s. Recently two 
instrumental innovations have been introduced 
which extend applicability, accuracy and depth 
range: new shear wave sensors working without 
coupling agents, automated scanning systems 
and new data processing methods. 

Figure 5 shows one of the BAM automatic 
scanning systems equipped with a ACSYS 
ultrasonics array working on the Horstwalde 
test slab. 

Figure 5. Automatic scanning system with ultrasonic 
shear wave array working on the test slab. 

Another innovation is making use of  the 
high data density, which can be achieved with 
the new measuring systems. The SAFT recon-
struction technique for ultrasonic echo data 
provides a more accurate and detailed pictures 

of the interior of concrete elements (Krause et 
al., 2003, figure 6). A depth section (“B-Scan”) 
through the Horstwalde test slab is shown in 
Figure 7. The lower boundary of the slab can be 
see clearly (thickness accuracy better than 3%, 
depending on reinforcement), as well as a 
subsequent strip foundation. Two gaps in the 
reflection are marking the positions of two 
piles.

Figure 6: Principle of SAFT reconstruction of 
ultrasonic echo data. The  mesasured reflections are 
focused at true position  to canvel noise an amplify 
relevant signals. 

Under construction sites conditions it is more 
difficult to obtain results as clear as these. But 
several practical projects have shown the 
applicability.

Figure 7: B-Scan (depth section) of SAFT reconstructed ultrasonic data through the test slab (figure 3) 
revealing slab thickness and indicating sub-slab features. Axes (horizontal distance and depth) in mm. 
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3.2. Pile integrity testing 

The well known low strain pile integrity testing 
method introduced several decades ago is still 
one of the methods of choice for quality assur-
ance of new built piles and included in many 
recommendations (e.g. DGGT, 2007). The 
methods can be used as well on old piles, even 
if the superstructure is in place (Niederleith-
inger et al, 2007). At the BAM test site detailed 
investigation and validation measurements have 
been carried out to assess and evaluate the 
accuracy of this method (Taffe, 2007). Main 
limitation is the need for calibration, as the 
speed of elastic waves is not known in most 
cases.

Figure 9: Principle of low strain pile integrity testing 

An important source of problems in the re-
use of piles is the possibility of damages during 
the demolition of the old superstructure (e. g. 
near surface cracks). Another problem may be 
cracking  by extension during unloading in piles 
which are not fully reinforced. It is recom-
mended that all piles considered for re-use are 
checked by integrity testing. 

Figure 7: Pile integrity testing records from Hiscocks 
House, London, UK. Sound pile (top), damaged pile 
(bottom).

Figure 7 shows two pile integrity testing records 
from a construction site in London, UK, on 
piles originally considered for re-use. The upper 
graph reflects the signature of an at least almost 
sound pile, which would be acceptable wuirth 
minor flaws according to German recommenda-
tions (DGGT, 2007). The lower one shows 
signs of near surface damage without toe 
reflection. The piles haven’t been re-used on 
this site. 

3.3. Parallel Seismic Method 

Precise information of pile (or other foundation 
element) length is essential for re-use. In many 
cases the existing information is incomplete or 
unreliable design. The pile integrity testing 
method (section 3.3) deliveres pile length data 
with an error margin of up to 10% if no calibra-
tion data are available. The Parallel Seismic 
Method is able to determine the pile length 
much more accurate and without calibration. A 
hammer stroke is delivered to the pile head and 
the travel times of elastic waves are registered 
in a nearby borehole (Figure 8). The Interpreta-
tion of the resulting diagrams can be done with 
recently developed algorithms (Niederleithinger 
et al. 2005, Liao et al. 2006). 

hammer impact 

hammer impact 

toe reflection 
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Figure 8: Principle of the Parallel Seismic Method. 

Figure 9 shows an application example from 
our test piles at the Horstwalde site. The pile 
length could be determined with an accuracy of 
< 3%.  As boreholes are required, the Parallel 
Seismic Method is much more expensive to 
apply compared to the pile integrity testing 
method. It is recommended to use the method at 
carefully selected places to provide calibration 
data. It can also be applied on sheet piles and 
secant pile walls. 

3.4. Other methods and method selection 

Several other methods are available for specific 
purposes in the investigation process. They have 
specific advances and limitations. Examples 
are:
• Radar (surface and borehole) 
• Mise al la masse 
• induction method 

They are described e.g. in Butcher et al. 
(2006).  At the same place an annex can be 
found with detailed recommendations on 
method selection provided by the authors of this 
paper.

Figure 9: Record and interpretation graph for the 
Parallel Seismic Method. True length of test pile: 
959 m. 

4. INTEGRATION

It is essential to take care about proper integra-
tion of the NDT measurements into the investi-
gation scheme from planning to the final re-
ports. Figure 10 shows the interaction between 
investigation and design as described by 
Butcher et al. (2006). 

Figure 10. Interaction between investigation and 
design (from Butcher et al, 2006). 

As in many cases the NDT specialists are no 
civil engineers or geotechnicians (and the other 
way round) a set of basic rules should be ap-
plied:
• Consider the necessary information required 

already during the design of a re-use project 
• Provide as much information as possible to 

the NDT specialist, including a clear set of 
questions to be answered and the expected 
results

• Don`t expect wonders, NDT methods have 
limitations
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• Perform investigation as early as possible, 
probably before takedown of the old super-
structure

• Get the NDT specialist involved as early as 
possible and have the ready to interpret their 
results together with experienced geotechni-
cians and foundation engineers. 

5. CONCLUSIONS

NDT methods have proven to be useful in 
projects, where re-use of foundations is consid-
ered. In most cases there is no alternative, as the 
old foundations are only partly accessible for 
visual inspection or coring.

NDT methods can deliver reliable data on 
foundation geometry and integrity if the in-
volved partners are aware of the possibilities 
and limitations of the available methods. 

The success of an NDT survey is based on 
the integration into the holistic investigation 
procedures and the cooperation between the 
specialists.

To improve and validate NDT methods a 
test site as the BAM facility in Horstwalde has 
been (and will be) extremely useful.

Some of guidance (Butcher et al. 2006a) and 
case histories (e.g. Butcher et al, 2006b, Nieder-
leithinger et al, 2007) are given in the literature, 
but a lot more work is required to include this in 
standards and guidelines. 
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1. INTRODUCTION

The Northeastern part of Thailand covers an 
area of 170,000 km2. Approximately one-third 
of Thailand’s populations live in this region. 
The general physiography is mainly undulated 
by high plateau. The top most soil layers found 
in all areas is loess layer or wind-deposited soil 
(Fig.1). The thickness of loess ranges from a 
few meters to more than 6 meters. Figure 2 
shows the red loess terrain in the upper part of 
the Northeastern. Thick loess deposits are found 
in high elevation areas including Khon Khon, 
which is one of the biggest economic centers. It 
belongs to the 9 industrial cities of Thailand. 
Because of good location, many infrastructure 
projects have been implemented to this and 
surrounding cities after Vietnam War, like Khon 
Kaen University, hospitals, railway stations, 
airports, highways and industrial factories. This 
research aims as one unit to investigate and 
study the effect of industrial companies to the 
environmental issue of neighboring community. 
Ground and water contamination due to a 
variety of inorganic and organic compounds can 
surely be occurred as a result of leaks of toxic 
and hazardous chemicals from huge industrial 
companies. The sorption value of contamina-
tions such as heavy metal on loess soil is 
investigated and a possible method of reducing 

the rate of contaminated flow into soil is also 
proposed in this study. 

Figure 1. Areas of loess deposits (stippled area) 
in Thailand (after Phien-wej et al. 1992). 

ABSTRACT: This paper was aimed to determine the sorption value of contaminations on soil. The amount of
contaminations sorbed in Khon Kaen loess and illite were measured using batch equilibrium test. Chemical 
analyses were performed with a spectrophotometer. The equilibrium conditions require around 24 hours of
shaking between Khon Kaen loess and zinc. The Zn sorption by illite, loess and illite and loess mixture is non-
linear and Langmuir isotherms are fitting satisfactorily. No sorption was observed with chloride by loess and
illite.

The Contaminated Sorption in Khon Kaen Loess Soil using Batch
Equilibrium Test

P. Punrattanasin 
Research Center for Environmental and Hazardous Substance Management, Khon Kaen University, 
Khon Kaen, Thailand 
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Figure 2. Red loess terrain in Khon Kaen city 

2. EXPERIMENTAL MATHODOLOGY 

Typically more than one chemical may be 
released from leaked hazardous wastes and 
chemicals will travel through the ground and 
water. As a result, contaminated soil and water 
were occurred (Bedient et al., 1994). If the 
contaminant dissolves and flowed from soil into 
water, it will effect to the river water. In this 
study batch equilibrium test is designed as a 
tool to study the equilibrium adsorption of soil 
suspensions with contaminants. In batch test, 
chemical solution and disaggregated state are 
brought into contact. After period of time that 
normally ranges from hours to days, the degree 
of portioning of the chemical between the 
solution and the soil is determined (Fetter, 
1999). The main objective of this test is to find 
the sorption capacity of toxic by loess and find 
out the solution how to decease the rate of 
contaminated flow. Because it is also in abun-
dance below the loess layer so that the sorption 
capacity of chloride by loess was then studied. 
A method of improving ground water quality by 
implementing a remedial measure was also 
developed. The concept of source-control 
measure by reducing rate of permeability of 
contaminant to soil was proposed and devel-
oped. To retard the flow velocity and amount of 
sorption capacity of contaminant, illite was used 
as an admixture to the original loess. Li et al., 
2002 proposed the use of low permeability 
sorbent to retard migration of anionic contami-
nants. 50% of loess and 50% of illite by weight 

were mixed together so that the two units can 
become a new low permeability media. 

3. MATERIAL DESCRIPTION 

In the laboratory tests, engineering properties of 
the loess were firstly investigated. The basic, 
index and engineering properties of Khon Kaen 
loess are tabulated in Table 1. The soil is silty 
fine sand (SM). The loess consists of 65% sand, 
30% silt and 5% clay. 

Table 1. Khon Kaen loess properties 

Properties Khon
Kaen loess 

Soil classification (USCS) SM 
Specific gravity 2.60 
Natural dry unit weight (kN/m3) 15.3 
Natural water content (%) 5 – 12 
Liquid limit (%) 16.0 
Plastic limit (%) 13.0 
Plasticity index (%) 3.0 
Optimum moisture content (%) 10.0 
Maximum dry unit weight (kN/m3) 21.1 
Coefficient of permeability (cm/s) 2.80 x 10-6

Heavy metal chosen in this study was zinc (Zn) 
which was obtained by dissolving zinc nitrate 
hexahydrate and zinc chloride in distilled water.
Zinc nitrate is used for investigated the sorption 
capacity of illite and zinc chloride is used for 
the sorption capacity of the mixture of loess and 
loess and illite. Properties of zinc nitrate are 
shown in Table 2. Zn was chosen as a heavy 
metal because it is one of the heavy metals that 
are frequently a soil contaminant. Selection of 
zinc was also based on its low toxicity and 
relative ease involved in handling, analysis and 
disposal.

Table 2. Properties of zinc nitrate 
Compound used Zinc nitrate hexahydrate 

Formula Zn (NO3)2
. 6H2O

Molecular weight 297.49 g 
Density 2.6065 mg/L 
Solubility 0.5 part water 
pH (100 g/L, 25o C) 2.5 – 5.4 

The illite used in this study has the physical 
properties as shown in Table 3. The illite was 
selected because it neither has very low sorption 
capacity like kaolinite nor has very high sorp-
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tion capacity like bentonite (Tanchuling, 2005) 
thus the results on the illite sorption capacity 
value may be useful to predict its effectiveness 
on rest of the two clay types. 

Table 3. Properties of illite 
Properties Illite 

Specific surface (m2/g) 65 – 100 
Specific gravity 2.6 – 3.0 
CEC (mEq/100g) 10 – 40 
Liquid limit (%) 60 – 120 
Plastic limit (%) 35 – 60 

The equilibrium contact time was firstly deter-
mined and investigated by kinetic batch sorp-
tion tests. As explained in details by Tanchuling 
(2005), a soil: solution ratio of 1:20 by weight 
was used. A solution contained 520 mg/L of 
initial zinc concentration, Co was prepared. A 
constant mass of oven soil powder of 2.5g and 
50 ml of metal solution were added into a set of 
250 ml flasks (Fig.3). The soil solution ratios 
were then agitated for 3, 6, 12, 24 and 48 hours 
by using magnetic stirrers. After particular 
agitation time, the solutions were poured into 50 
ml centrifuge tubes centrifuged for 10 minutes 
and then filtrated through 0.45 micrometer filter 
to separate the solid and liquid solution (Fig.4). 
Liquid solution was then analyzed for zinc and 
chloride concentration by using Hach Spectro-
photometer DR5000. Figure 5 shows the mix-
ture between powders of loess and illite. The 
room temperature was maintained throughout 
the testing period. 

Figure 3. Soil and zinc

Figure 4. The solid and liquid solutions after centri-
fuging

Figure 5. The mixture powders of soil and illite 

4. RESULTS AND DISCUSSIONS 

Two sets of batch equilibrium test were carried 
out with the aim of observing the equilibrium 
contact time of zinc and chloride by loess. The 
results are shown in Tables 4 and 5 for contact 
time of zinc by loess and for contact time of 
chloride by loess, respectively. For loess and 
zinc in Fig.6, the required contact time for 
equilibrium sorption can be said to be suffi-
ciently less than 24 hours of mixing. Thus for 
rest of the batch test 24 hours mixing time is 
considered as equilibrium contact time. For 
chloride and loess in Fig.7, it requires a very 
short time to be in an equilibrium concentration. 
After achieving equilibrium condition if soil 
solution was kept in still state it would not cause 
any sorption or leaching.
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Table 4. Equilibrium contact time of zinc by loess 

Mixing
time

Cinitial

(mg/L)
C or 

Cequilibrium

(mg/L)

Csolid

(mg/g)
Kd

(cm3/g)

3 520 484 0.72 1.48 
6 520 478 0.83 1.73 

12 520 474 0.92 1.94 
24 520 469 1.01 2.16 
48 520 470 1.00 2.12 

Figure 6. Sorption of zinc by loess

Table 5. Equilibrium contact time of chloride by 
loess

Mixing
time

Cinitial

(mg/L)
C or 

Cequilibrium

(mg/L)

Csolid

(mg/g)
Kd

(cm3/g)

3 569 565 0.08 0.14 
6 569 575 -0.12 -0.21 

12 569 568 0.02 0.04 
24 569 570 -0.02 -0.04 
48 569 565 0.08 0.14 

To obtain the sorption values of chloride and 
zinc by loess and mixture of loess and illite, the 
next series of test were then carried out. The 
results of chemical analyzed were plotted 
between sorbed concentration, Csolid versus 
dissolved equilibrium concentration, C or 
Cequilibrium, of solute. Figure 8 shows the sorption 
of chloride with loess and loess illite mixture. It 
is observed that there is almost no sorption of 
chloride by soils.  

Figure 7. Sorption of chloride by loess 

Figure 8. Sorption capacity of chloride by soils 

For zinc sorption with all three soils, the curves 
are in Fig.9. It can be found from the results that 
the lowest sorption of zinc can be occurred with 
loess soil. This is implied that once loess has 
been contaminated, precipitation or flow of 
water to soil will cause all contaminations to 
flow directly into an aquifer below the loess 
layer or to flow mainly into the river nearby the 
loess deposits. The result in Fig.9 also shows 
that the highest sorption of zinc is occurred with 
illite that is a very low permeability media. To 
retard the rate of permeability of contaminant, 
illite and loess mixture can then be used as a 
method of ground-water restoration. The reduc-
tion amounts of contaminations that are from 
the low permeability of loess can cause lesser 
toxics in the aquifer or in the river. All results 
show the non linear relationship between Csolid
and C thus the non linear models were implied 
in the analysis.
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Figure 9. Sorption capacity of zinc by various media 

It has been observed in Fig. 10 that the 
Langmuir sorption isotherms fit quite 
satisfactorily with a minimum correlation 
coefficient, r, of 0.994.

Figure 10. Langmuir isotherms of zinc by soils

Langmuir sorption isotherm has been developed 
on the concept that a solid surface possesses a 
finite number of sorption sites and 
mathematically expressed as

1solid
CC
C

αβ
α

=
+

where α = the adsorption constant related to the 
binding energy (L/mg) and β = the maximum 
amount of contaminant that can be adsorbed by 
the solid (mg/g). To determine the values of α
and β, a relationship of C versus C/Csolid is 

plotted. The determined values of α and β based 
on the calculation from Fig.11 for different 
isotherms are shown in Table 6.

Figure 11. Langmuir isotherm’s parameters 

Table 6. Langmuir isotherm parameters for zinc 

Sorption by α
(L/mg)

β
(mg/g)

Correlation
Coefficient

(r)
Loess 0.0128 4.96 0.995 
Illite 0.0112 1.31 0.994 

Loess and 
Illite

mixture
0.0129 3.39 0.997 

5. CONCLUSIONS

Numbers of factory in Khon Khan City which is 
one of the biggest economic centers of Thailand 
is growing very fast so that soil and water 
contamination can easily be occurred as a result 
of chemicals from industrial companies. This 
research basically presents sorption values of 
contamination on loess soil which can be found 
in the top most layers in all areas. A possible 
method of reducing the amount of toxic in the 
river is also proposed by adding and mixing the 
low permeability media into the original soil. 
The simple batch test can give an estimate for 
the maximum possible amount of contaminant 
that can be sorbed by soils. The following 
conclusions are found based on the experimen-
tal results: (1) The equilibrium conditions 
require around 24 hours of shaking between 
loess and zinc. (2) For chloride and loess, the 
equilibrium contact time was immediately 
occurred after mixing (3) The Zn sorption by 
illite, loess and illite and loess mixture is non 
linear and Langmuir isotherms are fitting 
satisfactorily. (3) No sorption was observed 
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with chloride by loess and illite. (4) To retard 
the rate of permeability of contaminant, illite 
and loess mixture can then be used as a method 
of ground-water restoration. 
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1. INTRODUCTION

Romania is a medium-sized country (23.83 
millions ha), located in the south-eastern part of 
Europe. Geographically, plains and tablelands 
occupy 49.3 percent of the country area, hills 
occupy 30.2 percent, and mountains 20.5 per-
cent.

Being the second largest city of Romania by 
number of inhabitants (after Bucharest), through 
its numerous historical, cultural and economic 
sites, also called "the museum-city", but also as 
an educational and business centre, Ia i is the 
city of Technical University “Gh.Asachi”. 

During the past decade, damage due to 
swelling phenomenon of swelling-shrinking 
clays from Ia i area, Romania, has been ob-
served more clearly in some parts of Ia i where 
rapid expansion of the urban areas led to the 
construction of various kinds of structures.

The relief of Romania varies from high 
mountains to low plains. These categories are 
represented by the Carpathian Mountains, the 
lower basin of the River Danube and the 
Western coast of the Black Sea with the most 
important wetland of Europe – the Danube 
Delta. Various natural resources and a large 
agricultural potential characterize the territory 
of Romania. After the Second World War and

Figure 1. Romania’s geomorphological map 

particularly under the communist government, 
the economic and industrial development of the 
country took place without any concern for 
environmental protection and sustainable use of 
mineral and human resources.

Consequently, Romania faces at present 
numerous difficult environmental problems, 
which require urgent actions for rehabilitating 
the quality of the environment and for improv-
ing the quality of life. Solving or mitigating 

ABSTRACT: In this study, a research program has been conducted to investigate the effect of remoulding and 
desiccation upon the swelling behaviour of swelling-shrinking clay of Ia i, Romania, and its swelling anisot-
ropy, to estimate depth of active zone, to develop a simple technique in determining the magnitude of swelling 
based on water content of the soaked specimen after 24 and 72 h, and to produce predictive models that could be 
used to estimate the swelling potential of swelling-shrinking clays from their mineralogical and simply meas-
ured engineering characteristics. A laboratory testing program was carried out using both undisturbed or re-
moulded and desiccated samples selected from different locations in Ia i area. 

Swelling - Shrinking Phenomena Recorded on Bahlui Clay, Iasi 
County, Romania 

Ancu a Rotaru 
“Gheorghe Asachi” Technical University of Ia i, Romania 
Faculty of Civil Engineering 
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these problems is a large scientific and techno-
logical endeavour, which needs up-to-date 
know-how. Such efforts are surpassing the na-
tional capacity of Romania and thus can only be 
achieved by an efficient international co-
operative programme. 

Ia i City is placed in north-eastern Romania, 
more exactly where the 47o 10' N parallel meets 
the 27o 35' E meridian. Seated on seven hillock 
covering 3,770 ha, its altitude varies between 40 
meters in the Bahlui Meadow, and 407 meters 
in P un Hill. It is the capital of Ia i County, 
with a total area of 5,470 square kilometres, and 
an average altitude of less than 250 meters. On 
the eastern side, Ia i County is neighbouring the 
Republic of Moldova. 

Figure 2. Iasi County in Romania’s map 

From the point of view of the relief, the area 
of the Ia i City lies at the crossing point of two 
important geographical sub-units of the Molda-
vian Plateau: The Moldavian Plain and the Cen-
tral Moldavian Plateau. 

The landscape is dominated by plains, with 
very good agricultural potential, and by low 
hills, whose elevation increase going west, 
where they are to meet the Eastern Carpathians 
mountain chain. Generally, the vegetation and 
wild animals are quite typical to those of Cen-
tral Europe.

The county is especially rich in building ma-
terials (sand, gravel, and limestone), pottery 
clay, as well as mineral waters well-known for 
their medical properties.

The capital city is crossed by Bahlui River, 
one of the county's four main rivers. 

The general climate is temperate continental, 
with hot summers and freezing winters. Here 
are some characteristic values: 
• Annual absolute maximum: 37 ºC; 
• Annual absolute minimum: -19.5 ºC; 
• Rainfall: about 600 millimetres per year. 

The analyzed area is mainly characterized by 
two categories of difficult soils: contractive 
soils and macroporous soils. These two catego-
ries of soils complicate the selection of the loca-
tions and also complicate the design, the execu-
tion and the exploitation of all the buildings of 
the zone. 

2. THE GENESIS AND STRUCTURE OF 
IA I ALLUVIAL DEPOSITS AND 
CLIMATE FACTORS

Crystalline beds and deposits from Quater-
nary, Miocene, Cretacic, and Silurian partici-
pate to the geologic formation of the studied 
area. The relief of the area belongs to Quater-
nary fluvial and diluvial accumulation deposits. 

Ia i City and its surroundings belong to the 
temperate – continental climate. Atmospheric 
dynamics involves the main influences of 
Europe’s north – west and north air – masses, 
with abundant precipitations, those from south – 
east and east originating dry weather and great 
differences between winter and summer tem-
peratures. The thickness of the snow bed is dif-
ferent every year and the storms and hailstones 
are constant meteorological phenomena in Ia i
area, especially in the months of July and Au-
gust.

3. PHYSICAL AND MECHANICAL 
PROPERTIES OF BAHLUI CLAYS 

The observations made in the open holes of 
the studied zone in the summer time indicate 
that foundation soil is made mainly of brown 
plastic clay with thin zones of bluish and yellow 
colour. To -1.10m the plastic clay is stiff and it 
can be digged. From this level to -1.90m the 
colour become darker, with ferruginous zones, 
with concretions of limestone; the clay is very 
stiff and on can hardly dig it. This sector allows 
the influence of the compressive process, real-
ized by repeated dry and wet tests in clays. Be-
tween -1.90 and -2.40 meters the colour be-
comes brown – black with ferruginous and blu-
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ish zones. Between -2.40 and -3.20 meters the 
water content keeps almost constant; the clay is 
stiff, yellow with bluish – ferruginous zones, 
and has plastic consistency. The natural water 
content varies from 28% to 43%.

Table 1. Bahlui clay: plasticity and grain-size 

The results of the geotechnical index classi-
fication are presented in Tables 1 and 2. 

Taking into account the plasticity 
(Casagrande line A), the Ia i clay is a high-
plasticity inorganic clay. 

The grain - size distribution and composi-
tion classify this soil as plastic clay, with a clay 
fraction between 61% and 82%.

 This classification is also approved by the 
ternary diagram, which presents it as plastic 
clay.

Natural unit weight:   1.67 g/cm3 – 1.69 g/cm3;
Dry unit weight:       1.23 g/cm3 – 1.35 g/cm3;
Porosity:        5.1% – 55.6%; 
Degree of saturation: 0.701 – 0.984. 

Table 2. Bahlui clay: s and physical indices 

s Physical indices 

Le
ve

l

Pic. Gr. g u n

B
or

e

Sa
m

pl
e

m g/cm3 g/cm3 % 
e S

1 1.0 2.75 2.69 1.69 1.31 52.4 1.10 0.701 
2 1.5 2.72 2.69 1.74 1.40 51.1 1.04 0.783 
3 2.0 2.83 2.69 1.74 1.24 56.3 1.29 0.880 
4 2.5 2.76 2.69 1.76 1.30 52.7 1.11 0.875 

S1

5 3.0 2.74 2.69 1.89 1.23 55.2 1.23 0.810 
1 1.0 2.74 2.70 1.76 1.25 54.4 1.19 0.936 
2 1.5 2.76 2.70 1.82 1.33 51.8 1.07 0.937 
3 2.0 2.77 2.70 1.82 1.35 51.4 1.05 0.962 
4 2.5 2.79 2.70 1.82 1.33 52.5 1.10 0.912 

S2

5 3.0 2.81 2.70 1.87 1.40 50.3 1.01 0.936 
1 1.0 2.83 2.70 1.77 1.25 55.9 1.27 0.959 
2 1.5 2.80 2.70 1.78 1.26 54.6 1.20 0.984 
3 2.0 2.76 2.70 1.75 1.23 55.6 1.25 0.948 
4 2.5 2.74 2.70 1.78 127 53.4 1.15 0.949 

S3

5 3.0 2.77 2.70 1.82 1.33 52.7 1.09 0.982 

Many soils contain clay minerals that absorb 
water when wet (making them swell), and lose 
water as they dry (making them shrink). This 
shrink-swell behaviour is controlled by the type 
and amount of clay in the soil, and by seasonal 
changes in the soil moisture content (related to 
rainfall and local drainage). Whilst cracking is 
an obvious surface effect, it is not always 
realised that the fissures may penetrate to a 
depth of 3 m, and exceptionally, can reach 10 m 
below the ground surface.

Swelling processes being a consequence of 
wetting processes, the water absorbed by the 
hydrophilic swelling body is followed by heat 
of absorption. Taking into consideration the 
heat of wetting amounts used for very active 
clays recognition (which present volume 
changes at water content changes) the soil activ-
ity may be classified. 

Thus, for heats of wetting of more then 7 
cal/g the soils are considered active and very 
active.

Knowing the amounts of the total heat of 
wetting is easy to calculate the water content 
that corresponds to the adsorbed water. We also 
calculate the amount of specific surface, which 
is between 343mp/g and 270.5 mp/g. Experi-
mentally testing the total heat of wetting as geo-
technical index, we drew up the conclusion that 

Plasticity Grain-size 

Le
ve

l
w

ne
t wf IP wc 2  5  1 

m
m

2
m
mB

or
e

Sa
m

pl
e

m % % % 
1 1.0 28.0 23.8 59.7 83.5 45 21 32 - 
2 1.5 30.0 27.0 46.8 73.6 43 18 33 - 
3 2.0 40.0 36.4 52.5 88.9 41 21 30 - 
4 2.5 35.4 26.5 55.5 82.0 46 23 30 - 

S1

5 3.0 36.4 30.4 53.4 83.8 56 13 29 - 
1 1.0 40.7 29.7 55.2 84.9 54 18 24 - 
2 1.5 36.6 26.3 59.1 854 49 18 30 - 
3 2.0 36.7 25.8 58.0 83.8 44 22 31 - 
4 2.5 35.9 24.4 65.7 90.1 46 24 27 - 

S2

5 3.0 33.7 22.5 59.5 82.0 47 22 30 - 
1 1.0 42.9 34.3 61.6 95.9 46 26 25 - 
2 1.5 42.3 31.5 74.7 106 55 22 20 - 
3 2.0 43.0 32.6 60.5 93.1 44 23 29 - 
4 2.5 39.8 26.2 76.3 103 40 24 30 - 

S3

5 3.0 38.8 31.7 60.0 91.7 46 22 29 - 
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the Bahlui clays are placed in the category of 
very active soils and from the point of view of 
shrinkage and swelling in the category of over-
swelling – shrinking soils. 

Figure 3. Shrinkage coefficients: 1, s, v

Shrinking and swelling are generally 
associated with fine-grained clay soils. 

Soils that contain substantial proportions of 
clay minerals (e.g., montmorillonite) exhibit a 
high-volume increase when they are above the 
water table and come in contact with moisture. 
This volume increase is called swelling of clays. 
The montmorillonite clays have the greatest 
potential for expansion owing to weak interlayer
bonding and, therefore, the large specific 
surface available for water adsorption. When 
this moisture is removed by drying, these soils 
exhibit a high-volume decrease. This phenome-
non is termed as shrinkage. The magnitude of 
this volume change will depend on many factors 
(mineralogy of clays, the initial moisture con-
tent, and soil particle structure) and the new 
environment conditions imposed on the soil.

Other factors such as: organic materials, ex-
changeable cations, and iron content in addition 
to its mineralogical composition are important 
in modifying the tendency of a soil to exhibit

swelling characteristics. Removal of iron in-
creased the swelling tendency of extracted clay 
from some of the soils. Removal of organic mat-
ter from the clay increased its swelling capacity,
while adsorption of soil conditioners on one of 
the clays tended to increase its swelling capac-
ity.

Williams (1958) provides a guide to classify 
the swelling and shrinking potential of clay-rich 
soil based on Atterberg limits and grain-size test 
data. Another method of determining swelling 
and shrinking potential of a soil is by running 
laboratory swelling tests. 

Soils with a plasticity index greater than 30 
may be classified having high swelling and 
shrinking potential. 

The depth of seasonal changes in soil mois-
ture is responsible for swelling and shrinking 
behaviour of the clays. 

4. THE STUDY OF SWELLING – 
SHRINKING SOILS 

4.1.   The study of shrinkage phenomena 

Many researchers analysed the shrinkage 
and swelling behaviour of the clay soils.

Soil shrinkage is generally confined to the 
upper portions of a soil.  Shrinkage and shrink-
age cracks are caused by a reduction in soil 
moisture content through: 
• Evaporation from the soil surface in dry cli-

mates.
• Lowering of the groundwater table.
• Desiccation of soil by trees during temporary 

dry spells in otherwise humid climates.
The number of joints or cracks per volume 

and their dimensions increase accordingly to the 
proximity of the soil’s upper surface. 

Large quantities of rainwater may be 
absorbed into the cracks during periods of 
drought, while during relatively wet conditions, 
when cracks are small or closed altogether, rain 
infiltration is small and most rainwater becomes 
runoff. In addition, infiltration into the soil 
surface between the cracks is often limited by 
severe surface sealing due to the destruction of 
the soil surface structure by impacting 
raindrops.

The network of shrinkage cracks brings in 
an essential contribution to the hydraulic 
conductivity of a clay soil. Shrinkage cracks in 
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swelling soils determine their transport 
properties.

As moisture content decreases, capillary 
stress in the void spaces increases due to the 
increased surface tension.  This increased 
surface tension tends to pull adjacent soil 
particles closer together resulting in an overall 
soil volume decrease.  As moisture content 
continues to decrease, capillary stress continues 
to increase, which continues to reduce overall 
volume.  The point where no further volume 
reduction occurs but the degree of moisture 
saturation is still 100 percent is called the 
shrinkage limit (SL), which is an Atterberg 
limit.  At this point the capillary menisci just 
begin to retreat below the soil surface, which 
can be seen by a change in surface appearance 
from shiny to dull. 

The most adequate geotechnical indices that 
characterise the properties of these clays are the 
shrinkage coefficients. There are three shrink-
age coefficients: 1, s, v (figure 3). The graph 
water content versus geometrical dimensions 
before and after drying (dimensions of length, 
surface and volume) marks some straight lines 
whom slope is precisely the shrinkage coeffi-
cient (figure 4). For the montmorillonitical clay 
of Ia i we obtained the following values: l =
0.52; s = 1.17; v = 2.03. 

Figure 4. The graph water content versus geometrical 
dimensions before and after drying 

4.2. The study of swelling phenomena 

Swelling soils, also known as expansive soils, 
are ones that swell in volume when subjected to 
moisture.  These swelling soils typically contain 
clay minerals that attract and absorb water.
When water is introduced to expansive soils,

the water molecules are pulled into gaps be-
tween the soil plates.  As more water is ab-
sorbed, the plates are forced further apart, lead-
ing to an increase in soil pore pressure.  If this 
increased pressure exceeds surcharge pressure 
the soil will expand in volume to a point where 
these pressures are once again in balance.

Swelling clay consists of large flat sheets of 
deformable silicate structures separated from 
one-another by an aqueous layer (adsorbed wa-
ter). Swelling phenomena result from change in 
the crystal dimension when water is incorporate 
into the structure. The water penetrates between 
layers and intermolecular forces (hydration and 
electrical repulsive forces) operate to disjoin the 
silicate layers. During water uptake, the volume 
of montmorillonite increases by absorbing wa-
ter. Water flow into regions of higher ionic con-
centration and particles will separate causing 
swelling.

In certain conditions, the shrinkage clays 
present volume expansions. If the volume ex-
pansions are limited, they produce remarkable 
swelling pressures. The experimental tests on 
undisturbed clays present curves like those 
shown in figure 4, which represent the line be-
tween pressure p, water content w and volume 
V. These curves offer a variable moisture index 
depending on water content. 

Experimental tests for the swelling pressure 
determining are made in triaxial apparatus or in 
special adapted odometers. Like shrinkage, the 
swelling at higher water content must be a sub-
ject of study for those who intend to place engi-
neer structures on such soils. Experimental re-
sults and observations indicate that the clays 
from this area produce volume changes and 
movements of the ground, respectively, in con-
nection with the transmitted pressure and water 
content.

In conclusion, regarding Bahlui clays we 
can admit: 

The plasticity index, the grain – size compo-
sition and distribution, consistency index, and 
activity index classify these soils into active and 
very active soils. 

The chemical and mineralogical study of the 
soils from the Bahlui Meadow, the colour reac-
tions, the studies on electron microscope and 
the thermodynamics analysis led to the conclu-
sion that most clay minerals belong to mont-
morillonite and hydrated mica group. 
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The heat of wetting places the clay in the 
category of the swelling – shrinking soils. 

The experimental research allows an im-
provement of the method for establishing the 
shrinkage coefficient. The exclusion of the wa-
ter content must be done slowly because the 
moisture must be uniform distributed in the 
sample. The increase of water content leads to 
important increases of the volume. The swelling 
depends on water content and pressure.

Using remolded and desiccated specimens in 
swelling tests seems to be a better approach to 
achieve more reliable swelling parameters. The 
swelling pressures obtained from the remoulded 
samples show better correlations with 
mineralogical and physical properties when are 
compared with swelling indices, such as free 
swelling and modified free swelling indices. 

On this basis and considering it useful in 
designing, we can conclude that the swelling 
pressure is an instrumental parameter to 
quantify the swelling potential. 

We compute the swelling volumetric coeffi-
cient on the basis of the experimental results. 
Between 1.0 - 20 daN/cm2 the values of the 
volumetric coefficient vary between -0.2 - 1.0. 

A hazard map showing the distribution of 
high and very high expansive soils in Ia i area is 
considered a very important tool, especially for 
planners and engineers in order to realize a 
better land planning and to decide necessary 
remedial measures. It takes long time to set up a 
map determined through expensive laboratory 
tests, based on swelling pressure or swelling 
percent. Therefore, the use of the predicted 
models seems to be more practical tools for this 
purpose.  

4.3. Recommendations regarding foundation 
performing 

• The foundation depth must be determined so 
that the variations of the water content have 
no influence upon the swelling – shrinking 
phenomena. Thus, the foundation depth in 
Bahlui Meadow must be at least 2m. 

• The performing of tree plantations and the 
achievement of public utility equipments in 
areas with shrinking soils must consider the 
amplitude of ground movements caused by 
water content variations. 

• If a foundation depth of 2m in the swelling – 
shrinking soils of the area cannot be re-

spected, we have to study the transference of 
the effective pressures to the ground, related 
to foundation pressures. 

Building on locations with difficult 
foundation soils requires a distinct attention (in 
design, execution and exploitation) in order to 
choose the right structure and foundation and to 
manage these buildings in time. 

Analyzing the geologic column from 
different locations we observe the nature and 
the properties of the layers, the expected sliding 
or some other geologic phenomena that would 
lead to the building’s collapse. 

Analyzing the different methods used in 
order to know the depth of active zone, we must 
grant a distinct attention to the shrinking soils 
and to laboratory and in situ tests, in order to 
elaborate accurate solutions for foundations and 
for the co-operation soil–foundation–structure.

For these kind of soils we must realize more 
complex studies, in order to establish some 
properties that may influence the strength, the 
stability and the costs of the building 
(compressibility, swelling pressures, shrinking 
pressures, flood settlement). 

The cost analysis for these soils are very 
important.

5. CONCLUSIONS

The identification of swelling-shrinking 
soils and the assessment of their potential are an 
important task for hazard mitigation planning 
and land use management. 
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1. INTRODUCTION

The mechanical behaviour of porous geomateri-
als like volcanic rocks is mainly governed by 
their porosity and the effective stresses applied 
to them.

Throughout a complex study on the geo-
technical behaviour of different types of vol-
canic rocks from the Canary Islands (Serrano et 
al., 2007; Santana et al. 2008), the need of a 
more detailed study of the porosity in terms of 
individual pore sizes and morphologies was 
revealed. The preliminary results proved that 
different rocks can show the same whole poros-
ity percentage but, depending on its origin and 
nature, the pore volume distributes in a different 
way varying pore sizes and morphologies. This 
variation must have an influence on the resul-
tant effective strength and hydraulic conductiv-
ity of the rock. 

Fourier shape analysis (Ehrlich and 
Weinberg, 1970) has been used to provide a 
relatively objective ratio level that measure the 
particle shape at all scales from macroform to 
microtexture. In this study the Fourier descrip-
tor method (Clark, 1981; Bowman et al. 2001) 
is applied to analyze and describe the pores and 
voids, in order to better understand the different 
porous systems existing in pyroclastic rocks. 

2. METHODS

2.1. Sample preparation 

Pyroclastic rocks contain an important and 
complex porous net which gives the rocks a 
fragile and easily disrupted structure. 

Preservation of the rock structure was 
achieved impregnating the samples under 
vacuum conditions in epoxi resin, which has a 
very low viscosity and remains liquid for long 
enough to penetrate the pore space of the 
sample (Jang et al., 1999). In addition, the resin 
was dyed with the view to obtain the maximum 
contrast between the rock and the voids. Finally, 
when the resin was completely cured, the 
samples were sectioned, the surfaces were 
observed and digital images were obtained by 
means of an image capture device CCD coupled 
to the microscope. 

2.2. Digital Image Processing and morphologi-
cal descriptors 

The digital images were input to a commercial 
image-processing package, Image Pro-Plus 6.0 
(Media Cybernetics, Silver Springs, MA, USA). 
Owing to difficulties in the automatic recogni-
tion of the pores, the outlines were defined 
manually on the micrograph. Then, a file with 

ABSTRACT: In this study, the porosity features of various volcanic rocks from the Canary Islands are described. 
Preliminary tests showed that in these materials, the total porosity as a whole feature does not properly describe 
the rock. A further detailed analysis is needed to understand how the variation in the porous net characteristics 
can affect the geotechnical behaviour of different volcanic rocks. For this purpose, the porous net was observed
by means of digital image processing and mathematically described in terms of Fourier descriptors. The Fourier
descriptors obtained in various rocks were compared and a possible correlation between porosity features and the 
geological nature was found. To validate this method, the results were compared with some traditional morpho-
logical descriptors such as aspect, roundness, roughness index and fractal dimension. 

Digital Image processing and Fourier descriptors analysis of the
porosity in various volcanic rocks
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the x,y coordinates of the outline nodes was 
created.

Digital image processing allows to calculate 
almost any geometrical parameter in two 
dimensions. Among all the possible measure-
ments, four descriptors were found to best 
describe the pores morphology: 

Aspect: Ratio between major and minor axis of 
the ellipse equivalent to the pore. 

Roundness index (Janoo, 1998): calculated by 
the following formula: 

2

·4
perimeter

AreaRn
π=  (1) 

Surface roughness (Janoo, 1998): 

perimeter
perimeterconvexRs =  (2) 

Fractal Dimension: The relationship between 
perimeter P and Area A from a large number of 
pores, measured with fixed pixel (ε), leads to 
the following relation (Mandelbrot et al., 1984): 

( ) ( ) 2·
cD

AkP ε=ε  (3) 

where k is a constant and Dc is the fractal pore 
boundary.

2.3. Fourier descriptors 

Fourier descriptors are used for shape descrip-
tion of any object. Their main advantage is 
invariance to translation, rotation and scaling of 
the observed shape. Ehrlich and Weinberg 
(1970), and other authors subsequently, used 
this mathematical technique to characterize the 
profiles of individual particles. The (R,θ)
Fourier method was initially used where the 
radius R at angle θ is defined by an equation. 
However, this method becomes useless when 
reentrant angles are present in the profile, in 
such a way that two different radii coexist at the 
same angle. To solve this inconvenience, Clark 
(1981) collected in his review the Fourier 
descriptors method, which was used by Bow-
man et al. (2001) to provide morphological and 
textural commentary on the mechanical behav-
iour of soil populations. In this technique, the 
boundary of the object (a pore in this study) is 
circumnavigated in the complex plane at con-

stant speed. The step size is chosen such that 
one circumnavigation takes time 2π and the 
number of steps is 2k (e.g. in this study 27 = 128 
steps are used). A complex function is obtained: 

+

+−=

π−=+
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12/
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N
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nmm M
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where x, y are coordinates describing the 
profile; N is the total number of descriptors; n is 
the descriptor number; M is the total number of 
points describing the profile, m is the index 
number of a point on the profile; Zn is the 
Fourier descriptor (complex); and i denotes an 
imaginary number. 

Translation invariance of the descriptors is 
obtained simply by truncating the first element 
Z0, which is the only one affected by transla-
tion. Scaling invariance is done by dividing 
every element by the absolute value of Z1,
which is the element related with the shape’s 
size. Finally, for achieving the rotational invari-
ance it is sufficient to consider the absolute 
value (modulus) of each element. 

3. MATERIALS: THE PYROCLASTIC 
ROCKS OF CANARY ISLANDS 

Pyroclastic rocks are defined as fragments of 
volcanic material ejected to the air, and are 
associated to explosive volcanic activity. They 
consist of rounded and/or angular fragments 
fused together, with an important porous net-
work surrounding them.  Pyroclastic rocks may 
be composed of a large range of fragment sizes, 
from the largest agglomerates (> 64 mm), to 
very fine ashes and tuffs (< 0.06 mm).  Fur-
thermore, their chemical and mineralogical 
composition covers a broad range of variation, 
from felsic to ultrabasic nature. 

In this work, a broad diversity of pyroclastic 
rocks from different origins were studied. At 
first, the samples were macroscopically de-
scribed and split into four main families, de-
pending on their nature, porosity and porous net 
features.

3.1. Type I-rocks 

This group of rocks are ultrabasic volcanic tuffs 
showing a vesicular texture in a red-black 
coloured aphanitic-glassy matrix. Sometimes, 
the basaltic glass is weathered into palagonite. 
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The vesicles are small cavities formed by the 
expansion of bubbles of gas or steam during the 
solidification of the rock. Their porosity per-
centage is about 40-50%. 

3.2. Type II-rocks 

These rocks are ultrabasic ash tuff showing a 
black to red coloured aphanitic-glassy matrix. 
Their porosity consists of  varying size irregular 
voids with subrounded outlines forming a 
vugular structure into the aphanitic matrix. 
Their porosity varies in a small range around 
50%.

Figure 1. Type I-rocks: Well rounded vesicles 

Figure 2. Type II-rocks 

3.3. Type IIIa 

These samples, generated by ash fall, have a 
trachyte-phonolitic composition (felsic nature). 
They can be described as pumice, composed of 

highly microvesicular, soft welded pyroclastics 
surrounded by irregular voids of different 
shapes. They are pale in color, ranging from 
white or cream to gray, and show a high aver-
age porosity ≥ 70%. 

3.4. Type IIIb 

This kind of rocks has the same composition 
and porosity features as the previous one (Type 
IIIa). The most important difference is the 
presence of a clayed matrix surrounding the 
agglomerates. The pores in these rocks arise 
from cracks and holes into the matrix. The 
porosity values are around 60%. 

Figure 3. Type IIIa-rocks 

Figure 4. Type IIIb-rocks 

4. RESULTS

All the results obtained in this study show 
clearly a different trend in pore morphologies 
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depending on the origin and nature of the 
volcanic rocks.  These porosity features lead to 
a clear classification in four groups in the same 
way as the macroscopical description of the 
rocks.

4.1. Fourier descriptors

Shown in Fig. 5 are the average Fourier spectra 
calculated from fifty pores measured in each 
rock. Types IIIa and IIIb coincide, being the 
most irregular shaped pores. On the other hand, 
the roundest and smoothest pores, which gener-
ate a spectrum quite different from Type III, 
belong to Type I-rocks. Intermediate pores lead 
to an intermediate spectrum. 

Figure 5. Average spectra of the four different types 
of voids (Types IIIa  and IIIb coincide) 

Each harmonic provides a specific contribu-
tion to total grain shape (Bowman et al. 2001). 
Lower order harmonics (signature descriptors) 
summarize the gross shape of the voids: scale 
factor (used to normalize the rest of descriptors, 
making them size-independent), elongation, 
triangularity, squareness, pentagonal and 
hexagonal symmetry. On the other hand, pro-
gressively higher order harmonics describe the 
texture surface features.

In the lower order zone of the spectrum, 
each signature descriptor has a morphological 
meaning, (Table 1) which contributes to de-
scribe the whole shape of the object (voids in 
this study). 

Table 1. Morphological meaning of the first signature 
descriptors

First Fourier Descriptors 
No. Shape Meaning 
0 Position (Not considered) 
+1 Size (used to normalize) 
-1 Elongation 
+2 Asymmetry 
-2 Triangularity 
+3 Secondary Elongation 
-3 Squareness 
+4 Secondary Triangularity 
-4 Pentagonal Symmetry 
+5 Secondary Squareness 
-5 Hexagonal Symmetry 

The different average values of the first Fou-
rier descriptors are illustrated in Fig. 6 and 
tabulated in Table 2, together with those ob-
tained from some pure geometrical figures as a 
circle, ellipse, equilateral triangle, isosceles 
triangle, square and rectangle. 

Figure 6. Average signature descriptors obtained 
from the four types of voids. 

Table 2. Average signature descriptors of the four 
types of voids and some pure geometrical figures

Signature
descriptors -1 2 -2 3 -3 

Circle 0.000 0.000 0.000 0.000 0.000 
Ellipse 0.410 0.000 0.000 0.100 0.030 
Equilateral
Triangle 0.000 0.000 0.250 0.000 0.000 

Isosceles
Triangle 0.528 0.057 0.150 0.103 0.006 

Square 0.000 0.000 0.000 0.000 0.111 
Rectangle 0.414 0.000 0.000 0.111 0.046 
Type I 0.070 0.012 0.023 0.024 0.012 
Type II 0.196 0.075 0.078 0.076 0.043 
Type IIIa  0.364 0.125 0.180 0.113 0.106 
Type IIIb 0.456 0.150 0.130 0.123 0.081 
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From the results obtained so far, it is possi-
ble to classify the samples in four types of rocks 
depending on their main pore morphologies, 
derived from their Fourier descriptors. The five 
main sorts of voids morphologies found in this 
study are plotted in Fig. 7. “Square” tendency of 
the pore 7A and triangularity of pore 7B stem 
from their adaption to the aggregates shape. The 
presence of these voids in Type IIIa-rocks lead 
to higher triangularity and squareness coeffi-
cients (see Fig 6). Pore in 7C represents an 
elongated void, very frequent in Type IIIb-
rocks, which shows the highest elongation 
values of all. Pores in 7D are complex and 
slightly rounded, characteristic from Type II-
rocks, whose coefficient values are intermedi-
ate. Finally, pore 7E is a strongly rounded pore, 
abundant in Type I-rocks, which always shows 
the lowest coefficient values, coherent with a 
circular and smooth morphology. 

Figure 7. Different sorts of pores and voids measured 
in the volcanic rocks, showing morphological trends: 
A) Squareness, B) Triangularity, C) Elongation, D) 
Slight roundness, E) Roundness 

Furthermore, the secondary descriptors, used 
for textural analysis, can be obtained (Fig. 8). 
Nyquist’s rule states that twice as many points 
around the pore outline must be known as 
descriptors extracted, otherwise signal aliasing 
takes place. The higher-order descriptors 
provide a linear log-log relationship due to the 
fractal nature of roughness. 

Figure 8. Log-Log plot to base 2 of higher-order 
descriptors

As described earlier by Bowman et al. 
(2001), the linear relationship of log (coeffi-
cient) against log (descriptor number) can be 
used to quantify roughness features by slope 
and intercept. Although the three types of rocks 
show the same gradient (the same decay of 
roughness toward the smaller scale), the higher 
intercept of Type III shows a greater degree of 
rough texture than Type II and much greater 
than Type I. 

Once more, the high order harmonics show 
the same trend and  make it possible to distin-
guish the three main sorts of pores, from highly 
textured to smoothest outlines. Type IIIa and 
IIIb coincide on the log-log plot in Fig. 8. 

A quantitative index of differences between 
amplitude spectra (Fig 5) of the three types of 
voids may be obtained by the determination of 
the average squared deviation of the grain 
perimeter from a circle of equal area. In this 
way, the Roughness coefficient can be calcu-
lated. The Roughness coefficient is defined as 
the square root of one-half the sum of the 
squared Fourier coefficients. Ehrlich & 
Weinberg (1970) recommend to consider a 
modified roughness coefficient spanning a 
selected range of harmonics rather than all of 
them:

=

=
k

jn
njk ZP 2

2
1  (4) 

In this study the Roughness coefficients ob-
tained from the 1st to 8th harmonic (P1-8) and 
from the 9th to 32nd (P9-32) were calculated 
separately for 50 pores in each rock. 
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Table 3. Roughness coefficients P1-8 and P9-32 for the 
four sorts of rocks 

 Roughness coefficient
 P1-8 P9-32
Type I 0.7095 0.0055 
Type II 0.7296 0.0185 
Type IIIa 0.7807 0.0385 
Type IIIb 0.8009 0.0343 

The modified Roughness coefficient which 
arbitrarily uses the first eight harmonics indi-
cates that the voids belonging to Type I are 
more circular than Type II. The least circular 
ones are Type IIIb. In other words, the round-
ness decreases in the following order: Type I > 
Type II > Type IIIa > Type IIIb. 

The roughness coefficient calculated from 
the ninth trough thirty second harmonic shows 
the same trend except for the two last types. 
Type IIIa voids are more textured than Type 
IIIb ones, which seem to be slightly smoother. 

4.2. Morphological parameters 

In order to validate the rock classification in 
terms of Fourier descriptors, some traditional 
morphological descriptors were calculated from 
the pore outlines. Area, aspect, roundness, 
roughness and fractal dimension are summa-
rized in Table 4. 
Table 4. Average values of morphological parameters
of the four types of rocks 

 Type 
I

Type
II

Type
IIIa

Type
IIIb

Area 0.1137 0.5177 6.0724 0.3324 
Aspect 1.2063 1.6527 2.1320 2.4243 
Roundness 0.9701 0.7085 0.3704 0.4110 
Roughness 1.0098 1.0250 1.0725 1.0395 
Fractal
dim.

1.0555 1.0785 1.1345 1.1132 

The values obtained are coherent with the 
Fourier descriptors, and allow to classify the 
rocks in the same groups as before, showing the 
same trends. 

5. CONCLUSIONS

The Fourier descriptors analysis has proved to 
be a powerful tool to mathematically quantify 
and describe the porosity features of porous 

geomaterials like the pyroclastic rocks studied 
in this work. Owing to its sensitivity, it allows 
to distinguish and classify different porous 
systems depending on the pore morphology 
(large scale) and texture (small scale). 
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1. INTRODUCTION

Microzonation studies differ from macrozona-
tion by means of the scale of the investigation. 
While macrozonation studies are nation-wide 
studies concerning the local soil conditions in 
regional scale, microzonation studies are more 
elaborate studies, concerning geotechnical 
studies which are employed every 250~500 m. 
In this manner, these studies are employed in 
three stages: 1) Deterministic or probabilistic 
approaches for determination of input motion 
characteristics 2) Evaluation of the local soil 
conditions and response 3) Prediction of the 
hazard, mapping and discussion of the measures 
to be taken.

The development of powerful computers 
and their processing technology led to im-
provement in digitized maps and zonation 
processes. Today, with the addition of GPS, 
spatial parameters are instructed into GIS 
systems more precisely. The “Manual for 
Zonation on Geotechnical Hazards” presented 
by TC4 committee and “Handbook of Seismic 
Microzonation for Municipalities” by General 
Directorate of Disaster Affairs are assumed to 
be the guides for the geotechnical microzona-
tion studies.

Uncountable microzonation studies are ac-
complished, limited studies are given below for 

a short overview. Ansal and Slejko (2001) have 
made a discussion on the seismic damage 
prediction and proposed an alternative approach 
for a correct estimation of ground motion 
intensity. Fäh et al. (2001) performed a micro-
zonation study a 475 year return period earth-
quake is designed, based on the seismic history 
of the city. Using this simulated earthquake, the 
damage levels classified. Gulerce (2002) has 
used 256 microtremor recordings in combina-
tion with Nakamura method, to model the 
topsoils’ amplification ratio and predominant 
periods. The northern coasts of Izmir seem to 
have predominant periods between 1.75 and 
4.80 seconds. Kuruo lu (2004) has compared 
the predominant periods obtained by 1D dy-
namic analyses on the boring data collected 
from Bayrakli, Bostanli and Manavkuyu dis-
tricts of Izmir. The author has mentioned that 
damage in 8-10 storey buildings of 0.7-1.0 s. 
natural periods are related with the 0.7-0.85 s. 
predominant periods of the underlying soils. 
Kiliç et.al. (2006) have performed 1D analyses 
to determine the soil responses in Zeytinburnu, 
Istanbul. Zonation in terms of average shear 
wave velocity, maximum spectral amplifica-
tions, average spectral accelerations and ground 
shaking form the geotechnical and geodynami-
cal aspects of the seismic damage hazard, which 

ABSTRACT: City of Izmir is located in western Turkey, which is under the threat of tectonic activities of high 
magnitude. Meanwhile, weak soils lie beneath Karsiyaka county, which is established in the delta of Gediz river, 
to north of Izmir. Liquefaction analyses are employed on a vast number of boring data, in order to evaluate the 
effect of seismicity on the local soil conditions. A square grid of 250 m. cell size is used, and the outcomes are 
mapped via a GIS interface. As a consequence, liquefaction susceptibility of the region is mapped.
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is prone to occur by the probable Istanbul 
Earthquake.

The city in consideration, Izmir, which in 
Western Anatolia, is vulnerable to seismic 
effects arising from uncountable faults, which 
are active from ancient times up to present. The 
Karsiyaka County is to the North of Izmir, and 
is established on the alluvial forms, which are 
accumulated by the effect of Gediz River. Deep 
bedrock is the sign of the importance of the 
local soil conditions. RADIUS project is Izmir 
municipality’s first serious attempt including 
evaluation of the seismic hazard and a discus-
sion of the measures for diminishing catastro-
phic effects of seismic risk (RADIUS, 1999). 
Microzonation in terms of soil class is made 
according to 1997 Regulations for the structures 
to be built in catastrophic regions. The calcu-
lated of average and layer by layer shear veloci-
ties are incorporated into GIS as a layer. After-
wards, investigations on the building stock 
quality, bridges, and hospitals are focused for a 
comprehensive emergency organization. In 
geotechnical speech, although this study is a 
great microzonation master study, geological 
approaches inevitably have designated the soil 
behavior in some areas, since a vast number of 
field data was needed. On the other hand, 
detailed geotechnical investigations should be 
employed district-by district. Therefore, as a 
conclusion of a three part project, liquefaction 
studies are employed in northern Izmir city 
coast, concerning the soils lying in the topmost 
layers. The results are shown on a GIS. 

2. BRIEF GEOLOGY AND SEISMIC 
HISTORY OF THE AREA UNDER 
INVESTIGATION

The Late cretaceous formations in the vicinity 
of Izmir consist of sandstone, shale and lime-
stone blocks. Generally, these formations 
outcrop at the peaks circumscribing the area, 
and are the main reason of the strength of the 
soils at these areas. 

Nevertheless, Neocene aged formations can 
be estimated from the volcanic based andesitic 
compositions in the vicinity of Yamanlar 
Mountain. These units can be enlisted as lava 
including magnesium, tuff and tuff filled con-
glomerates (Zemson, 2006). Lava also contains 
coarse reddish brown and gray tinged with 

green feldspar crystals. Neocene sedimentary 
rocks consist of deep claystone, sandstone and 
shallow limestone. Claystone is sometimes 
encountered over limestone layers. Soil strength 
in upper limestone layers is higher; in contrast, 
limestone stratifications with thin muddy rocks 
show smaller strength. 

The faults in the vicinity of Izmir are be-
tween and parallel to Buyuk Menderes and 
Gediz grabens. The activities in the region are 
controlled by Izmir, Tuzla, Karaburun, Foca-
Bergama, Manisa, Kemalpasa, Bergama, 
Dumanlidag and Cumaovasi faults. Of all these 
faults, Izmir (35 km), Karaburun (15 km) and 
Foca-Bergama systems are dominant, in com-
parison with the rest (Figure 1).

Figure 1. Faults in Western Anatolia, location of 
Karsiyaka, and overview of the County 

While the faults underlying the neocenes in 
the vicinity of Gediz graben demonstrate a 
strike-slip character, normal faults exist to the 
south and east of Izmir city. The faults in NE-
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SW direction are the most active faults of the 
region (Kuruoglu, 2004). The alluvial morphol-
ogy of Izmir Gulf is a result of the interaction 
between these faults and the sediment transport 
of the rivers. Besides, the active faults and 
tectonic activity around Izmir is evaluated in 
former studies (RADIUS, 1999; Kuruoglu, 
2004). In this manner, deterministic and prob-
abilistic methods are alternatives for the deter-
mination of ground motion properties. While 
the disadvantage of probabilistic methods are 
the problems stemming from the distribution 
curves, the disadvantage of deterministic 
methods are the uncertainty in the properties of 
the selected ground motion (Kuruoglu, 2004). 
In the analyses, a scenario earthquake of 6.7 
moment magnitude is used for the liquefaction 
studies on the boring data. Analyzing the 
earthquake source, it was assumed that the 
crack is formed at Bornova Manavkuyu at 
approximately 8.5 km depth.

Figure 2. Earthquakes of magnitude greater than 5 in 
Izmir city. 

Moreover, the investigation area is divided 
into cells of 250 m. width, which are aimed to 
be represented by at least one boring. Analyzing 
the borings, the distribution of the soil classes 
according to USCS is given in Figure 3.

Figure 3. Distribution of the soil classes obtained 
from the borings. 

Therefore, borings in the field are evaluated 
for a correct representation of liquefaction 
studies. Attenuation relationship proposed by 
Boore et al. (1997) is used for transforming the 
earthquake records to individual cells. The 
variation SPT blow counts with depth are given 
in Figure 4. The figure is the proof of the 
weakness of the soils in terms of the strength in 
the region. Most of the blow counts are accumu-
lated around 5-8 blows.

Figure 4. Variation of the SPT-blow counts in the 
region

Soils in the region predominantly consist 
of clays of high plasticity, silts and silty layers 
and “mica” based sandy soils, which are the 
accumulated alluviums of Gediz River. Gediz 
river is the source of the alluvial formations in 
the region, forming a bedrock depth of 150-300 
m., especially in Bostanlı region. The boring 
locations and some of the bedrock depths are 
mapped in Figure 5.
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Figure 5. Boring locations and bedrock depths. 

3. EVALUATION OF FIELD DATA

Liquefaction can be defined as the liquid-like 
behavior of the saturated sediments which 
results temporary strength and stiffness loss in 
soil mass under cyclic loading. The cyclic loads 
cause sudden increase in pore water pressure, 
resulting a drastic decrease in effective stress. 
This phenomenon, occurring in undrained 
conditions, is investigated under two topics: 
flow liquefaction and cyclic mobility. Although 
cyclic mobility is encountered in a vast range of 
soils, its damage capability is less than flow 
liquefaction. However, many researchers prefer 
to investigate this phenomenon under the same 
topic, namely, liquefaction. 

Although the liquefaction induced settle-
ments do not cause structural damage, the silty, 
loose and granular soils are to be responsible for 
the liquefaction induced settlements of the 
buildings, bridges, piers, abutments and sub-
structure in the region. The underground water 
table and loose granular soil in the region are 
the main reasons of liquefaction. 

In order to quantify the liquefaction likeli-
hood of the region, two widely known methods 
is utilized: Reevaluated Chinese Criteria and the 
analysis based on SPT-N low counts. The 
Chinese Criteria in accordance with American 
boring data (Seed et al., 1985) is reevaluated by 
Andrews and Martin (2000). The authors 
underline the fact that soils of clay content and 

liquid limits below 10 % and 32 % are poten-
tially liquefiable. Otherwise, soils are not prone 
to classical liquefaction..

On the other hand, criteria based on the 
Standard Penetration Test have found world-
wide use because of the large database in hand. 
These methods necessitate two parameters for 
liquefaction susceptibility: a) CSR; cyclic stress 
ratio at a soil layer and b) CRR; cyclic resis-
tance ratio. The method is briefly explained 
below. Seed and Idriss (1971) have defined 
cyclic stress ratio as follows: 
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where, where amax is peak horizontal ground 
surface acceleration, g is acceleration of gravity; 

v is total vertical overburden stres, 'v is the 
effective vertical overburden stress; rd is the 
stress reduction factor. The average value of rd
is calculated by the expressions proposed by 
Liao and Whitman (1986): 
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where z is the depth from surface to investi-
gated point. The SPT values should be corrected 
in terms of effective overburden pressure (CN),
rod length (CR), sampler (CS) and borehole 
diameter (CB), average energy ratio (CE):
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Figure 6. Liquefaction susceptibility investigations in the region by use of the LPI. 

EBSRN1,60 CCCCCNN =  (3) 

where N1,60 and N are the corrected and the 
uncorrected SPT blow counts, respectively. 
Further explanations on correction of SPT 
results can be found in the literature (Bowles, 
1997). As a next step, these blow counts are 
further corrected by means of fines content. 

1,60CS1,60, NN βα +=  (4) 

Another correction is made to arrange the CRR 
values belonging to soils of fines content lower 
than 5 %: 
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This expression is valid for N1,60 values 
lower than 30. Corrected N1,60 values beyond 
this number are classified as non-liquefiable 
soils (Youd et al.,2001). As a consequence, 
safety factor is calculated via Equation 6:

MSF
CSR

CRRFS 5.7=  (6) 

In this equation, MSF is the magnitude scal-
ing factor, which can be selected by the equa-
tions of Idriss (1995); and Andrus and Stokoe 
(1997)

4. LIQUEFACTION SUSCEPTIBILITY 

After calculation of the safety factor against 
liquefaction, the areas prone the liquefaction 
phenomenon should be quantitatively classified 
in vertical scale. This should be ensured by the 
liquefaction probability index, LPI:

( )−=
20

0

)(1 dzzwFSLPI (7)

In this equation, FS is the safety factor at 
level z, and w can be defined as: 

zzw 5.010)( −=  (8) 

The three liquefaction risks are separated 
into three groups as AL, BL and CL as which are 
classified as LPI>15, 155 ≤≤ LPI and LPI<5; 
respectively (Iwasaki et al., 1982; Youd et al., 
2001).

In this manner, the liquefaction susceptibil-
ity of the area is evaluated and mapped via a 
GIS software. Analyzing the Karsiyaka County 
in terms of LPI parameter, it should be initially 
revealed that the County is under high liquefac-
tion risk. Majority of the region in Figure 6 is 
under high liquefaction risk, denoted by “AL”.
The areas of high liquefaction in detail are 
Ataturk Industrial Zone, Mavisehir, majority of 
the shoreline, central Karsiyaka, Alaybey, 
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Nergis and Yali Districts. Yamanlar Mountain 
and majority of Ornekkoy and Cumhuriyet 
Districts are of low liquefaction level. Moun-
tainous structure in this area agrees with this 
finding. The mentioned structure and low 
residential behavior in this area caused a lower 
boring quality and quantity. Moreover, outcrop-
ping andesits in Bayrakli region diminishes the 
liquefaction susceptibility

5. CONCLUSIONS

A preliminary liquefaction study is performed 
in Karsiyaka County, which to the north of 
Izmir city. The results of this study showed that 
a scenario earthquake of 6.7, which seems to be 
a probable magnitude, will cause liquefaction in 
majority of the area. It should be mentioned that 
the results of this study will be reevaluated with 
future field data. The results of this study attract 
attention to high seismic risk at ancient city of 
Izmir, of low building stock quality.

6. REFERENCES

Andrews, D.C.A. & Martin, G.R. 2000. Criteria for 
Liquefaction of Silty Soils. Proc. 12th World
Conference on Earthquake Engineering, Auck-
land, New Zealand.

Andrus, R.D. & Stokoe, K.H.II. 1997. Liquefaction 
resistance based on shear wave velocity. Proc.
NCEER Workshop on Evaluation of Liquefaction 
Resistance of Soils. Nat. Cntr. For Earthquake 
Engng. Res., State Univ. of New York at Buffalo, 
89-128.

Ansal, A. & Slejko, D. 2001. The long and winding 
road from earthquakes to damage, Soil Dynamics 
and Earthquake Engineering, Vol. 21, No. 5, pp. 
369-375.

Boore, D.M., Joyner, W.B. and Fumal, T.E. 1997. 
Equations for Estimating Horizontal Response 
Spectra and Peak Accelerations from Western 
North American Earthquakes: A summary of 
Recent Work, Seismological Research Letters,
Vol. 68, No. 1, pp. 128-153. 

Bowles, J.E. 1997. Foundation Analysis and Design, 
New York: McGraw-Hill.

Fäh, D., Kind, F., Lang, K. & Giardini, D. 2001. 
Earthquake Scenarios For the City of Basel, Soil
Dynamics and Earthquake Engineering, 21(5), 
405-13, (2001).

Gulerce, U. The variation of soil predominant period 
and amplification by microtremor recordings of 
Izmir city. MSc Thesis, Istanbul Technical Uni-
versity.

Idriss, I. M. 1995. An overview of earthquake ground 
motions pertinent to seismic zonation. Proc. of 5th

Int. Conf. Seismic Zonation, pp. 2111-2126. 
Iwasaki,T., Tatsuoka, F., Tokida K. & Yasuda. S. 

1978. A practical method for assessing soil lique-
faction potential based on case studies at various 
sites in Japan. Proceedings of 2nd International 
Conference on Microzonation for Safer Con-
struction-Research and Application, Vol. 2, pp. 
885–896 . 

Kilic, H., Ozener, P.T., Ansal, A., Yildirim, M., 
Ozaydın, K. & Adatepe, S. 2006. Microzonation 
of Zeytinburnu region with respect to soil ampli-
fication: A case study. Engineering Geology, Vol.
86, No. 4, pp. 238-255. 

Kuruoglu M. 2004. Geographical Information 
System (GIS) Based Database Development and 
Evaluation Study For Soils of Northern Coast of 
Izmir Bay, PhD Thesis, Dokuz Eylul University. 

 Liao, S.S.C. & Whitman, R.V. 1986. Catalogue of 
Liquefaction and Non-Liquefaction Occurrences 
during Earthquakes. Research Report, Depart-
ment of Civil Engineering, Cambridge: MIT. 

RADIUS. 1999. Izmir Earthquake Scenario and 
Master Plan, ( M. Erdik), Izmir.. 

Seed, H.B & Idriss, I.M. 1971. Simplified Procedure 
for Evaluating Soil Liquefaction Potential. Jour-
nal of Soil Mechanics and Foundations- ASCE,
Vol. 97 No. 9, pp. 1249-1273. 

Seed, H.B., Tokimatsu, K., Harder, L.F. & Chung, R. 
M. 1985. Influence of SPT Procedures in Soil 
Liquefaction Resistance Evaluations, Journal of 
the Geotechnical Engineering Division-ASCE,
Vol. 111, No.12, pp.1425-1445. 

Youd, T.L., Idriss, I.M., Andrus, R.D., Arango, I., 
Castro, G., Christian, J.T., Dobry, R., Finn, 
W.D.L., Harder, L.F.Jr., Hynes, M.E., Ishihara, 
K., Koester, J.P., Liao, S.S.C., Marcuson, 
W.F.III., Martin, G.R., Mitchell, J.K., Moriwaki, 
Y., Power, M.S., Robertson, P.K., Seed, R.B. & 
Stokoe, K.H.II. 2001. Liquefaction Resistance of 
Soils: Summary Report from the 1996 NCEER 
and 1998 NCEER/NSF Workshops on Evaluation 
of Liquefaction Resistance of Soils. Journal of 
Geotechnical Engineering, ASCE, Vol. 127, No. 
10:817-833.

Zemson, 1996. Miscellanous boring reports in 
Karsiyaka County. 

460



1. INTRODUCTION

Chao-Zhou-Hu landslide renovation area is 
located at Gong-Tian village of Ban-Lu town-
ship in Chiayi County, Taiwan. This area is 
ranged from the upper slope of the provincial 
highway no.18 at 56.6k to 57.2k; to the slope 
area distanced about 2.5km below the provincial 
highway section. The overall site is ranged from 
altitude 1400m above the provincial highway to 
550m around the riverbed area, and it is about 
1000m wide and 2500m long. The total area is 
about 250 hectares.

After a heavy rainfall at 9th June 2007, there 
was a roadbed settlement and slope sliding 
along section 56.6k to 57.2k of the provincial 
highway no.18. Beside affected the safety of its 
users, there were also cracks and slumps at the 
down slope area of the provincial highway. 
Beside civilian’s residences, there are also 
farms and agricultural industries, etc. within this 
250 hectares landslide area. 

This area is located within the Tseng-Wen 
watershed, which is managed by the Southern 
Water Resources Office of Taiwan Water 
Resources Agency, so in order to maintain the 
long term safety of Tseng-Wen watershed and 
to protect the rights of civilians and the provin-
cial highway users, the Southern Water Re-
sources Office planned a investigation, surveil-

lance, analysis and management work for this 
area which was later proceeded by United 
Geotech Inc.. The work was started from 28th 
December 2006 and has been finished at 22nd 
December 2007. All data used in this report 
were adopted from the analysis result done by 
United Geotech Inc 

1.1. Investigation Subjects and its Allotment 
Introduction

In order to comprehend the geological condition 
of the landslide and its main causes, works as 
below has been proceeded: 
1.Surface geological investigation. 
2.Boring: Total 12 holes i.e.: BH01~BH12 have 

been bored with total length of 360m were 
used to install the inclination angle measure-
ment device beside also used to monitor the 
groundwater level. Separately, there are 4 
holes i.e:AH01 ~AH04 which have been 
bored in the past, which inclination angle 
variations were also measured to enrich the 
data collected. 

3.Geophysical examination: Total 920m of 
seismic refraction examination and 600m of 
Electrical Resistivity Imagine Profile have 
been finished. 

The geological investigation results along 
with the geophysical examinations and boring 

ABSTRACT: After a heavy rainfall at 9th June 2007, there was a roadbed settlement and slope sliding along 
56.6K to 57.2K of the provincial highway no.18. To maintain the long term safety of Tseng-Wen watershed and 
to protect the rights of civilians and the provincial highway users, the Southern Water Resources Office of
Taiwan Water Resources Agency planned an investigation, surveillance, analysis and management work for this 
area.

The disaster of this area can be classified into 3 groups: the surface washout trenches, the slides along the 
provincial highway where the sliding depth is about 20m or less, and the slides at the farming area which have 
sliding depth at about 30m. 
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M. J. Chuang 
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location are drawn onto the site plan as shown 
in Figure 1. 

Figure 1. Geological Plan of the Worksite 

1.2. The Integrated Evaluation of Geology and 
Topography

Using an aerial photography taken in 1976 with 
the scale of 1/10000 combined with the result of 
recent (2007) topographic survey, (Qing-Chang 
Bi, 1969; Taiwan’s Oil Deposit Exploration 
Chief of CNC Corporation, 1986), which shows 
a large differences on trenches location in 1976 
compared with those in 2007. By stacking both 
relief maps as displayed in Fig.2 we found that 
the largest altitude difference is up to 10m, 
revealed that there were a lot renovation and 
filling works done between 1976 and 2007 
which led to above result. 

Figure 2. Relief altitude Comparison Result of the 
Work Site 

Site plan as displayed in Fig.1 is drawn from 
the results of surface geological investigation, 
boring and the geophysical examination (Xin 
Wang, Guang-Zhong Li, 1989; Huan-Ji Liu, 
Zhong-Quan Fang, De-Yong Zhuang, 1989). 
We differ the rock layers in this area into 5 
layers, i.e.: Sandstone interbedded with some 

Shale-1 (ss/sh1), Shale (sh), Sandstone with 
Shale clipped beneath (ss-sh), Sandstone inter-
bedded with some Shale-2 (ss/sh2), and Sand-
stone (ss). The attitude of the layers are roughly 
similar at N35E/30E, only for the upper slope 
around 56K of the provincial highway no.18 the 
attitude is clearly changed to N15W/45W. This 
revealed that the attitude is clearly influenced 
by the anticline structure, which the anticline 
trend is stretched along the North-South direc-
tion.

Collapses and cracks found in this area are 
also displayed in Fig.1. We estimated 3 poten-
tial locations of next collapse based on data 
collected from the inclination angle measure-
ment devices combined with the surface cracks 
distribution.

Based on cross-section A-A’ to K-K’ which 
location can be seen in Fig.1, We have typical 
case in cross section C-C’ as displayed in Fig.3 
which is extended from the upper slope around 
57K of the provincial highway no.18 to the 
upper dam below, which also passed through 
the central part of the farming area. The rock 
layers belong to dip slope and the overburden is 
varied from 5.7m (near the highway) to 16.5m 
at lower part. The base layer consists of sand-
stone with shale clipped beneath, and the layer 
at farming area is considerably shattered, while 
the groundwater variation is changed from steep 
(around the highway) to relatively flat (at the 
farming area). 

Figure 3. Cross section C-C’ 

1.3. Groundwater Monitoring 

To understand the sliding direction, depth and 
the critical groundwater level of the landslides, 
and to provide enough data for latter analysis 
and planning the management strategy, we 
installed 12 boring holes i.e. BH01~BH12 
within this area to measure their inclination 
angle and the groundwater level variation. 
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From the variation progress we then discov-
ered 4 holes with the most intense groundwater 
level variation, where the level changes can be 
up to 20m, i.e. BH02, BH06, BH07 and BH09. 
The groundwater level of BH06 and BH09 are 
easily increased at rain but after the rain stopped 
they are not decreased immediately, probably 
because of the bad drainage condition which 
means that these boring areas are already under 
a high groundwater level for long-term basis, 
which is harmful to general slope stability. 

The groundwater variation for each hole are 
displayed in Fig.4, and it revealed that the 
variation on the north side of the farming area 
are the most intense, varied up to 20m which is 
harmful to slope stability. 

Figure 4. The groundwater level variation of each 
boring hole 

1.4. Inclination Angle Measurement 

The inclination angle of each boring holes are 
measured to understand the sliding direction 
and sliding depth of the landslide in this area. 
Adding up data collected in the whole year of 
2007, the displacement of each hole are dis-
played in Fig.5. 

Fig.5 The location, displacement amount and the 
direction of boring holes and inclinometers. 

From the result displayed we can revealed 
that the measured directions agree with the 
trend of the slopes, only BH08 has a different 
inclination direction with the trends. The result 
also revealed that the displacement at most of 
the boring holes are close to or already sur-
passed 5cm, including BH05, BH07 and BH11, 
and there are some holes which are displaced 
too much that made the latter measurement 
works impossible to be continued. From the 
result we also can revealed that there are 2 
potentially dangerous areas, the first is the 
slopes along provincial highway no.18 at 56.5K 
to 57.4K. Those slopes have a steep inclination, 
and also have a vital meaning for transportation 
and communication, so these are the main 
preservation subject of this research. 

The second is located at the north east part 
of the farming area, around boring holes BH06, 
BH07 and BH11. The sliding depth in this area 
has exceeded 20m (20m at BH07, 27.5m at 
BH06 and 26.5m at BH11), so it belongs to 
deeper landslide area. 

The cross section linking BH04, BH06 and 
BH11 as displayed in Fig.6 revealed that there 
is large displacement at these holes, but because 
the displacement at BH04 is relatively smaller 
with a different direction so we logically judged 
that the landslides at farming area are not 
continuous with those happened around the 
highway.

Fig.6 Cross section B-B’ 

2. STABILITY ANALYSIS OF LANDSLIDE 
AREA

The main reason of the landslides studied in this 
research is because the renovation area is 
belong to and old collapse area, which has a 
large difference in material strength and a 
relatively low safety factor (F.S.), while the bad 
drainage system in addition means that another 
damage is probably happened if there are heavy 
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rainfall or strong earthquakes happened around 
this area. We built a numerical analysis model 
by data collected and used PC STABL 6 which 
is developed by Purdue University, USA to 
estimate the F.S. in this area. 

From the inclination angle measurement re-
sults we know that there are large displacements 
at boring holes AH01, AH02, AH03, AH04, 
BH06, BH07 and BH11 which some of them 
are so large that made the latter measurement 
works impossible to be continued. The slump at 
57.3K of the provincial highway no.18 revealed 
that there is a possible sliding at this cross 
section happened upon a heavy rainfall, but the 
boring hole BH04 within the same cross section 
which has a relatively smaller displacement 
with different direction revealed that the land-
slide mechanisms in this area are quite compli-
cated.

One of the mechanisms is located at the 
lower highway slopes, which has a steep incli-
nation around 45°, with overburden around 6m. 
In dry season the groundwater level is more 
than 20m below surface, but in wet season there 
is large difference where it increases to about 
10m below surface. We use cross section B-B’ 
combined with geological investigation results 
to build a numerical analysis model, and simu-
lated heavy rainfall condition with groundwater 
level at 10m below surface as displayed in Fig.7. 
Boring holes AH01 to AH03 have been obvi-
ously slided at around 10m depth under heavy 
rainfall condition, so by assuming that it was a 
circular sliding surface we then obtained the F.S. 
in heavy rainfall condition = 1.

We used the result to calculate the strength 
parameters (Jie-Wen Chen, 2001; Rui-Tang 
Liao, 2001; Taiwan Construction Research 
Institute, 2003) as displayed in Table 1, among 
them the parameters for weathered rock was 
gained from indoor experiment results, where 
the friction angle is 22.5  and the cohesion 
strength C is 100kPa. By this condition we then 
have F.S. in normal condition = 1.1, which 
revealed that groundwater variation has a 
limited contribution to slope stability in this 
area.

From the measurement data of boring holes 
AH01 to AH04 (as displayed in Table 1) we 
know that the sliding depth at AH02 and AH03 
is around 9m below soil surface, and at AH04 it 
is around 20m below surface. Comparing them 

with cross section B-B’, we found that circular 
failure surface was a logical assumption. From 
the boring results we found that the material in 
this collapse area are mostly gravel and sand, 
where there is no clay found, so theoretically 
they won’t have any cohesion, but in reality 
gravel has an interlocking effect which has 
similarity with cohesion effect, so while calcu-
lating the parameters we assume C = 5kPa to 
calculate the friction angle which later gave 
results which were quite similar to the meas-
urement results. 
Table 1. Soil strength parameters 

Type 
Unit Weight 

(KN/m3)
Cohesion 

(KPa) 
Friction 

Angle (°) 

Collapsed soil (lower 
highway slopes) 

19.0 5.0 30 

Collapsed soil 
(farming area) 

20.3 0 25 

Weathered rock 24.0 100 22.5 

Fig.7 Analysis result of cross section B-B’ (near the 
provincial highway, heavy rainfall condition) 

Besides, there were also some obvious dis-
placements happened at boring holes BH06, 
BH07 and BH11 at the farming area under 
heavy rainfall. The sliding depth in this area 
was about 30m below, while the slope was 
relatively flat with inclination at about 20 .
Overburden depth was about 20 to 30m, and the 
groundwater level at normal condition was 
around 10m below the soil surface. In heavy 
rainfall condition the groundwater increased 
until it reached ground surface, but after the rain 
stopped it decreased so slowly which revealed 
that there should be some problems with the 
drainage system. 
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Comparing the direction of the displacement 
with the surface cracks and some other condi-
tions, we judged the possible landslide areas as 
displayed in Fig.5. Cross section L-L’ was 
sliced on this area, then combined with geologi-
cal investigation results to build a numerical 
analysis model as displayed in Fig.8. We used 
the same parameters for weathered rock where 
C = 100kPa and friction angle  = 22.5° , and 
assumed the C for soil = 0. After the calculation 
we have the friction angle for collapsed soil  = 
= 25°, with a relatively large sliding area which 
length was around 300m and depth was around 
25m or more. 

Under the same condition, we decreased the 
groundwater level 8m more below surface to 
simulate low groundwater level condition which 
resulted in F.S. increased to 1.25. After compar-
ing the data measured, we found that the dis-
placement of boring holes in low groundwater 
level condition were relatively small, so theo-
retically it will be good for the general slope 
stability if we can maintain the groundwater 
level in a safe range while it is raining. 

Besides, the collected groundwater could 
soften the shale or sandstone layers and in the 
same time decreased the shear strength of the 
rock layers, which explained why we had 
relatively low soil parameters by the calcula-
tions, which later caused a deeper landslide in 
the farming area. 

Fig.9 Analysis result of cross section L-L’ (near 
BH06 and BH11, heavy rainfall condition) 

From the analysis results above we can re-
veal that the landslides in Chao-Zhou-Hu area 
can be roughly divided into 2 kinds of mecha-

nism, where the first one is located at the lower 
highway slopes, which has a steep inclination 
with a relatively thin overburden. The ground-
water level variation is large while the F.S. is 
low, which could probably led to another 
landslides or roadbed slump if there is any 
heavy rainfall happened. 

The other mechanism is located at the lower 
slopes around the farming area which has a 
relatively flatter inclination with a relatively 
thick overburden. The groundwater level 
variation is small while the F.S. is also low, 
which could probably led to sliding, but because 
of the unique topography of Chao-Zhou-Hu, the 
toe is obstructed by a mountain range which 
ease up the entire sliding process. If we can 
decrease and then maintain the groundwater 
level in this area within a safe range, it will then 
effectively increase the F.S. of the slope. 

3. CONCLUSION

1.Chao-Zhou-Hu area is bounded by the upper 
slope of provincial highway no.18, the slopes 
on its north, and the slopes on its south side, 
while its south east side is a creek valley 
where a dam is located. This area is an old 
collapse area which is obstructed by the to-
pography. In the middle part there is farming 
area which is relatively flat, which contained 
collapsed materials from the slopes bounded it. 
The depth of the colluviums is up to 21m, and 
the boring result revealed that the rock body 
beneath is shattered in general. Factor of 
safety for collapsed soil is basically low, 
while the bad drainage system and the land 
exploitation finally led this area to become a 
potentially dangerous area. 

2.Groundwater at farming area should be 
gathered from higher terrains on the west, 
north and the south side into the lower part at 
the center area. There is a possibility that the 
material permeability of colluviums is discor-
dant, so the water level measured on boring 
holes are inconsistent either. Besides, there 
are some outlets on the surface. The ground-
water measurement data revealed that some 
boring holes are obviously influenced by 
rainfall, and there is a possibility that the rain 
water absorbed by the colluviums material can 
not be drained normally which led to satura-
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tion, decreased the material strength which 
then triggered the newly collapses. 

3.The disaster of this area can be classified into 
3 groups: the surface washout trenches, the 
slides along the provincial highway which 
have steep inclination with a relatively thin 
overburden where the sliding depth is about 
20m or less, and the slides at the farming area 
which have a relatively flatter inclination with 
lower material strength, and higher groundwa-
ter level. The sliding depth in this area is at 
about 30m. 

4.The slide at the farming area is obstructed 
particularly by the funnel-shaped terrain. Its 
toe part is obstructed by mountain range and 
the lower part is separated by terrain and a 
dam. The collapse area is bounded by the dam, 
and most of the collapsed materials are piled 
up at the middle of the valley. Materials 
washed by a small stream below are limited 
which has a remarkable effect in restraining 
the next massive collapse.

5.We use several kinds of strategy to encounter 
many different landslide modes and different 
preservation subjects. For the lower slopes 
along the provincial highway no.18 except by 
maintaining a safe range of groundwater level 
we also need to strengthen them by different 
methods such as: piling, ground anchor, etc. to 
ensure the stability of the slopes. For the 
slopes at the farming area we need to maintain 
the safe range of groundwater level. 

6.The cause of a landslide is complicated and 
full of uncertainty, so we need a detailed and 
accurate investigation to find the real reason 
and suit the remedy to the case, and then use 
the limited resources to acquire a reasonable 
safety demands. 
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1. INTRODUCTION

In geotechnical engineering practice, the calcu-
lation of soil deformation under working loads 
is commonly based on the assumption that the 
state of stress below the state boundary surface 
or pre-yield state is linear elastic. However, it is 
well known that the stress-strain behaviour of 
overconsolidated soils usually shows the highly 
nonlinear from the early stages of loading, or 
subyielding usually occurs for stress excursion 
inside the virgin yield surface (Jardine et al., 
1984). Soils in situ usually possess natural 
structure (Burland, 1990). The complicated 
behaviour of natural clays is significantly 
affected by their insitu or initial structure in the 
form of cementation or interparticle bonding 
(Leroueil and Vaughan, 1990). Hence, in order 
to obtain accurate predictions of the deforma-
tional response, it is necessary to investigate 
and model the naturally structured soil behav-
iour within this range of strains. 

It is common practice in soil mechanics to 
adopt the voids ratio as a state parameter since 
many soils and other materials exhibit volumet-
ric hardening when subjected to both isotropic 
and deviator stress changes (Liu and Carter, 
1999). Various stress-strain models was devel-
oped using this approach (e.g., Schofield and 
Wroth, 1968 and Desai et al., 1986). In this 
paper, the concept of plastic volumetric harden-

ing and destructuring is introduced as the basic 
assumption for the theoretical study. The 
mechanical behaviour of naturally structured 
clays during subyielding is examined. The 
corresponding mathematical formulae describ-
ing the subyielding behaviour are also pre-
sented, which employ implicitly the plastic 
volumetric deformation as a state parameter. To 
demonstrate its performance, the proposed 
postulate for subyielding behaviour is imple-
mented into the Structured Cam Clay (SCC) 
model (Liu and Carter, 2002). The authors 
proposed the SCC model for modelling the 
behaviour of clays in both uncemented and 
cemented state. The SCC model with the 
implementation is used to simulate the behav-
iour of natural clays with cementation in over-
conlidated state. The postulate is then evaluated 
in light of the model performance. 

2. VOLUMETRIC DEFORMATION AND 
HARDENING DURING SUBYIELDING 

2.1. A fundamental assumption of the proposed 
work

A fundamental assumption of the work pre-
sented in this paper is that both the hardening 
and the destructuring of structured clay are 
dependent on plastic volumetric deformation 

ABSTRACT: This paper studies the phenomenon of plastic volumetric hardening, which is a common feature of
the mechanical behaviour of various soils. The naturally structured soils usually show the elasto-plastic behav-
iour from the early stages of loading for a stress excursion below the state boundary surface. A new hardening 
equation for naturally structured clays during subyielding is proposed. The concept of subyielding and the 
proposed hardening equations can be implemented into most constitutive models. As a demonstration, the 
postulate is implemented into the Structured Cam Clay (SCC) model. The SCC model with the implementation 
is used to simulate the behaviour of naturally structured clays in overconsolidated state. A study of soil parame-
ters introduced is also performed. 

A new hardening equation for naturally structured clays during
subyielding

J. Suebsuk, S. Horpibulsuk 
Suranaree University of Technology, Nakhon-Ratchasima, Thailand
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only. The following consequences flow from 
this fundamental assumption. Detailed analysis 
can be seen in a paper by Liu and Carter (2000a, 
2003). (1) The magnitude of plastic volumetric 
deformation of natural clay is dependent on the 
change in size of the yield surface, irrespective 
of the stress path. (2) The current yield surface 
evolves from the initial structural yield surface 
due to the effects of both hardening and destruc-
turing, which are functions of the plastic volu-
metric deformation. Experimental evidence for 
the dependence of hardening and destructuring 
on volumetric deformation may be found in 
studies such as those by Calabresi and Scarpelli 
(1985), Graham and Li (1985), Clayton et al. 
(1992), Carter et al. (2000), and Cotecchia and 
Chandler (2000). 

Because the elastic volumetric deformation 
can be calculated from the current stress state, 
the value of the voids ratio minus the elastic 
contribution thus uniquely defines the plastic 
volumetric strain. Therefore, the size of the 
yield surface is related to the current voids ratio, 
and the current stress state from which the 
elastic volumetric deformation is computed. 

2.2. Two surfaces in p'-q space 

The occurrence of plastic deformation for 
loading below the state boundary surface is 
named as subyielding. The yield surface needs 
to be defined first as it distinguishes the virgin 
yielding behaviour and subyielding behaviour.  
Following the Modified Cam Clay model 
(Roscoe and Burland, 1968), the yield surface is 
assumed to be elliptical as following equation, 

( ) 0* 0
22 =′−′′− pppMq  (1) 

The change in size of the yield surface (dp'0) is 
employed as a basic parameter for studying soil 
behaviour during subyielding. 

The two-surface theory for modelling the 
elastoplastic deformation of materials (e.g., 
Dafalias and Popov, 1975 and Hashiguchi, 
1980) is adopted in this research. The two 
surfaces are the yield surface and the loading 
surface, as shown in Figure 1. The size of the 
loading surface is denoted by p'c, the value of 
which is determined entirely by the current 
stress state. 

Because the effects of anisotropy are not 
studied in this paper, only the variation in the 
size of the yield surface due to soil structure is 
modeled. Hence, the structural yield surface in 
the p'-q space is also assumed to be elliptical in 
shape with the aspect ratio being equal to M*
(Figure 1). The value p's, which represents the 
size of the structural yield surface, is the non-
zero value of p' where the ellipse intersects the 
p' axis. Similarly, the loading surface is as-
sumed to be elliptical and with the same aspect 
ratio M* (Figure 1). 
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Figure 1. Two surface concept for both reconstituted 
and structured soil 
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Figure 2. Compression behaviour of structured soil 

2.3. Isotropic compression behaviour of struc-
tured clays 

Based on the examination of a large body of 
experimental data, Liu and Carter proposed the 
following material idealization for the compres-
sion behaviour of naturally structured as shown 
in Figure 2 (Liu and Carter 1999, 2000b). A 
general compression equation for the isotropic 
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virgin compression of structured clays was also 
proposed as, 

( )
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In the figure, Δe, the additional voids ratio, is 
the difference in voids ratio between a struc-
tured soil and the corresponding reconstituted 
soil at the same stress state. p'y,i is the mean 
effective stress at which virgin yielding of the 
structured soil begins, b is a parameter quantify-
ing the rate of destructuring, termed as the 
destructuring index, and c is that part of the 
additional voids ratio sustained by structure that 
cannot be eliminated by an increase in stress.  
At the yield stress, parameters a and c satisfy 
the following condition, 

ia c e+ = Δ  (3) 

where Δei is the initial value of the additional 
voids ratio (Δe) sustained by the soil structure, 
i.e., at p' = p'y,i, as shown in Figure 2. 

2.4. Virgin yielding behaviour of structured 
clays

Virgin yielding occurs when the current stress 
state stays on the yield surface, which is coinci-
dent with the loading surface. Following the 
Cam clay tradition, the virgin isotropic com-
pression behaviour of structured soils, described 
by equation (3), can be rewritten in terms of 
elastic and plastic parts as follows, 
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The general equation for the volumetric de-
formation of structured soil during virgin 
yielding is obtained, 
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Δe is the current value of the additional voids 
ratio sustained by soil structure for loading 
along general stress paths.  As shown in Figure 
2, Δe = e - e*.  It is necessary to add the sign 
function <a> to the term (Δe - c) in equation (6) 
because, as noted previously, the voids ratio 
component c cannot be reduced by an increase 
in compressive stress. 

The plastic volumetric deformation can be 

written in terms of ( )
p
vd *ε , the part for reconsti-

tuted soil, and ( )
p

evd Δε , the part for the effect of 

soil structure as follows 
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2.5. Subyielding behaviour of structured clays 

Subyielding occurs for a stress excursion inside 
the current yield surface. The structural yield 
surface varies during subyielding and this 
variation is represented by the size change of 
the surface. Two factors affect the size change 
of the yield surface, the hardening effect and the 
destructuring effects, are dependent on the 
volumetric plastic deformation. It is therefore 
possible to link the size change of the yield 
surface or loading surface with the incremental 
plastic volumetric deformation. 

In this study, the plastic volumetric defor-
mation for subyielding is linked to that for 
virgin yielding. The exact mathematical expres-
sion proposed for subyielding is based on 
examination of the available experimental data.  
The following form of the plastic volumetric 
deformation for subyielding is proposed, 
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γα+
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2
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p
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p
vp
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where γ is a material parameter. The higher the 
value of γ, the stiffer the plastic volumetric 
deformation during subyielding. 
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α represents the kinematic hardening effect of 
stress history on the plastic deformation of the 
soil. A simple scalar expression for α is sug-
gested as, 

( )( ),

,
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p p p p
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′
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in which p'c,his is the size of the loading surface 
where unloading or reloading occurs. When the 
current stress state reaches the yield surface and 
dp'c > 0, virgin yielding commences. 

Compared with the plastic volumetric de-
formation for soils during virgin yielding, it 
may be seen that for isotropic stress state, there 
is a smooth transition from subyielding to virgin 
yielding if γ = 0. For other situations, the 
transition is no longer smooth. 

Factor α2 is introduced on the item for plas-
tic volumetric deformation associated with 
additional voids ratio.  This is based on experi-
mental observation that although during virgin 
yielding natural soft clay is much more com-
pressible than the same soil in a reconstituted 
state. There is no evidence that during subyield-
ing a natural soil is more compressible than the 
reconstituted soil. A summary of experimental 
data on compression behaviour of clays with 
various structures can be found in papers by Liu 
and Carter (1999, 2000b). 

Consequently, the following general equa-
tion is proposed, 
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The plastic volumetric deformation contributed 
by destructuring is irrecoverable during cyclic 
loading. For an example, it is rational that this 
part of deformation should be non-expansive for 
a soil with positive Δe.  Thus, an absolute sign 
is introduced for dp'c for the plastic deformation 
associated with destructuring. 

2.6. Subyielding behaviour of structured clays 

In order to define the deviatoric plastic strain, a 
plastic flow rule is required. The flow rule 
proposed by Liu and Carter (2002) is not used 
because the strain increment ratio p

v
p
s dd εε / at

M* = η is infinity. A modification is thus made.  
The flow rule adopted here is as follows 
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where )(. csiyp′  is the mean effective stress on 
the CSL at which the same void ratio as the 
virgin yield of structured soil begins, and )(csp′ is
the current mean effective stress at the same 
void ratio as the virgin yield of structured soil 
begins. Based on the critical state framework, 
the following equation for )(. csiyp′ , )(csp′ , can be 
found
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3. VOLUMETRIC DEFORMATION AND 
HARDENING

For the simulations, only undrained conven-
tional triaxial compression tests with monotonic 
loading are considered. To demonstrate the 
characteristics of the effective stress paths for 
structured soils with subyielding, the influence 
of parameter γ at different values of */* κλ  is 
investigated. Nine parameters are required to 
define the SCC model. They are M*, λ*, κ*,
e*IC, ν*, p'y,i, b, Δei and ω. The parameters 
denoted by * are for soil intrinsic properties, 
which are listed in Table 1. The other parame-
ters describing the influence of soil structure are 
listed in Table 2. The following values of the 
parameters were employed in these calculations: 
M* = 1 (Schofield & Wroth, 1968), b = 1 (Liu 
and Carter, 1999). Five different values of γ
were assumed which are 0.1, 1, 5, 10 and 100. 
The size of the initial structured yield surface is 
assumed to be 100 kPa. The initial stress states 
were p' = 5 (p  << p'sc/2), 20, 40 (p  < p'sc/2)
kPa, 80 (p  > p'sc/2), 95 (p  >> p'sc/2) kPa and q
= 0 kPa. For simplicity, the value of c was 
assumed as zero. The simulations are shown in 
Figures 3 to 6. 
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Table 1. Intrinsic soil parameter 
Parameter M*    λ* κ*        e*IC        v*
Value     1.00  0.15    vary     2.069      0.25 

Table 2. Parameter describing the influence of soil 
structure
Parameter p'y,i (kPa) b Δei ω
Value           100 1           0.8          0.1 
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Figure 3. Influence of parameter γ on the isotropic 
compression behaviour 

The simulated compression behaviour of 
structured soil is shown in Figure 3. It is seen 
that the pre-yield behaviour is mainly controlled 
by parameter γ. The lower the γ value, the larger 
the plastic deformation during subyielding. The 
patterns and ranges of the compression behav-
iour simulated are in consistent with those 
observed experimentally for various clays with 
various forms of structures. A summary of some 
experimental data can be found in the papers by 
Liu and Carter (1999 and 2000b). 

The influence of parameter γ on the effective 
stress paths is shown in Figures 4, 5 and 6. It is 
seen that the effective stress paths for undrained 
tests are strongly affected by parameter γ, i.e., 
the magnitude of plastic volumetric deformation 
induced in subyielding. However, the ultimate 
strength is not affected by γ. This is rational for 
structured soil with c = 0. The ultimate critical 
state strength is only dependent on its voids 
ratio. Natural soft clays usually fall into this 
category (Burland, 1990). 
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Figure 4. Influence of parameter γ on the undrained 
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For tests with p  < p'sc/2, it is seen that the 
pattern of the stress path is controlled by the 
value of γ. For a relative high value of γ, the 
stress paths rise up and cross CSL, then bend 
towards the CSL, and finally reach a critical 
state of deformation. For a relative low value of 
γ, the stress paths rise up and cross CSL. How-
ever, negative pore pressure can occur, which 
indicate expansive volumetric deformation. For 
p  > p'sc/2, the γ affects only the undrained paths 
during subyielding. Compared with that for tests 
with p  < p'sc/2, the influence is considerably 
low.

4. CONCLUSION

The fundamental assumption of this study is 
that both hardening and destructuring of natu-
rally structured clays are dependent on plastic 
volumetric deformation, which is a common 
feature of the mechanical behaviour of many 
geo-materials. The concept of subyielding and 
the proposed mathematical equations can be 
implemented into most constitutive models. As 
a demonstration, the postulate is implemented 
into the Structured Cam Clay (SCC) model. The 
SCC model with the implementation is used to 
predict the behaviour of natural structured clay 
under various loadings. It is seen that the 
proposed postulate on subyielding behaviour of 
soils represents satisfactorily the hardening of 
various naturally structured clays under differ-
ent states. 
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1. INTRODUCTION

Construction soft organic soils faces several 
difficulties. The settlements at loaded subsoil 
usually appear rather quickly but may also 
continue for long time due to creep. The low 
strength causes stability problems, and conse-
quently the load has to be placed in stages or, 
alternatively, the soil must be improved through 
prior treatment (Hartlen and Wolski 1996).  

As in other building projects the choice of 
construction method is a matter of finding an 
optimum solution. Economic as well as techni-
cal aspects must be considered. Such solutions 
will of course vary according to demands on the 
standard, as well as available construction time 
and geotechnical conditions (Larsson 1986). 

Embankment dams, particularly tailings 
dams, are nowadays usually localized in barren 
(swampy) areas in order to save fertile lands 
and to protect environment. In such kind of 
terrain organic soils e.g. peat, are often encoun-
tered. The very special properties of organic 
soils make the improvement of soil foundation 
particularly important. One of the improvement 
methods is a consolidation by preloading or 
construction by stages. In order to accelerate the 
consolidation process vertical drains may be 
installed (Wolski et al. 1988, Lechowicz et al. 
1987).

Comprehensive investigations comprising 
observations at test embankments as well as 
laboratory investigation were carried out to 
study the influence of stress path on the defor-
mation characteristics (Szymanski 1994, 
Lechowicz 1994). 

This paper presents an analysis of factors 
which determine the consolidation course in 
organic soils loaded by earth structures. 

The analysis is focused on non-linear de-
formation-stress characteristics used in calcula-
tion of subsoil consolidation under structures.  

2. DESCRIPTION OF THE TEST AREA 

The laboratory investigations were per-
formed on soft soils taken from test sites located 
on organic soils. 

The two test sites were located in north-
western Poland in the Notec River valley with 
the first near the village of Antoniny (test site 
No. 1) and the second near the village of 
Mielimaka (test site No. 2). The distance be-
tween the two sites is approximately 20 km. The 
river valley is about 10 km wide and the area is 
relatively flat, seasonally flooded, and covered 
with grass vegetation. The upper soft soils in the 
area consist of a layer of amorphous peat on top 
of a layer of fine-grained calcareous soil, 
namely gyttja. Gyttja is organic soil that origi-

ABSTRACT: The paper presents the results of laboratory and field investigations carried out on two kinds of
soft soils in north-western Poland. Comprehensive investigations which included the routine and oedometer tests 
as well as triaxial tests have been conducted in order to study the behaviour of consolidation process in soft
subsoils. Analyses of factors which determine the assessment of the deformation process of soft subsoils are 
presented. The main emphasis has been placed on obtaining the non-linear deformation – stress characteristics, 
which are being used for modelling of the deformation of soft subsoils under the earth structure. 

The factors which determine the soft subsoil deformations 
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nates from the remains of plants and animals 
rich in fats and proteins in contrast with peat 
which is formed from the remains of plants rich 
in carbohydrates. These soft organic soils were 
underlain by a dense sand. 

The geotechnical conditions before the test 
embankments that were constructed are summa-
rized below. 

The physical properties of organic soils at 
the test sites are presented in Table 1 and  
Table 2. 
Table 1. Physical properties of organic soils at test 
site No. 1 

Properties Peat Calcareous
soil

Water content w [%] 310 110 
Plastic limit wp [%] 190 55 
Liquid limit wl [%] 315 110 

Density of solid particles s
[kN/m3]

> 16 >25.5 

Bulk density  [kN/m3] 11.5 14.2 
Dry density d [kN/m3] 2.8 6.8 

Organic matter content IOM
[%]

~ 80 ~ 35 

Degree of humification R 
[%]

~ 60 - 

Table 1. Physical properties of organic soils at test 
site No. 2 

Properties Peat Calcareous
soil

Water content w [%] 380 115 
Plastic limit wp [%] 140 50 
Liquid limit wl [%] 340 120 

Density of solid particles s
[kN/m3]

> 16 >25.8 

Bulk density  [kN/m3] 10.5 14.2 
Dry density d [kN/m3] 2.6 6.7 

Organic matter content IOM
[%]

~ 80 ~ 27 

Degree of humification R 
[%]

~ 60 - 

At the test site No. 1 the organic subsoil 
consists of a 3.1-m-thick peat layer and a 4.7-m-
thick gyttja layer. At the test site No. 2 the 7.5-
m-thick organic subsoil consists of a 6.7-m-
thick peat layer and 0.8-m-thick gyttja layer. 
The groundwater table is present in the peat 
layer at a depth of 0.5-0.8 m below the surface. 
The GWT in the gyttja and sand layers is 0.6-

1.6 m higher than that of the upper peat stratum 
because of artesian pressure in the sand layer. 

From the results of constant rate of strain 
(CRS) oedometer tests carried out with different 
rates of strain it is clear that the peat and gyttja 
are preconsolidated with overconsolidation ratio 
(OCR) of 3 to 4 and 1 to 2 respectively.

3. FIELD INVESTIGATIONS 

At the test sites two embankments were built 
in stages to reach the final height of 4.0 m the 
embankment construction had to be divided into 
three stages (Szymanski et al. 2005).

The subsoil behaviour was monitored by 
means of piezometers, various types of settle-
ment gauges, and inclinometers that allowed 
measurements of vertical and horizontal dis-
placements and pore pressures. 

The measured deformation and pore pres-
sure response, at both experimental sites pro-
vided the basis for the estimation of the influ-
ence of vertical drains on organic subsoil 
deformation.

Observation of vertical displacements in the 
subsoil was performed by means of settlement 
gauges of 4 types: hose, plate, screw and mag-
netic.

Settlement plates and screw plates were in-
stalled at the ground surface and at the interface 
between peat-gyttja and the calcareous soil to 
determine the settlement distribution in the 
main layers. 

Flexible tube of hose settlement gauge used 
to obtain continuous settlement distributions 
across the embankment was installed in subsoil 
before the construction started. 

In order to obtain more detailed information 
on the distribution of settlements with depth, a 
number of magnetic screw settlement gauges 
were installed.

The pore pressures in the compressible lay-
ers were measured at different levels and 
locations using the BAT system. 

The vertical gauges and piezometers were 
installed at the centre of the embankment, at the 
middle of the slopes, at the toes of the slopes 
and outside the embankments. 

Plastic tubes for measurement with the hose 
settlement gauge were installed in shallow 
ditches across the centre parts of the embank-
ments.
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The magnitude of subsoil deformation dur-
ing each construction stage is presented in 
Figure 1. 

Figure 1. Vertical displacements of embankment 
subsoil

The observation of deformation performance 
indicated that the consolidation process consist 
of two stages (Fig. 1 and Fig. 2).

Primary settlement (immediate and 
consolidation)
Secondary and tertiary settlement 
(creep)

Primary settlement is the result of: 
Immediate (initial) undrained elastic 
deformation of the subsoil under a ap-
lied load. 
Consolidation of the soil connected 
with settlement and the expulsion of 
excess of pore from the soil under a 
applied load.

Secondary and tertiary settlement is the re-
sult of creep of material under the effective 
stress. It depends on rheological properties of 
soil and it’s signifficantly time dependent in a 
long period. 

The calculation of initial settlement are per-
formed on the base of elastic theory using 
undrained Young’s modulus Eu and Poisson’s 
Ratio υ = 0.5. To evaluate the deformation 
characteristics triaxial undrained tests are 
performed.

Parameters for calculation the settlements of 
the consolidation stage are delivered from 
compression tests, mainly from oedometer IL 
(incremental loading) test or oedometer test 
with continous loading CL as well as triaxial 
tests.

Figure 2. Course of vertical strain of peat during 
subsoil consolidation 

Figure 3. Course of vertical strain of calcareous soil 
during subsoil consolidation 

For calculations the secondary compression 
(creep settlements) mainly coefficient of secon-
dary consolidation cα is applied. The coefficient 
is evalueted for each load of step during oe-
dometer IL test. This parameter is a function of 
stress history and deformation and the variation 
within the particular range of stresses and 
deformations to be applied in the field should be 
determined. The coefficient of secondary 
compression may be expressed as C =de/dlog t 
or as C =d /dlogt, where C =C (1+eo).

Conventional creep settlements are regarded 
as being approximately linear in log time and 
are described as secondary settlement. In long – 
term tests there is sometimes a downwards 
curvature of the log time-settlement curve in the 
secondary compression phase. This phenome-
non is sometimes called tertiary compression. 
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4. LABORATORY TEST RESULTS 

Laboratory tests presented in the paper were 
performed on peat and calcareous soil samples 
taken from organic subsoil. These laboratory 
investigations consist of routine test, oedometer 
and triaxial tests as well as permeability tests 
using flow-pump techniques. Triaxial tests were 
performed to evaluate the deformation and 
strength characteristics for overconsolidated and 
normally consolidated stress states, which are 
required for estimating the displacement of 
organics subsoil. In order to determine the 
deformation parameters for undrained and fully 
drained conditions, triaxial tests were carried 
out (Szymanski et al. 2006). 

The results obtained in laboratory tests for 
undrained conditions are presented in Figure 4 
and Figure 5 and for fully drained conditions 
are shown in Figure 6 and Figure 7. 

Figure 4. Variability of undrained modulus Eu
obtained in triaxial tests CU for peat 

Figure 5. Variability of undrained modulus Eu 
obtained in triaxial tests CU for calcareous soil 

The relationship between the Young 
modulus Eu for undrained conditions versus 
deviatory stress q and consolidation stress c
can be shown as follows: 

21
c0uE ββ σ⋅⋅β= q ,  (1) 

where β0, β1, β2 - empirical coefficients. 
The analysis of test results gives the follow-

ing values of empirical coefficients to Equation 
(1) for peat: β0=17.5, β1=-0.86, β2=1.70 and for 
calcareous soil β0=3.51, β1=-0.78, β2=2.11.

The relationship between the Young 
modulus E for fully drained conditions versus 
effective stress components σ'1 and σ'3 can be 
shown as: 

21 ''E 310
αα σ⋅σ⋅α= ,  (2) 

where α0, α1, α2 - empirical coefficients. 
For organic soils from the Antoniny site the 

following values of empirical coefficients to 
Equation (2) for peat are obtained α0=2770,
α1=-1.95, α2=2.16 and for calcareous soil  
α0 =947, α1 =-1.12, α2 =1.53. 

Figure 6. Relationship between Young’s modulus E 
and effective stress component ’3 obtained in 
triaxial tests CD for peat 

Figure 7. Relationship between Young’s modulus E 
and effective stress component ’3 obtained in 
triaxial tests CD for calcareous soil 
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Considerable secondary deformations which 
depend on time occur in organic soils 
(Szymanski and Sas 2001). Creep tests were 
performed in standard triaxial cells for peat and 
calcareous soils. For each soil two series of tests 
were performed: first on unconsolidated sam-
ples and second on samples consolidated under 
the effective stress of about 35 kPa. Test series 
were done under different deviatoric stresses. 
Creep tests were performed to evaluate the 
stress-strain, stress-rate of strain and the time 
dependent characteristics (Fig. 8). 

Figure 8. Strain versus log time for consolidated peat 

Figure 9. Rate of strain versus log time for in-situ 
calcareous soil 

Results of laboratory tests indicated that the 
parameters describing secondary compression 
depend to considerable extent on the effective 
stress level. Conventional creep settlements are 
regarded as being approximately linear in log 

time and are described as secondary settlements. 
In the long-term tests there is sometimes an 
upwards curvature of the log time-settlement 
curve in the secondary compression phase. This 
phenomenon is called tertiary compression 
(Szymanski et al. 2005). 

The analysis of the development of vertical 
and horizontal strains in organic soils during the 
deformation process indicates significant creep 
of the soil skeleton.

It is important that the rate of strain can in-
crease or decrease during the creep phase and 
depends on the level of deviatoric stress. The 
rate of strain decreases when the applied devia-
toric stress is lower than deviatoric stress at 
failure. On the other hand when deviatoric 
stress is higher the rate of strain initially de-
creases and than continuously increases until 
creep failure. Consolidation of subsoil signifi-
cantly caused a decrease of the strain rate. 

4. DISCUSION OF THE RESULTS 

Observations of the consolidation process in 
organic soils demonstrate large values and a 
non-linear character of deformation. Therefore, 
the prediction of consolidation performance in 
organic subsoil should be carried out by meth-
ods which take into account the variation of soil 
parameters and large strains analysis. 

Laboratory tests presented in this paper indi-
cate that the strength parameters c' and '
depend on the stress range, therefore the differ-
ent values should be used for overconsolidated 
and normally consolidated stress state. It is 
important to note that deformation parameters E 
and Eu depend not only on the stress range but 
also on stress level and stress history. 

Analysis of the development of vertical and 
horizontal strains in organic soils during the 
deformation process indicates significant creep 
of the soil skeleton. The part of strain can be 
described by s for a given consolidation stress 
depending on time and stress level. 

Observations of the consolidation process in 
organic soils demonstrate large values and a 
non-linear character of deformation. The use of 
consolidation theory for the prediction of soil 
displacements under embankments requires 
taking into consideration the variable soil 
parameters which depend on the effective stress 
level and preconsolidation phenomena. 
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This fact should be taken into consideration 
in the modeling process of consolidation per-
formance.

5. CONCLUSIONS

Observations of the consolidation process in 
organic soils demonstrate large values and a 
non-linear character of deformation. The use of 
consolidation theory for the prediction of soil 
displacements under embankments requires 
taking into consideration the variable soil 
parameters which depend on the effective stress 
level and preconsolidation phenomena. 

The results of laboratory and field tests of 
organic soils indicate a different character of 
variation within the parameters. The passage 
from the overconsolidated stage to the normally 
consolidated state produces important changes 
in the values of strength parameters c' and ', as 
well as in the deformation parameters E and Eu..
The proper values of modulus numbers and 
exponents, which are valid for overconsolidated 
or normally consolidated state, should be 
applied. Moreover, the secondary compression 
described by s should be predicted using 
parameters which depend on time and effective 
stress components. 

The modelling of consolidation cause in or-
ganic soils should take into account non-linear 
permeability characteristics describing the pore 
water outflow from consolidated soils. 
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1.  INTRODUCTION AND SCOPE 

Since CPT-data nowadays are easily available 
in a digital format the topic of their proper use 
and interpretation should be high on every-
body’s agenda. This paper presents the results 
of a research program that tried to address this 
topic by identifying and listing the criteria that 
are most suitable for Belgian subsoil profiles 
with special attention to the soil identification 
and to the dertermination of shear resistance 
parameters and soil stiffness parameters. 

The numerical data used for the calibration 
of these correlations consist of CPT tests, 
laboratory tests and bore logs. 

A limited number of case studies ( Sint-
Katelijne-Waver, Beveren en Limelette ) were 
selected because of their well known and 
homogeneous soil profiles with soils that are 
representative for larger geolological formations 
in the northern part of Belgium: 
• Sint-Katelijne-Waver:

The soil profile consists of a thin silty sand 
layer above a thick deposit of Tertiary over-
consolidated stiff Boom Clay. A detailed 
discussion of the site with a dicussion of in 
situ and laboratory tests is given by Menge, 
2001. A typical CPT-result is presented in 
Figure 1. 

Figure 1 CPT Sint Katelijne Waver 

• Beveren - (Verrebroek): 
For the development of the Antwerp harbour 
area a number of new tidal docks are under 

ABSTRACT: This paper deals with a number of correlations between measured data such as qc, fs, … and 
derived soil characteristics for the identification of soils and for establishing design values for soil characteristics 
such as shear resistance, stiffness, …that were found to be suitable for soils in the northern part of Belgium. A 
number of case studies are presented that are typical for soil profiles in this region. In addition to CPT-results 
one could also make use of bore logs, triaxial tests, oedometer tests, as well as various other in situ tests in every 
case study. This paper starts with a discussion of the most suitable empirical correlations. A second part de-
scribes an easy to use computer spreadsheet application that allows for an automatic soil profile generation and 
listing of the appropriate soil parameters. It is possible to use data of “Databank Ondergrond Vlaanderen” ( the 
internet database on soil data in Flanders ) trough a simple copy-paste operation. 

Isis.cpt – Automatic interpretation of CPT-results 

Dr ir Koenraad Thooft 
De Nayer University College – Association Leuven Catholic University – Sint Katelijne Waver -
Belgium
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construction on the left bank of the Scheldt. 
The soil profile consists of a number of 
normally consolidated quartz sands, tertiary 
overconsolidated Antwerpian sands with a 
high glauconite content and overconsoli-
dated stiff Boom Clay.  A more detailed dis-
cussion of the site, in situ tests and labora-
tory tests is given by Van Tichelen, 2001. A 
typical CPT-result is given in Figure 2. 

Figure 2 CPT Beveren ( Verrebroek ) 

• Limelette:
The soil profile consists of a silt layer and 
overconsolidatidated calcareous Brussel 
Sands. a more detailed discussion of the site, 
in situ tests and laboratory tests is given by 
Van Alboom, 2003. A typical CPT-test is 
given in figure 3. 

The location of these sites in Belgium is 
given in Figure 4. The evaluated sites give a 
wide range of  both non-cohesive soils, such as 
quartz sands, calcareous sands and sands with a 
high glauconite content as well as cohesive soils 
such as silt and stiff clay. Peat and soft clay 
were not included in the study. 

Figure 3:  CPT  Limelette 

Figure 4 Location of the test sites in Belgium 

2. IDENTIFICATION OF SOILS AND 
DETERMINATION OF SOIL 
PARAMETERS

2.1. Soil identification 

Making use of local skin friction fs and cone 
resistance qc results in an easy soil identifica-
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tion, as given in figure 5 according to CUR 162. 
When using CPTU-tests, one can also take into 
account pore excess pressure making use of the 
Robertson criterion, given in figure 6. 

Figure 5: Soil identification  according to CUR 162 

Figure  6 Soil identification according to  Robertson 

When using these criteria ( CUR 162, 
Robertson ) to evaluate the Antwerp site one 
finds a correct soil identification for every soil 
layer, except for the sands with a high glauco-
nite content. For the latter case the Robertson 
criterion yields an overconsolidated ( silty or 
clayey ) sand. This conclusion is not surprising 
considering the high glauconite content and the 
observation that glauconite has a mineral 
structure very similar to clays in the illite group. 
The Robertson criterion is the only one that 
differentiates between normally consolidated 
soils and overconsolidated soils and is therefore 
preferred. For the other soil profiles such as 

Limelette (silt and overconsolidated calcareous 
sand) and Sint Katelijne Waver (stiff clay) both 
CUR 162 and Robertson yield results consistent 
with the soil profile. 

2.2. Shear resistance of soils 

A detailed discussion of the relevant criteria 
is given by Thooft, 2002 or Thooft, 2007. When 
using these criteria for the sites reviewed in this 
paper one can compose table 1 and conclude as 
follows.

Table 1 Angle of shear resistance for various criteria 
and for triaxial tests 

site
c.u.

triaxial
tests

Durgunoglu
Mitchell
( 1975 ) 

Mlynarek et 
al.

( 1995 ) 
Beveren

Waas 32° 32° 30° 

Beveren
Waas 23° 15° 23° 

Katelijne
Waver 27° 14° 24° 

Limelettte 34° 28° 30° 

• Mitchell & Durgunoglu yield realistic values 
for the angle of schear resistance for sand 
and result in a significant overestimation in 
stiff clay. 

•  Mlynarek et al. yiels realistic values for stiff 
clay and result in a slight underestmation for 
the angle of shear resisitance in sand

2.3. Soil stiffness 

The best results are found with the correla-
tions of Trofimenkov ( 1995 ):

E = 3,4 qc + 13 
with E and qc in MPa 
for overconsolidated sands ( 122 MPa ) 

E = 7,8 qc + 2 
with E en qc in MPa 
for normally consolidated sands ( 6 MPa ) 
and for stiff overconsolidated clay ( 41 MPa ) 

Laboratory tests yield 162 MPa for overcon-
solidated Antwerp Sand, 81 MPa for stiff 
overconsolidated Boom Clay and 6 MPa for 
normally consolidated quartz sands. The 
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Trofimenkov equations are therefore most 
consistent with normally consolidated quartz 
sands but result in a significant (safe) underes-
timation for overconsolidated soils. 

2.4. Software implementation 

The findings of the research program were 
implemented in a Visual Basic and Excel 
application that automatically results in a soil 
pofile with the identification of the soil layers 
together with numerical values for shear resis-
tance parameters and stiffness parameters. It is 
conceived in 2 different modules; the automatic 
defined module structure is outlined in figure 7. 

Figure.7: Program structure 

AUTOMATIC –DEFINED

Robertson     or Fugro 

• Applicable to: electric CPT
• Input: qc & fs

automatic soil identification and
soil profiling 

Parameters

Figure 8. Output of the soil parameters (Sint Katelijne Waver site ) 
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Each module consists of 4 blocks: input of 
CPT-data, soil identification and soil profile 
generation, calculation of the soil parameters 
and graphical output and possible manipulation 
of obtained soil profile data. The automatic 
import of CPT-data is possible through GEF-
format compatible data files. Manual import ( 
through elementary copy-paste actions ) is also 
possible for CPT-tables ( through a scan with 
text recognition ) and for other digital data in 
non-GEF-format compatible data files. 

Layers with a thickness, less then 0,25m are 
ignored in the soil profile. The output gives the 
soil profile superimposed on the CPT-diagrams 
(qc versus depth, undrained cohesion versus 
depth, angle of schear resisitance versus depth 
and stiffness versus depth) together with the 
same data ( averaged per layer ) in a tabulated 
form, as shown in figure 8. 

Finally it is possible in the output stage to 
customize the automatically generated soil 
profile and obtained averaged parameters per 
layer: layers can be merged and renamed, 
possibly with a more suitable local soil name or 
geological indication: the originally generated 
layers and numerical values are retained as 
sublayers and new soil parameters are calcu-
lated from a weighed harmonic average giving a 
higher importance to the soft soil layers to be on 
the safe side. 

The program also includes calculation mod-
ules for the GEO ULS calculations of shallow 
foundations, according to the informative annex 
on the Prandtl-Meyerhof method in EN 1997, 
and for the GEO ULS calculations for axially 
loaded single piles according to both the infor-
mative annex in EN 1997 and to the De Beer 
method, that is widely used for this purpose in 
Belgium.

3. CONCLUSIONS AND 
ACKNOWLEDGEMENTS

The paper presents results of a project 
funded under IWT-HOBU governments grants 
as HOBU-project 00216, whose support is 
gratefully acknowledged. The results show that 
empirical correlations are consistent with 
laboratory tests results. When their use results 
in more optimistic values then suggested by 
Eurocode 7 when only using CPT-results the 
empirical correlations can be used as a motiva-

tion for supplementary laboratory tests when 
designing foundations or other geotechnical 
structures.

The original research project concentrated 
on electric CPT’s, but is at present extended to 
mechanical CPT’s, that are still widely used in 
Belgium in areas with thin stone layers,…. At 
present more research is done into the influence 
of overconsolidation on calculated values of 
friction ratio to obtain a better idea of the depth 
of the interface between normally consolidated 
and overconsolidated soils. 
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1. INTRODUCTION

Unlike the prediction of epicenter and timing of 
earthquakes, soil behavior and surface dam-age 
can be predicted utilizing geologic and geotech-
nical site conditions, as well as prior seismic 
behavior of the area. Implementing these 
conditions into a map results in earthquake-
hazard maps, which can be used as a predictive 
tool for seismic policy development and emer-
gency planning (Levson et al., 1998). 
Possible applications of these maps are various 
and include: 
1. identification of geological vulnerable areas 

with critical facilities; 
2. selection of suitable areas for new facilities; 
3. prioritization of seismic upgrading pro-

grams;
4. recognition of high hazard areas requiring 

special study or restricted development; 
5. assessment of property insurance; 
6. risk estimation; 
7. establishment of more stringent require-

ments where needed. 
One of geohazards for which zonation maps are 
made is the liquefaction. 

Croatia is a state with a seismic activity, 
which cannot be ignored. In 1880 Zagreb, the 
capital city of Croatia went through an earth-
quake with magnitude of 6.3 with several well-

documented occurrences of liquefaction (Tor-
bar, 1880). The potential for soil liquefaction, 
which would induce lateral spreading move-
ments, settlement and potential loss of support 
for foundations, is important geotechnical 
concern. Increased accuracy in liquefaction 
potential assessment may lead either to reduced 
construction costs or to the adoption of a safer 
design.

In the paper, the first approach of liquefac-
tion potential assessment for the Sava river 
plain near Zagreb is presented. Basics for the 
assessment and preliminary zonation were 
Eurocode 8 (2003), Manual for Zonation on 
Seismic Geotechnical Hazards (1999) and state-
of-the-art reports related to liquefaction with the 
local conditions taken into consideration. 
Criteria for liquefaction potential assessment 
were geologic, geomorphologic, stratigraphic, 
hydro geologic and seismologic. 

2. LIQUEFACTION

At certain conditions, stable cohesionless sands 
and coarse silts with considerable shear resis-
tance (capable to support large loads without 
yielding) can lose their strength and turn into 
viscous liquids. The mechanisms effecting this 
change of state from solid-like to liquid-like are 
those of liquidization (Allen, 1984). 

ABSTRACT: During the 1880 Zagreb earthquake (M ≈ 6.3) liquefaction occurred at several locations. In the 
paper the first approach of evaluation for liquefaction susceptibility of Sava sediments in vicinity of Zagreb is 
presented. Evaluation has been performed according to “Eurocode 8”, “Manual for Zonation on Seismic Geo-
technical Hazards” (1999) and state-of-the-art reports on liquefaction. Absolute dating (14C) of fossilized trees 
samples, collected at five locations, has been performed, which represents the only experiments of this kind 
performed for River Sava deposits at Zagreb area related to evaluation for liquefaction susceptibility. 

Result of the evaluation for liquefaction susceptibility is preliminary qualitative prognostic map of liquefac-
tion potential for Zagreb area. 

Assessment of liquefaction potential of the sava river plain near 
Zagreb

Z. Veinovic, B. kovacevic Zelic, P. Kvasnicka, D. Domitrovic 
University of Zagreb, Faculty of mining, geology and petroleum engineering, Croatia 
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A break-down of the skeleton of the material 
to such a degree that grains are no longer 
mutually supported but become temporarily 
separated and dispersed in the pore fluid is a 
mechanism of liquidization called liquefaction 
(Cassagrande, 1936). 

Once the cyclic stress applications stop (re-
turn to a zero stress condition) there will be a 
residual pore water pressure in the soil equal to 
the overburden pressure, and this will lead to an 
upward flow of water which could have damag-
ing consequences for overlying layers. The up-
ward flow of water to the ground surface may 
cause surface manifestations of liquefaction, 
such as "sand boils" (Fig. 1). These manifesta-
tions are the actual evidence of liquefaction 
occurrence during the 1880 Zagreb earthquake. 

Figure 1. Sand boils (Birdiez's, 2008) 

Liquefaction can have many effects on ground 
soil and objects at the surface or on under-
ground objects. Except from "classical indica-
tors" mentioned above (cracks on objects and 
top-soil, sand boils, gushing water etc.) lique-
faction actually provokes: 
• lateral spreading; 
• triggering landslides; 
• loss of support; 
• buoyancy of buried objects (partly empty 

storage tanks, large pipes). 
Apparently, liquefaction is very important 
problem related to earthquakes and cannot be 
ignored or marginalized. 

3. ZONATION ON LIQUEFACTION 
POTENTIAL

According to Eurocode 8 (2003), Part 1, the 
construction site and the nature of the support-
ing ground should normally be free from risks 
of ground rupture, slope instability and perma-
nent settlements caused by liquefaction or 
densification in the event of an earthquake. The 
possibility of occurrence of such phenomena 
should be investigated according to Section 4 of 
EN 1998-5:200X. 

Ground types A, B, C, D, E, S1 and S2, de-
scribed by the stratigraphic profiles and parame-
ters given in Table 3.1 (in EC 8) and described 
hereafter, may be used to account for the influ-
ence of local ground conditions on the seismic 
action. This may be done also by considering 
additionally the influence of deep geology on 
the seismic action. Ground types important for 
these studies are:
• S1 Deposits consisting – or containing a 

layer at least 10 m thick – of soft clays/silts 
with high plasticity index (PI> 40) and high 
water content (indicative). 

• S2 - Deposits of liquefiable soils, of sensi-
tive clays, or any other soil profile not in-
cluded in types A – E or S1. 

The site is to be classified according to the 
value of the average shear wave velocity, vs,30, if 
this is available, otherwise the value of standard 
penetration test (SPT) data should be used. For 
sites with ground conditions matching the two 
special ground types S1 and S2, special studies 
for the definition of the seismic action are 
required. For these types, and particularly for 
S2, the possibility of soil failure under the 
seismic action shall be considered. 

In the research presented in this paper two 
levels of zonation have been utilized. On the 
macro level (City of Zagreb), determination of 
the liquefaction potential has been performed 
according to first level described in Manual for 
Zonation on Seismic Geotechnical Hazards 
(1999) as general zoning approach. Criteria for 
evaluation of liquefaction potential were geo-
logical, geomorphologic, stratigraphical, hydro-
geological and seismological. The result is 
preliminary qualitative prognostic map of 
liquefaction potential at Zagreb area.

On the micro level, determination of the liq-
uefaction potential has been performed accord-
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ing to second and third level described in 
Manual, based on in situ research and the data 
on absolute dating of fossilized wood found on 
location. Programs PROLIQ2, LiquefyPro, 
LiquIT and Multiliq have been used for imple-
mentation of the “Youd & Idriss” procedure 
(youd et al., 2001). Data has been incorporated 
in the database specially designed for this 
purpose, and the results were shown in qualita-
tive prognostic map of seismic microzonation. 

4. HISTORICAL DATA ON 
LIQUEFACTION AT ZAGREB AREA 

On the November 9th 1880 Zagreb suffered 
heavy damage on all 3830 buildings (fig. 2) due 
to earthquake with magnitude approximately 
6.3. Only two people were killed. 

Figure 2. Building devastated during 1880 Zagreb 
earthquake. (Pinta, 2008) 

The earthquake has been provoked with Zagreb 
fault – seismically the most active fault in this 
part of Croatia. The most important fact related 
to this earthquake is liquefaction occurrence at 
several locations. It is not known whether 
liquefaction has caused any damage on the 
buildings but six cases of water gushing from 
earth and consequential formation of sand boils 
has been reported (Torbar, 1880). 

5. GEOLOGICAL MODEL OF THE SAVA 
RIVER PLAIN NEAR ZAGREB 

Some 11500 years ago (Holocene) Sava was a 
strong braided river and until 1900’s it had 
many connected and intertwined channels 
separated with sand/gravel bars. Today, after 

regulations and natural weakening, it became a 
river with one meandering channel. 

Sand deposits susceptible to liquefaction are 
not large and continuous but strictly small 
lenses.

14C dating for geological purposes in Sava's 
alluvium proves that Sava has been strong river 
until two thousand years ago. Several fossilized 
trees have been found during excavation for 
foundations (fig. 3) or at gravel pits. Absolute 
dating of sediments is important for liquefaction 
potential assessment, because the younger 
sediments are they are more susceptible to 
liquefaction.

Table 1 shows relationship between the 
depth where trees have been found and age. 

Table 1. Relationships between age and depth of 
fossilized trees found in the Zagreb area. 

Location age 
[years]

depth
[m]

Overlaying/
underlaying

Gravel pit 
“Abesinija”

1725
+/-100

4-10 Gravel/ 
Clay

Siget 2105 
+/-115

4-10 Gravel/ 
Gravel

Heinzelova 3405 
+/-120

7,55 Gravel/ 
Gravel

Nova loza 1165 
+/- 55 

3-6 Gravel/ 
Sand

Figure 3. Fossilized tree from Siget – Avenue Mall 
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Figure 4. Preliminary qualitative liquefaction potential map of Zagreb area with the locations of liquefaction 
occurence during Zagreb earthquake of 1880 (A – Stupnik, B – Jarun, C – Resnik, D – Ivanja Reka, E – Drenje, 
F – Trstenik); locations of fossilized trees found in the Zagreb area (1 – gravel pit "Abesinija", 2 – Siget, 3 – 
Heinzelova, 4 – Nova loza); investigated sites (NL – Nova loza, MD – "Moj dvor", AB – "Abesinija") and the 
epicentre of the 1880 earthquake (K). 

6. DATABASE AND LIQUEFACTION 
HAZARD MAPS 

For practical purposes of introducing liquefac-
tion zonation and producing maps a database is 
essential. Creation of the earthquake hazard 
map requires integration of geotechnical data 

with surficial geology mapping in geographic 
information system (GIS) format in which 
liquefaction and ground motion amplification 
hazards, for each geological map unit, are 
assessed both qualitatively and quantitatively 
(Levson et al., 1998). Geological map units with 
the amplification of ground motion and lique-
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faction hazard ratings should be shown on the 
resulting maps. 

Special database has been developed for the 
project (Veinovi , 2007) presented in this paper. 
Apart from all relevant data on soil, needed for 
liquefaction analysis (borehole data, percentage 
of fines, SPT data, etc.), it includes data on 
earthquake, peak ground acceleration and other. 
Finally, values of safety factor, calculated with 
several liquefaction deterministic software 
(PROLIQ2, LiquefyPro, LiquIT and Multiliq) 
are included in database. 

Results are shown at figure 4. 
Figure 4 presents preliminary qualitative 

liquefaction potential map of Zagreb area with 
the locations of liquefaction occurrence during 
Zagreb earthquake of 1880. Zonation shown on 
this figure is macrozonation, based upon first 
level of zonation described in Manual for 
Zonation on Seismic Geotechnical Hazards 
(1999) with geological, geomorphologic, 
stratigraphical, hydrogeological and seismol-
ogical data used as criteria for evaluation of 
liquefaction potential. Three areas were isolated 
– area with the most probable liquefaction 

(recent Sava alluvium and deposits of local 
brooks), area of probable liquefaction (deposits 
approximately 2000-3000 years older than Sava 
alluvium) and area of possible liquefaction 
(deposits aged 3000-11500 years). Basically all 
three areas can include liquefiable materials 
than can undergo liquefaction if all criteria are 
met: earthquake stronger than M=6, saturated 
coarse unconsolidated materials. 

More accurate map of smaller part of Zagreb 
area is in preparation. On it, zones of probabil-
ity of liquefaction will be outlined based upon 
the calculation of safety factor for liquefaction 
occurrence with deterministic software on SPT 
data. Hundreds of boreholes from different 
sources are being analyzed and prepared for 
calculations of the safety factors thus making 
the future map more reliable and accurate. 

Figure 5 shows results of calculation of Cy-
clic Stress Ratio (CSR) vs. normalized blow-
cunts of SPT for one borehole. 

Figure 5. Cyclic Stress Ratio (CSR) vs. normalized blowcunts (N1) of SPT for one borehole. Magnitude is 
maximal expected (M=6 ½) and the total overburden pressure at test point, during earthquake (kPa) sigma=1. 
Depths of the SPT’s are: 1 – 1.00m, 2 – 2.00m, 3 – 4.00m and 4 – 5.50m. 
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7. CONCLUSIONS

With European integration of Croatia as a 
political, and seismicity of this region as practi-
cal reason seismical zonation and more specifi-
cally liquefaction zonation are essential. 

Geological circumstances in the vicinity of 
Zagreb are specific and therefore special geo-
logical model had to be developed. Soil layers 
susceptible to liquefaction are small sand lenses 
connected to meanders of secondary river 
channels. Bases to liquefaction zonation must 
be set ac-cording to Eurocode 8 with local 
characteristics of Croatian soils taken into 
consideration.

Preliminary qualitative liquefaction potential 
map of Zagreb area is the first result of zonation 
project. Based solemnly upon geological, 
geomorphologic, stratigraphical, hydrogeologi-
cal and seismological data it can only point to 
certain areas of interest on which proper – 
quantitative zonation has to be performed. 

At the moment, large quantity of geotechni-
cal borehole reports, with SPT results, is being 
analyzed in order to perform calculations of 
safety factors for liquefaction. Results will be 
shown in quantitative liquefaction potential map 
of part of Zagreb area, thus creating applicable 
microzonation map. 
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Session 3 

GEOTECHNICAL ASPECTS
OF RECONSTRUCTION

OF HISTORICAL CITIES AND 
MONUMENTS PRESERVATION 





1.  INTRODUCTION 

The building is two stories of brick masonry. It 
was built in 2002 ac. The footing is raft type 
with bearing walls i.e. not integrity with 
foundation (Ulitsky and Shashkin, 1999). The 
internal finishing has been completed before 
exploitation except the external one as shown 
in Fig. 1. After the exploitation by less than 
one year, this building experienced firstly hair 
cracks in the internal plastering. This defect 
increased and the cracks enlarged and elongated 
from the tile elevation till the lintel beams in 
inclination style. 

Fig 1. The east facade of the building (the main 
entrance)

Fig 2. The crack is shown on the main corridor of the 
building

This deterioration continued and reached the 
walls of the 1st floor, as shown in figures (2, 3, 
4, and 5). These figures are some of many 
others were taken. The building was considered 
unsafe.

ABSTRACT: A two stories brick masonry building experienced severe cracks and it is considered unsafe for 
exploitation. In this paper a method was analyzed and implemented to be the solution for this problem. The 
method consists, design of new footing outside the existing building with stabilization the soil under footing by 
replacement stabilized boulders by cement, new columns and girders to transfer the loading to the new footings. 

Reconstruction of two stories brick masonry building

Riyadh A. Abbas 
Al.Muthana University 

Hussain M. Al.Khuzaie 
Technical Institute of Samawa 

Nihad Tariq
Baghdad University 
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Fig.3: The cracks in the interior of the building 

Fig. 4: The crack in the wall of the building is in 
inclined view 

Fig. 5:  The same as in Fig. 4 

Here the authors emphasize that the photos 
shown in above figures were taken by them-
selves after the failure of the implementation of 
the remedial in 2005 as it will be mentioned 
below (the first solution was suggested and 
executed by the engineering department of 
Al.Qadisiya University). It is well shown that 
the first method for remedial is not succeed. 

This deterioration also appeared in the 
ground floor tiles at the east entry of the build-
ing rather than the other side; the defect was 
under monitoring at 2004 ac. The wall tiles of 
the toilets fractured and the building is in 
dangerous situation. The first suggested method 
for remedial and reconstruction (which failed) 
were executed 2005 ac. The proposed method 
was executed by the engineering department of 
Al.Qadisiya University (where this building is 
belonging to) can be summarized in using 
grouting under the foundation and the montage 
of facades of the building was completed 
internally. The building after 6 months again 
experienced the same defects but in drastically 
increasing, this new defects appeared at the 
beginning of 2006 (as shown in figs 2, 3, 4, and 
5). This means that the way which was used to 
stop the deterioration is not the suitable and not 
correct one. The building again was under 
monitoring by the authors. 

In our opinion the failure in the foundation 
its self is structural failure and due to geotech-
nical problem (Dalmatov 1992). To check the 
structural failure a core test was conducted in 
the reinforced concrete foundation in different 
locations; it was found that the thickness of the 
foundation is 0.3 m less than the design thick-
ness (0.4m), the authors during the monitoring 
of the building found that the old footing 
fractured clearly as shown in Fig.6 The steel 
reinforcement is also with arrangement differs 
from that according to the design. The second 
concept is also there is no fixation between the 
footing structure and the super structures (the 
walls).
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Fig.6: Fracture in the mat foundation (existing 
footing)

As reported in Soil Investigation Report for 
the site of the University Campus in Samawa 
2005(refer to Reference List) the predominant 
formation of soil beneath the foundation level is 
of silty- clay type. The bearing capacity of this 
soil is not more than 50 kPa. Some of saline 
clusters are encountered in different levels, (The 
same reference). 

The ground water table was found at level 
0.6 m under the ground level on January 2005 
as mentioned in the soil investigation report (the 
above reference).The fluctuation of water table 
during the annual seasons are causing in disso-
lution of these encountered salts ( as a fact in 
many literatures like; Al.Khuzaie  2003, 
Al.Mufty 1997,and Petrukhin 1989). This may 
be considered as one of reasons of settlement of 
this building. 

The new approach for reconstruction of 
the building: 

From review all the suggested methods for 
repair this building it can be concluded the 
following two points: 

1- The grouting of the soil underneath the 
existing foundation is not the suitable method 
for recovery. This fact can be reflected by the 
appearance of the severe cracks in the building, 

i.e. the method not succeeded to stop the dete-
rioration in the serviceability. 

2- Some of these suggestions are concerning 
to remove the building without any investiga-
tion the way for reconstruction of the building 
to be safe for exploitation. 

In this paper the authors have been studied 
the problem intensively to know the structural 
causes and the geotechnical reasons of the 
settlement. It was found that the building has 
experienced differential settlement due to the 
high level of the water table and the dissolution 
of salts found in the soil, in addition to that the 
unavailable integrity of the sub and super 
structures. It means there are no fixation be-
tween the foundations its self and the walls. In 
addition to that the way of construction of the 
footing seems not good way due to the defi-
ciency in experience. 

The proposal, which was studied, analyzed 
by the authors and then executed, for solving 
the deterioration of the building as follows: 
• Construction new strip footing around the 

building with reinforced concrete columns 
(as shown in Fig.7). These columns will be 
in locations permit to connect steel girders 
with columns in brackets as shown in the 
same figure. This way will assist in transfer-
ring the loading to the new footing. The 
steel girders (I section) can bear the roofing 
pressures. This load will go to the columns 
and then to the new foundation. To release 
the loading from the old foundation it will 
be used Jacks to raise the slab at contact 
points with girders by few millimeters. This 
will enable the new foundation bear loading 
and will be in the loading mechanism.
Fig. 8 represents the strip footing layout on 

the axis AB, the same pattern will be found in 
details in the technical report which was per-
formed by the anthers, refer to the references. 
While in Fig. 9 is shown the steel girders 
connected to the brackets and columns. 
• Considering the low bearing capacity of the 

soil, the soil under the new foundation were 
removed and compensated by big boulders 
stabilizing by cement (sulphate resistant 
type V). The refill by these materials was 
compacted well to increase the bearing ca-
pacity of this foundation bed (Konovalov 
1988 and Abelev 1986). 

495



The structural analysis has conducted for 
grid lines to all grid lines of the building and as 
shown in Fig. 10 the arrangement of loading of 
strip footing in grid line AA , the same method 
was used to analyze the other strip footings in 
the remaining grid lines, (McCormack, 1984 

and Wang. and Salmon, 1985). The details of 
analysis for determinations loading, shear forces 
and the moments are presented in the technical 
report for this project as referred in reference 
list.

Fig. 7. Layout of new strip footing and columns in plan 

Section along AB 

Fig.8: Layout of the Strip Footing along the grid line AB. 
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Fig. 9: General View for Connection of Steel Girders 
with Columns in Brackets 

The photos 1, 2 shows the new foundation 
and the implementations of new structures to 
bear the loading of the building in slab-beam-
column system are under construction, the 
construction was commenced on June 2007. 

Photo 1. Reinforcing the strip footing 

Photo 2. Completion of construction of strip footing 

Grid line AA

Fig.10: The loading arrangement of strip footing in grid line AA .

497



The photo 3 shows the 3D view for the main 
façade that was suggested to be convenient to 
the new reconstruction. 

Photo 3. The suggested façade for rehabilitation of 
the Main Entrance for the Building. 

CONCLUSIONS:

The following points can be drawn from this 
paper:

1. The good investigation of the soil under 
footing is the best manner to avoid any future 
problems in construction for any project.

2. The considerations and measures that 
should be used in design and construction are 
the first priority to draw in the mind of design-
ers and executive engineers.

3. In this paper it was shown that the faults 
of engineers from design side and construction 
one are leading to huge problem from the effort, 
time and cost point of view. 

4. The remedial and reconstruction are pro-
posed and implemented are the best way to 
maintain the building from removal and it can 
be used again. To monitor this work and to 
insure the stability of the building it is sug-
gested to install marks for monitoring and to 
check the safety of the building during the 
exploitation.

5. The implementation of strip footing can 
be used without any need to execute the mat 
foundation (raft footing) effectively.

6. This type of soil at the bed of footings can 
be stabilized by using compacted big boulders 
in significant result of enhancing the bearing 
capacity of soil. 
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1.  INTRODUCTION 

The paper is about the story of one modern 
building arisen with a 4 level basement, a 
ground floor and 18 office levels. (see photo 1)

In order to build the 4 levels basement a 
deep excavation was necessary. As shown in 
Figure 1, the chosen location is in the very 
proximity of some old constructions (the Arme-
nian Complex and a block of flats) and at the 
crossing of two high traffic boulevards.

According to the design, the excavation was 
16,15m deep and was sustained by 60cm thick 
and 21m deep walls cast in situ.(photo 2) 

Figure 1. “Armenian complex” and the deep excava-
tion contour 

Photo 1. The new building situated near the Arme-
nian church 

2. GENERAL DESIGN DATA 

From a geotechnical point of view, the em-
placement is characterized by the presented 
formations in Figure 2 that are:

- “Bucharest” clay; 
- “Colentina” sand an gravel complex; 
- intermediary sand; 

ABSTRACT: The paper presents some aspects regarding the ground deformations due to technological incidents 
in the proximity of old buildings as the Armenian Complex (church, school and library) and a block of flats with 
seismic damages. The remedial measurements are also presented. 

The damages and the remedial measurements for some old build-
ings due to a deep excavation in Bucharest downtown 
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- intermediary clay and “Mostistea” com-
plex

The excavation design took into considera-
tion the possible loads due to the seismic 
conditions of the site location. The physical and 
mechanical characteristics for the geotechnical 
formations are shown in Table 1. 

Photo 2. General view of the deep excavation near 
the “Armenian complex” location 

3. TECHNOLOGICAL EVENTS AND 
THE INFLUENCE ON THE 
NEIGHBOURHOOD AREA 

On photos 3 and 4 one can see the buildings 
situated in the vicinity of the excavation under 
slurry walls protection. It is about the “Arme-
nian complex” with 3 main buildings (church, 
library and school) and an old multi-storey 
structure situated in Arcului 4 Street. 

The slurry walls have been designed with a 
length of 21.00m, with 5.00m under the excava-
tion bottom. Analyzing the lithological column 
it results that the excavation is protected against 
boiling, by the length of the slurry walls and by 
the presence of the intermediate clay of 5.00m 
in thickness. 

Considering the irregular form and the di-
mensions in cross section of the excavation 
(starting from 15.00m up to 28.00m) it was 
designed a retaining system using two solutions: 
five levels of prestressed anchors 20.00 to 
28.00m long, with bulbs of 8.00 and 12.00m 
and four levels of steel struts made of pipes 600 
mm in diameter. The calculated force in the 
anchors was 540kN. [Chirica et al, 2004] 

Figure 2. Litological colum and SPT results 
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Table 1 Geotechnical characteristics: 

Soil type Physical
characterististics

Mechanical
characteristics

 n Ic Ip ID M2-3 φ c

 (kN/mc) (%) (-) (%) (-) kPa (º) (kPa) 

Bucharest
Clay 19 40 0.60 32 - 12500 18 30 

“Colentina”
Sand and 
gravel

22 33 - - 0.7 - 36 - 

Intermediary
sand 19.5 30 - - 0.5 16600 25 15 

Intermediary
clay 20 35 0.70 35 - 16600 14 70 

“Mostistea”
Sand 21 32 - - 0.7 11100 30 20 

Photo 3. Armenian complex and the executed slurry 
wall

Analyzing the existing structure of he 
buildings in the close proximity of the site, it 
was decided to increase the safety of the old

multi-storey building in Arcului 4 Street, by a 
screen of tangent micropiles of 180mm diame-
ter drilled 8.00m deep (see photo 5). 

The screen was made before the excavation 
for the slurry walls in that area, in order to 
protect the basement of the building.

The most important technological incidents 
were

(see Figure 3): 

– the execution of the anchors (5 levels A1-
A5) under the underground water level was 
done with important losses of water and granu-
lar material (fine sand) during the drilling; it 
was approximated that volumes between 0.5 to 
1.0 m3 of lost material remained uncompen-
sated for each anchor; 

– defects in the slurry walls, located between 
13.5 and 16.15m deep, consisting in openings 
(holes) 0.30m to 0.50m wide (D1, D2); because 
of the high hydraulic gradient and of the corre-
sponding pressures of the saturated ground 
(about 100kPa) important volumes of water and 
soil material came into the excavation area; in 
photo 6 the D1 defect location is presented. 
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Photo 4. The old multi - storey building in Arcului 4 
street

Photo 5. The screen of tangent micropiles position 
and the beginning of slurry wall execution near the 
old building 

Photo 6. Slurry wall defect situated adjacent to 
Armenian library at 16 m deep (D1 on the Figure 3) 

Analyzing the two types of technological 
incidents it results that the excavation surround-
ing area was influenced especially the founda-
tion ground of the old buildings, with very 
sensitive structures. 

4. MONITORING AND THE FIELD TEST 
RESULTS

The slurry walls performance begun in No-
vember 2000 and the excavation was realized 
during the period February–November 2001.

Taking into account the density of the 
buildings in the vicinity, their bad technical 
shape and the heavy traffic on the two main 
streets, a monitoring system made by settlement 
and cracks marks was installed in order to 
evaluate step by step the effects of the execution 
on these buildings. 

Figure 3 shows the location of the principal 
settlement marks, installed on the most sensitive 
buildings. Also a lot of SPT tests by using a 
heavyweight hammer device were performed 
during four stages as below: 

- stage I having 14 tests during January 2002 
in order to identify the affected zones because 
the technical accidents; 

- stage II having 10 tests; 
- stage III with 39 tests; stage IV with 14 

tests during the period April-July 2002 in order 
to quantify the effect of field consolidation by 
rejections.

- stage IV with 14 tests during the period 
April-July 2002 in order to quantify the effect 
of field consolidation by rejections. 

The evolution monitoring of the settlements 
related with the mentioned technological inci-
dents, leaded to the following conclusions:
• for the Armenian Library, the execution of 

the 3rd level of anchors (-10.55m) and of 
the corresponding excavation lead to set-
tlements increasing of 2.5 to 3 cm; it is im-
portant to observe the strong influence of 
the defect in the slurry wall (D1), leading to 
an increasing of the settlement from 3.0 to 
3.5cm (see Figure 4); 

• for the Armenian School, starting with the 
execution of the 3rd and 4th level of an-
chors some increasing of settlements have 
been registered, from 1.0 to 1.5 cm ; the de-
fect (D2) in the slurry wall had a strong in-
fluence , the settlement increased with 6cm; 
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• for the Armenian Church, situated at about 
20m distance from the excavation , the ma-
jor defect D1 in the slurry wall had an im-
portant effect, with settlement increasing of  
2.5cm; the anchors execution had less ef-
fect (settlements recorded of about 0.5cm). 

For the processing and interpretation of the 
SPT test results, the correlations in table 2 were 
used. According to these correlations, for every 
geological formation were determined equal 
value Rd curves after the execution of slurry 
walls, anchoring and excavation. 

Table 2. Correlations between N20, values of Rd,
dynamic penetration resistance and physical state of soils 

Soil type N20 R20 Physical state 
0 - 10 <50 loose 
10 -20 50 - 95 medium compacted non cohesive 

>20 > 95 soft 
0 - 4 < 24 plastic consistent 
4 - 15 24 - 48 consistent 
15 - 40 48 - 120 stiff cohesive

>40 >120 hard

Figure 3. Surveying marks
and S.P.T. location 

Figure 4. Settlement evolution 
Armenian Library 
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After the processing of the SPT results, it 
could be determined the horizontal and vertical 
extension of the influenced area of the founda-
tion ground as a consequence of the flaws in the 
slurry walls, and also of those of anchoring (see 
Figure 5). 

From the processing of the SPT results, the 
following conclusions were reached: 
• the result of the execution of the slurry 

walls was mainly the aeration of soil by 
n=4% on 8m deep and 4m behind the 

walls;
• by execution of the anchoring with high 

losses of material, the extension of the 
weak area from the foundation ground was 
up to 12 m deep and 4÷6m wide; 

• in the weak area the dynamic penetration 
resistance Rd has diminished from 200÷ 
300 kPa to 50kPa. The above observations 
explain very well the increase in the settle-
ments by 6cm (see Figure 6) for the Arme-
nian Church and Library, and thus the 
spreading of structural flaws. 

Figure 5.  Izocurves for dynamic penetration resis-
tance of “Bucharest Clay” by processing S.P.T. 
results data 

Figure 6. Settlements values and affected area 
extension

5. THE STRUCTURAL SYSTEM CONCEPT 
FOR THE ARMENIAN CHURCH 
CONSOLIDATION

The Armenian Church in Bucharest, with 
Holy Archangels Michael and Gabriel as 
patrons of the church, was built as it is follow-
ing the project of architect Dimitrie Maimoroiu 
between 1911 - 1915.

The execution flaws previously presented, 
led to the reactivation of the settlement process 
and also to the apparition of new structural 
dameges, cracks in foundations beside the 
existing one. 

This process was accelerated by the lack of 
waterproofing of a very old sewer system in 
which a large quantity of water (∼200 m3/day)
was evicted to descend the ground water level 
from the excavation. Immediately, the settle-
ment monitoring process started and a system 
for improving the ground foundations properties 
by injections was designed. 

Taking into account that Bucharest clay has 
a dampness sensitivity of 1.8 % the reactivation 
of settlement process has one more explanation 
beside the major flaws of slurry walls execu-
tions.

Figure 7 shows the distribution of injection 
drillings afferent to “Armenian Church” exe-
cuted in three stages: 
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• stage I – injection drillings of 7÷10 m deep 
equally spaced of 1,85m on 2.4 m wide 
strip;

• stage II – injection drillings of 7÷10 m deep 
at 1.15÷1.85 distance following church 
contour on 0.6 m wide strip; 

• stage III – injection drillings around bell 
tower foundation situated in the vicinity of 
cast in situ walls. 

These drillings of ∼ 18 m deep have the role 
to rehabilitate the ground structure in depth in
the area which was mostly affected by execu-
tions flaws, which lead to sufozia toward 
excavation of dozens of m3 of soil and water. 

Figure 7. Grouting boreholes location on the Arme-
nian Church contour 

The sleeve tubes were connected from a 
maximum depth to 2.0 m from ground surface. 
The injection was made upwards by hydraulic 
fracturing under maximum pressures of 4 atm. 

After finishing all the injection phases, by 
using the monitoring process it was observed 
that the evolutions of settlement and fissures 
process had diminished in speed and intensity. 

Eng. Viorica Ciugudean and Dr. Eng. Rene 
Jaques Bally from “Metroul” Bucuresti Com-
pany had a great contribution for the consolida-
tion ground and control of the grounds injec-
tions effect. 

Soon after completing the consolidation 
process by ground injections, the rehabilitation 
process started for the urbanistic network 
around church foundations. 

The church is built on vertical plane (Fig-
ure10), symmetrically to the longitudinal axis, 
apses included in nave and has a tower bell at 
the entrance, main stipple Pantocrator on nave 
and polygonal altar. [N. Gospodinov et al,2007] 

The main stipple lies on four piles. The 
Church is painted at the interior. There are some 
important chambers situated at the corner of 
“the nave” with walls up to the attic level that 
form some tubes with high resistance and 
rigidity

As a consequence to the failure mechanism 
developed in time and amplified by the uneven 
settlement phenomenon, the monument has 
been divided in 7 separate blocks that, in case of 
a major earthquake, were subjected to structural 
greater damage and even some collapses. 

Thus, the chosen consolidation solution 
was thought as a structural chain that could take 
over all the loadings that could have appeared in 
exceptional cases and passing them on to the 
foundation ground. 

The problem was to design a rigid and 
powerful spatial system for the entire structure 
that could recover the continuity of the original 
material and to assure the binding and the 
stability of all the structural blocks. 

In the same way, the consolidation system 
must meet the following structural demands:
• to assure the material compatibility, the 

adhesion and the mechanical astriction to 
the existing structure so that together to 
contribute to the taking over of the loadings 
in some exceptional cases. 

• to have the necessary strength and rigidity 
that might be needed in case of a major 
earthquake.

• to be hidden to the interior and the exterior 
of the monument, not to harm what so ever 
the paintings and the original decorations; 
these are the compulsory requirements for 
any king of intervention on any historical 
monument.

In these conditions, for the foundation sys-
tem we have chosen a set of Vierendeel spatial 
beams that links at the foundation level the 
tower bell and the walls of the nave (Figure 8). 

This foundation system recovered the struc-
tural continuity for the infrastructure which, 
because of the failure mechanism, was trans-
formed from continuous foundations to isolated 
ones, each with different displacements and 
rotations.
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Figure 8. The new foundation system   Figure 9. Vertical structural elements 

The consolidation system of the superstruc-
ture consisted of creating four towers at the 
corners of the nave inside the two lateral com-
partments of the church porch, as well as in the 
Eastern head of the nave inside the altar (Fig-
ure 9). 

These four towers have been the main 
structural elements for the concept of unitary 
structural consolidation of the superstructure 
and the infrastructure. 

The project for the recovery of the church 
structure was elaborated in association with 
Eng. Nicola Gospodinov, and led to the assur-
ance of foundation-superstructure binding by 
longitudinal and transversal links. 

The restoration works were executed at the 
same time and for the recovery of the interior 
decorations, degraded in time as a consequence 
of settlements, the restoration of the paintings as 
well as the total recovery of the damaged 
mosaic.

The works were made by a number of resto-
ration painters, stone masons and carpenters. 
The mosaic was restored under the supervision 
of the restoration architect by workers who also 
made the consolidation works. 

Photos 7 and 8 show details with the opera-
tion of reinforcement assembly for the supple-
mentary foundations. 

Photo 7. Supplementary foundations area near the 
church entrance 

Photo 8. New foundation reinforcement inside the 
church
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6. CONCLUSIONS

The main object of this paper is to underline 
the importance of field measurements during 
the execution of works such as deep excavation 
in the proximity of old buildings with very 
sensitive structures. 

The SPT monitoring and settlements survey 
of the impact on surrounding areas of such 
technologies improperly executed was essential 
for designing the consolidation works. By using 
the same type of soil tests the effect of ground 
injection could be determined by improvement 
of mechanical properties and also by decreasing 
and stabilizing the settlements for the surround-
ing buildings. 

Due to their great importance for the safety 
of some foundation works with advanced 
technologies in areas with old structures settle-
ment sensible, the field tests and measurements 
should be included as part of the initial project. 

The execution of a very difficult work such 
as the one presented in this paper in optimum 
conditions, requires a continuous collaboration 
between the designer and the contractor. A very 
good collaboration between the expert in 
Foundation Engineering and the expert in 
Structural Engineering is also needed. The level 
of this collaboration must be at the same level 
as the efficient unity between the foundation 
and the ground!
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1.  INTRODUCTION 

The building development in the Romanian 
costal area requires the study and the under-
standing of the behaviour of the various soils or 
rocks that make up the founding land for the 
future constructions. Elaborate geotechnical 
studies are necessary in order to adopt the 
correct solutions for improving the stability and 
deformation characteristics of these soils.

The weak points of the building project in 
this area should always be approached by 
studying the relation between the building – the 
founding soil – the building stability – the 
construction impact on the costal area and the 
hydro geological changes of the surrounding 
area or even in the entire costal region. The 
appropriate correcting and improving method 
should be adopted based on the conclusions of 
the time behaviour monitoring.

The Romanian costal areas, destined to 
building, present different geological composi-
tion as the result of the intense evolution, with 
elevations and repeated flooding, which led to 
composing and formation of the sedimentary 
layers.

2. OVERVIEW OF THE GEOLOGICAL 
FORMATIONS AND THE TIME 
EVOLUTION OF THE EARTH SHELL 
IN COSTAL AREAS 

The littoral area is characterized by sedi-
mentary deposits due to earth shell vertical 
movement, of different duration and intensity, 
to longer or shorter land collapsing.

These deposits belong mostly to the follow-
ing historical ages: 

- sarmatian deposits made up of limestone or 
marly clay

- quaternary deposits made up mainly of loess 
deposits or gypsiferous clay 

- current deposits made up of sea sands, 
which form costal belts, beaches and dunes. 
The Dobrogea region is characterized by 

loess quaternary deposits 45-50% porosity, 
plasticity index Ip 20-28%, plastic-good 
consistence, gv=1,9 – 2,1 t/mc. The base is 
made up of clay and calcareous boulder, sitting 
on sarmatian deposits made up of calcareous 
sandstone between -2,00 m and +10,00 m sea 
level.

ABSTRACT: The paper presents the possibilities to build in costal areas in the Constanta (Romania) region. The 
weak points of the building project in this area will be approached by studying the relation between the building 
– the founding soil – the building stability – the construction impact on the costal area and the hydro geological 
changes of the surrounding area or even in the entire costal region. The appropriate correcting and improving 
method is  also mentioned in the paper. 

Constructive solutions for the locations from the costal areas and
the reinforcement of the costal areas by building up 

Radu Damian 
“Constanta Constructions Inspectorate”, Romania 
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FOTO 1. Constanta  Cliff 

3. GEOMORPHIC FRAME 

From the geomorphic point of view, the ana-
lyzed area is situated in the extreme east part of 
the Pre-Balcan Platform (Southern Dobrogea), 
represented by a tabular plateau with widely 
curved and flat inter river areas. The climate is 
continental, influenced by the sea on a costal 
band wide of 10-15 km. 

The Southern Dobrogea landscape has been 
shaped in terraces from west to east. The mari-

time Dobrogea plateau, no higher than 100 m, is 
a structured one, with wide inter-river area, 
covered with loess and reduced fragmentation. 
The sea coast is high, with developed cliff in 
sarmatian and quaternary deposits (loess and 
paleo-loess), subject to gravitational collapsing 
episodes.

Sarmatian calcareous are represented by a 
compact lumaselic calcareous, fallowed by 
freestone and friable lumaselic calcareous, with 
greenish big galls and bags. The width of these 
deposits varies between 2 and 4 m. The sarma-
tian calcareous surface is irregular, typical to 
the alteration shell, with red residual clay in the 
empty spaces. The sarmatian calcareous are 
intensely carstificated, with numerous vertical 
bags filled with residual material resulted from 
greenish clay galls.

The residual clay, of 0,60-2,5 m, are made 
up of a reddish or greenish clay matrix which 
contains calcareous rocks covered with black 
iron and mangan oxides films. 

The active area of the Black Sea Coast is 
subjected to an active abrasion process deter-
mined by the rock hardness and the cost em-
placement. The result of this process is the sand 
and the break stone which become part of the 
coast circulation.

The quaternary cliff is made up of clay and 

510



loess deposits and after the abrasion process 
large quantities of conglomerate arrives into the 
sea. The siltical and clay particles are generally 
taken offshore, while the sand particles and the 
break stone is transported along the shore.

4. SHORT HISTORY OF THE BUILDING 
EMPLACEMENT IN THE COASTAL 
AREAS

The most important ancient cities (Histria, 
Tomis, Callatis) were also shipyards and the 
discovered building elements show us the 
environmental changes in time and the water-
land line evolution for the last 3000 years. The 
construction and reconstruction modified the 
local settings determining the creation of the 
historical filling areas of 8 – 10 m thickness or 
important excavations that complicate the 
founding for the building projected in these 
areas.

The ancient usable buildings in the area can 
be considered as belonging to the ancient city of 
Tomis and are built on underground galleries 
(which were not only shelter and evacuation 
ways but also infiltrated waters collectors and 
drainers) together with the cliff buildings that 
contributed to the stability and erosion preven-
tion. The building effort, begun in the 19th

century, especially the shipyard designed and 
supervised by Anghel Saligny, has taken the 
shape of stable constructions, adopting good 
constructive principles and with a positive role 
in protecting the environment.

These constructions were made in the most 
difficult founding circumstances, generally 
under the sea level, on more or less steady 
sediments, part of the continental platform of 
the Dobrogea coast. The shipyard and the 
economic activity developed at the same time as 
the city of Constanta, with its civil constructions 
built near the shipyard, on the ancient remains 
of Tomis. This meant not only founding in a 
wetting sensible soil but also on top of old 
establishments.

5. BUILDING SOLUTIONS FOR CLIFF 
CONSTRUCTIONS

Cliff constructions have always required the 
use of different stabilizing methods and solu-
tions:

- stabilizing using horizontal and vertical 
methods

- shore elimination until the soft, wetting 
sensible or unsteady soils disappear

- using concrete pilots or columns for the 
building foundations or slope supporting 

- local usage of the consolidation solutions 
by loess compacting

The great interest in the cliff constructions, 
due to their touristic potential, shall lead to 
building agglomeration in these areas and the 
building principles should obey the legal provi-
sions concerning the urban plans elaborated 
according to long lasting development. Thus, 
the approach shall mean coping with all life 
necessities and the design shall require complex 
interdisciplinary knowledge. After several 
studies, some urban estate propositions concern-
ing the unstable cliffs have been put forward: 

6. ASSURING STABILITY BY 
CONSTRUCTION

The suggested solutions, by their design and 
functions, assure all the efforts resulted form the 
land pushing towards the planned structures and 
eliminating any trace of landslide or movement 
of the backed massive.

By building on large areas, the functional 
solutions (multi-floored parking, commercial 
spaces, technical spaces and urban supra-
structures) can assure the complete use of a 
spacious construction that complies with the 
supporting wall function which assures the 
entire area stability and to rightly valorize the 
cliff establishment.

The opportunity studies promoted by the ur-
ban documents drawn up for the southern cliff 
of Constanta show among others: 

- a big reorganization of the area (little ex-
ploited and equipped nowadays), in order to 
build an important multifunctional maritime 
center, provided with business and international 
relations centers for trading, public interest and 
connected areas. 

- in order to preserve the transparent view 
towards the sea, the spaces shall be built on 
terraces under the street level that goes along 
with the cliff, the tall constructions being built 
punctiformly and appropriately provided with 
glass.
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- maintaining the current street and alleys 
network at the cliff base (its street and platform 
being considered as consolidating factors) and 
assuring the necessities and traffic fluency by 
widening them by two more traffic ways. This 
street leads also to the underground garages, 
back exits of the constructions. 

- this street also assures the access to the up-
per parking, to the main entrances in the high 
tower buildings and to the “urban slab” type 
buildings. The walking alleys of the two streets 
are destined for promenades and are part of the

open public spaces (squares), equipped with 
urban pieces and provided with multiple access 
to the urban slabs. The urban slab fragmentation 
by adding parts of independent ant planted 
slope, as park and grassy area.

The buildings shall represent by their own 
resistance structure a new consolidations and 
protection system against landslides, absolutely 
necessary to the present soil conditions. 

The following drawing represents the propo-
sition for the cliff consolidation by construction. 

Studied emplacement plan 

Transversal cliff section 
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Proposal - section 
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1. INTODUCTION 

Heterogeneity is generally the main 
characteristics of urban soils. This leads to the 
need for careful geotechnical evaluation of the 
site, for any project. Geotechnical engineers, 
thus, face the difficulty in defining of the 
properties of subsoil layers accurately.  

The geotechnical aspects of 
constructions and development in urban areas 
and city centers have been studied by several 
researchers (Bruce, 1988; Gould et al. 2002; 
Rosenbaum et al., 2003; Emeriault, et al. 2004; 
Campolunghi et al. 2007). 

Bruce (1988) reported the use of in situ 
reinforcement, small-diameter cast-in-place 
minipiles and ground treatment to solve 
infrastructure problems in urban environments.  
In Situ Reinforcement included soil nails, to 
stabilize slopes and excavations; the use of 
small diameter cast-in-place 'minipiles' to 
sustain axial loads; and  the use of materials to 
grout soils to improve strength and/or decrease 
permeability. 

Gould et al. (2002) reported that  the 
buildings in city centers experienced large 
differential settlements, and extensive repairs 
consisting of piled foundations in the affected 
area were required. Differential settlement 
caused severe damage to single-family houses 

that were founded in fill overlying organic soils. 
Repairs were required and consisted of levelling 
the structures on the original foundations and 
reducing the loads to minimize future 
settlements.  

Since one of the main features of urban 
soils is variability. Therefore accordingly one 
should be able to quantify and compare this 
variability with other sources of uncertainties 
and inaccuracies affecting the design process, 
such as the quality of measurements and 
numerical modelling errors. New design codes 
based on the concept of representative material 
properties imply the need for a risk-oriented 
analysis of the reconnaissance results, Emeriault 
et al. (2004).  

In this paper the product of the 
exploration program for development of an 
urban site made by the Geotechnical Institute of 
Engineering School, Shiraz University is 
presented. The site investigation aimed to 
determine the soil profile,  physical and 
mechanical properties of soil, the bearing 
capacity of foundation soil, earth pressure 
coefficients, seismic soil characteristics 
according to Iranian code, to recommend the 
type of foundation and type of cement, to 
calculate settlement of foundation and general 
geotechnical recommendations and comments. 

ABSTRACT: Construction in old city centers due to the heterogeneity of the subsoil is a challenge for geotech-
nical engineers. In this paper the characteristics of a site in Shiraz city center, in IRAN is described. The meas-
ures to make the foundation soil safe for construction are briefly explained. These measures mainly consisted of
granular soil replacement which was also used as drainage system simultaneously, geopipes and geotextile and 
geonet system, soil cement replacement, cast in place piles, stone columns and rafts. Simple and economical 
slope stabilization methods were employed to prevent excavation walls failure, before commencing the con-
struction.

The geotechnical aspects of construction and development in Shiraz
city center, IRAN 

N. Hataf 
Civil Engineering Department, Shiraz University, Shiraz, Iran 
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2. SITE LOCATION AND ITS 
CHARACTERISTICS 

The site is located in the city center, 
Shiraz, Iran. The general location of the site is 
illustrated in figure 1. The site, approximately 
7000 square meter, has been used as residential 
area for thousands of years. The houses have 
been destroyed during previous devastating 
earthquakes; the last recorded one about 700 
years ago. After each earthquake the new 
houses were built on top of the debris.  This 
makes the foundation soil very unique and 
variable. Some times old spaces were kept open 
as underground spaces due to the lack of 
sufficient pressure to cause the failure of old 
buried roofs, cellars, etc.. On the other hand the 
lack of sewage system in the area and use of 
absorption wells along with the near surface 
groundwater table worsen the subsoil condition. 
The site was also the place for passage of many 
underground aqueduct (Ghanat and Karris). 

Typical features of subsoil condition 
and old buildings are illustrated in figures 2 to 
4. As it can be seen from these figures a bizarre 
situation  was encountered regarding both the 
soil and the structures some of which should be 
protected due to historical value. 

Figure1. General Location of the Site 

3. PROJECT CHARACTERISTICS 

The development plan included the 
destruction of all old buildings and construction 
of mainly three story cultural and commercial 
buildings, including basement, ground floor and 
1st floor with concrete frames.  

4. SCOPES OF GEOTECHNICAL 
INVESTIGATION 

A total number of 75 boreholes were 
drilled using B30S rotary (Auger) drill 
equipment up to 50 meters depth.  The total of 
16 hand boring wells were also dug (as trial 
pits).  These wells were used to measure the in 
situ permeability of the soil.  

5. FIELD AND LABORATORY TESTS 

A number of in-situe and labotratory 
test were performed in this project. These  
included standard penetration tests, performed 
at appropriate depths in each bore hole, in-situe 
permeability test, … Disturbed and undisturbed 
soil samples were obtained for further testing. 
Field unconfined compression tests were 
conducted on some of the samples. The level of 
ground water table was measured at each 
borehole. Undisturbed and disturbed soil 
specimens were carried to central laboratory. 
The following tests were performed on these 
samples: Soil classification tests: Atterberg’s 
limits test, grain size distribution test, 
hydrometer test, moisture content determination 
test, unconfined compression test, triaxial test, 
direct shear test, consolidation test, chemical 
tests: PH measurement, sulphate and chloride 
content. All tests were performed according to 
ASTM or BS codes. Electrical resistivity 
measurements were conducted in the field to 
investigate the subsoil conditions, figure 5. 

6. SBUBSOIL CONDITION 

Based on the information obtained 
from the borings, field and laboratory tests 
results the general subsoil conditions were 
determined. Soil profile was found to consist of 
three layers as follows:  

Layer #1: this layer starts from the 
ground surface down to the level of -7.5 meter 
(in average) below the ground surface mainly 
consists of the old building’s waste materials 
fill. These materials are full of voids and very 
compressible. Typical variations of this layer 
depth in some boreholes are shown in figure 6. 

Layer #2: the second layer which is 
mainly very soft to medium silty clay starts 
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from -7.5 meter depth down to -12 meter level 
(in average) from the ground surface. 

Layer #3: this layer which is mainly 
medium to hard silty clay is encountered under 
the above layer and exists down to the 
maximum depth drilled. 

According to Unified Soil 
Classification System (USCS) the soil is mainly 
classified as CL, ML and CL_ML for layers 
below the top soil. 

Figure 2. General feature of subsoil conditions 

Figure 3. Old underground aqueduct (Ghanat) 

7. PHYSICAL AND MECHANICAL 
PROPERTIES OF SOIL 

Based on field and laboratory test 
results, the physical and mechanical properties 
of each cited layer are summarized in Tables 1 
to 3.  

For the stabilized soil the coefficient of 
subgrade reaction for 0.3 meter width plate (K1) 
might be considered equal to 1.2 (kg/cm3). 

Figure  4. General feature of old buildings 

Figure 5. Electrical resistivity test on site  

Figure  6. Typical variation of top soil depth in each 
borehole

8. SOIL IMPROVEMENT  

 Due to non uniformity of the soil 
condition and existence of the abandoned voids, 
waste water and water and aqueduct (Ghanat 
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and Karris) in the site, different soil 
stabilization methods were recommended, some 
of them were performed before commencing
any construction.  

Table 1: Design parameter of layer #1 (Old Build-
ing’s Waste Material) 

Table 2: Design parameter of layer #2 (Soft to 
medium silty clay) 

Parameter Average 
Value

Dry Density (gr/cm3) 1.56
Natural Water Content (%) 22

Undrained Cohesion, Cu (kg/cm2) 0.25
Cohesion (UU) 0.13

Angle of friction(UU) 9
Cohesion (CU) 0.13

Angle of friction(CU) 23
Modulus of Elasticity(kg/cm2) 25

Poisson’s Ratio 0.45
Earth Pressure Coefficient (Ko) 0.6
Earth Pressure Coefficient (Ka) .40
Earth Pressure Coefficient (Kp) 2.2

Table 3: Design parameter of layer #3 (Medium to 
hard silty clay) 

The main improvement technique 
consisted of  replacement of debris and soft 
natural soil by at least 2.00 meter thick, granular 

material. This material was also used as 
drainage system simultaneously. Drainage 
system was designed and executed to prevent 
the rise of ground water to foundation level. It 
included geopipes and geotextile and geonet 
system to lead the drained water out of the site. 

The fill was placed in maximum 30 cm 
in thickness and compacted to relative compac-
tion of 100 5 percent. Special care was taken 
during the construction of the fill. Granular 
material with proper grain sized distribution 
curve was used. 

  Other stabilization method consisted 
of soil cement replacement, cast in place piles, 
stone columns and rafts.  

Slope stabilization for excavation walls 
was necessary due to unstable condition. Since 
any stabilization was a temporary measure 
before constructing the permanent retaining 
walls, therefore economical methods of slope 
stabilization were considered. These included  
different methods such as echelon (berm)  
construction, shotcreting, ...  

Some historical buildings should be 
preserved in the site. Their foundations were 
stabilized  by cast in place concrete piles before 
commencing excavation around them. Care was 
taken before any excavation to protect the 
adjacent structures by applying proper 
measures.  

Figures 7 to 10 show different soil sta-
bilization measures performed in the field. 

 To prevent any foundation failure due 
to the uncertainties involved in the site the 
foundations for the new buildings were 
designed to withstand the lack of support for an 
area at least 2×2 m underneath.  The type of 
foundation on stabilized soil were decided to be 
strip footing, grid foundation or mat foundation 
depending on the extent of ground 
improvement. 

Since the ground water table was close 
to foundation level the total settlement of the 
foundation consisted of both elastic and 
consolidation settlement. Based on the bearing 
pressure equal to 100 KN/m2 and soil 
parameters, the total settlement for strip 
footings up to 5 meter width was estimated to 
be less than 25 mm. Due to the non uniformity 
of the soil a differential settlement of at least 20 
mm was recommended to be considered in 
foundation design. 

Parameter Average 
Value 

dry Density (gr/cm3) 1.65
Natural Water Content (%) 20

Undrained Cohesion, Cu (kg/cm2) 0.5
Cohesion (CU) 0.15

Angle of friction(CU) 31
Modulus of Elasticity(kg/cm2) 50

Poisson’s Ratio 0.4

Parameter Average 
Value 

Dry Density (gr/cm3) 1.35
Natural Water Content (%) 20

Earth Pressure Coefficient (Ko) 0.8
Earth Pressure Coefficient (Ka) .70
Earth Pressure Coefficient (Kp) 1.4
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Based on the results of chemical tests 
and due to the vicinity of ground water to the 
foundations use of sulphate resistant cement 
was recommended. 

9. CONCLUSIONS  

The non uniform soil condition for an 
urban project in Shiraz city center, revealed that 
the foundation soil should be stabilized to some 
extent before placing the foundations for the 
new buildings. The measures to make the 
foundation soil safer for construction mainly 
consisted of granular soil replacement which 
was also used as drainage system 
simultaneously, geopipes and geotextile and 
geonet system, soil cement replacement, cast in 
place piles, stone columns and rafts. Simple and 
economical slope stabilization methods were 
employed to prevent excavation walls failure. 

Figure 7. Soil replacement measure 

Figure 8. Slope stabilization measures 

Figure 9. Old structure stabilization measure 

Figure 10.  Geosynthic used for drainage system 

Figure 11. Soil cement replacement measure 
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1. THEORETICAL CONSIDERATIONS. 

Humidity analysis shows that it is a dynamic 
process which consist in continuous water 
migration from soil and direction it trough 
foundation to superior construction parts, where 
water it evaporate to atmosphere. Water trans-
portation is influenced by some parameters like 
pore pressure (u), negative pressure or suction 
(s), temperature, vapour pressure, osmotic 
pressure, electric potential, etc. The most 
important parameters are pore pressure and 
suction, but the other factors could become 
important, in certain site conditions.

Darcy law, generalized by Richards (1931), 
describes porous unsaturated material water 
migration.

dl
dukv w ⋅= ,  (1) 

where v – discharge velocity, kw – hydraulic 
conductivity coefficient of unsaturated soil, du – 
pore pressure difference between two points, dl 
– humidity difference between the same two 
points.

The water quantity, which migrates from the 
bottom of masonry wall (B – wall thickness, dl - 
height, is given by (Eq. 2).

dl
dukBBvq w⋅=⋅= , (2) 

We can admit that hydraulic conductivity 
coefficient of unsaturated soil kw and du are 
constants. To calculate water volume is required 
to determinate du/dl ratio and kw coefficient. 
Pressure difference can be determinate starting 
from u variation law for porous material which 
according to A. Silvan (1967) is:  

spau camp −= ⋅ , (3) 

where acamp – compressibility factor, determi-
nate by experiment, depending on material, p – 
total pore pressure, s – soil suction. 

Soil suction variation ds along dl distance is 
produced by humidity variation for the same 
interval. Considering that soil suction is deter-
minate by experiment depending on humidity 
and material type, it results humidity decrease 
along interior capillary zone. Coefficient kw can 
be determinate by experiment considering 
Gardner law, (Eq. 4):

bs
ak mw +

= , (4) 

where s – soil suction, a and b – constants (a/b 
ratio represent saturated permeability of soil, 
s=0), m – coefficient, m=1÷4 (for sands has 
higher values). 

To characterize the capacity to conduce wa-
ter is utilized kw, which is not constant, depend-
ing on humidity status, but indicative of physic 

ABSTRACT: This paper presents some theoretical aspects about humidity and water migration from the ground 
toward foundation and structure, about the capillary height phenomenon. However, the most important part is 
the case studies offered. Those case studies are about two important historical buildings in Transylvania. First 
case study is about National History Museum of Transylvania, from Cluj Napoca and it presents causes of
dampness in this building and some proposed intervention solutions. The second case study is about Zalau City 
Hall, historical building affected by dampness seriously in past years.  Some interventions were done few years 
ago and the study presents the results and further intervention on this building. 

Dampness phenomenon on historical buildings. Draining off and
rehabilitation interventions for historical buildings 

N. M. Ilies 
Technical University of Cluj - Napoca, Romania 
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characteristic of soil to be permeating.  Various 
studies prove that hydraulic conductivity coeffi-
cient of unsaturated soil kw is influenced by 
humidity, reducing his value by humidity 
decreasing. If the soil keeps his porosity, hu-
midity, salt content, hydraulic conductivity 
coefficient of unsaturated soil kw is generally 
constant and known as hydraulic conductivity 
coefficient k. 

One of the important terms, which influence 
water infiltration into walls, is the pressure 
transmitted by the building toward ground. 
Applying (Eq. 3) to the ground located on the 
ground – foundation contact surface, consider-
ing ground water level close to this surface, we 
can ignore pore pressure u, and the equation 
became:

ppas camp =⋅= ,  (5) 

Following this equation results that near wa-
ter mass in equilibrium soil suction is neutral-
ized or equalized by the pressure transmitted by 
foundation. The effective pressure on founda-
tion footing creates into the ground soil suction 
proportional to this pressure. But according to 
(Eq. 4), for a higher value for soil suction 
correspond to a lower kw. It comes into view a 
local resistance on water inflowing into the 
foundation on bottom part but on lateral contact 
parts, where the pressure is lower and migration 
bigger.

2. DRAINING OFF NATIONAL HISTORY 
MUSEUM OF TRANSILVANIA

2.1. General and geotechnical consideration 

In this part of the paper there are presented 
some aspects of technical state for underground 
floor of National History Museum of Transyl-
vania and some draining off solutions. This 
building is located in Cluj Napoca, Figure 1 in 
central area of Cluj Napoca, being an important 
building on old Cluj Fortification. 

Morphologically this site is located on 
inferior terrace of Somesul Mic River, with site 
inclination on north – south direction, having 1, 
5% inclination. Geologically – a halogen rocks 
ground, formed by marl and clayey marl and 
below that there are some terrace layers charac-

terizing the site, formed by sands and gravels. 
Covering layers are fillers from excavations and 
demolitions.

Figure 1. National History Museum of Transylvania. 

The nature of covering layers depends on 
the human activities in central area of Cluj 
Napoca (excavations, demolitions, levelling, 
etc.)

On a drilling basis, made in the interior 
court, it was shown the stratification formed by:
- Sand, gravel, particles of brick and mortar 

filler, sandstone plates, on 4.50m depth, 
- Sand with gravel and silt - clayey  binder, 

dark grey layer, on 1.50m thickness, 
- Gravel with sand on 1.50m thickness, 
- From 7.00m depth appear marly clay layer, 

grey, and plastic consistent. 
Ground water table is located on 5.20m 

depth, water being in movement (k<0.05) into 
Somesul Mic River (movement direction ~ 
south – north).  Depth of freezing zone is 0.80m 
(according to Romanian standard STAS 
6054/77).

2.2. Structure and degradations 

History Museum was executed in two 
stages. First assembly was finished in 1859, and 
the new assembly, located on the north side of 
the building, was finished in 1920. This build-
ing has a U shape, with height regime: under-
ground floor, ground floor and one floor. The 
structure is by brick masonry with lime binder. 
The subsoil has brick masonry walls with lime 
binder. The building has lime plaster finish for 
assembly A and B and cement – lime plaster 
finish for C assembly, with 3 – 4cm thickness 
and three layers structure. 
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Foundations are made by rocks and brick 
masonry, having 50 – 60cm socket. For A and B 
assembly is used rock masonry with lime 
binder. C assembly, which is newer, has con-
crete spread footing. Depth of foundation is 
0.40 – 1.50m. Walls foundations have the same 
thickness like subsoil walls. 

For interior walls B=1.20m, for interior 
walls B=1.00-1.20m, and in the C assembly 
area B=1.30m. Foundation bottom is 3.50 – 
5.00m from ground level.

Foundation ground is: sand with gravel and 
silty – clayey binder. Ground water table is 
located at 1.30 – 1.70m below subsoil level. 

The floor above subsoil has different struc-
tures: barrel birch arch, on A and B area or 
reinforced concrete floor, cross beams and 
reinforced concrete slab on C area. 

This analyze advert to building subsoil. 
Main degradation is advanced dampness state 
on subsoil walls. From total area of interior 
walls At=1285m2, nearly Ai=882m2 is affected 
by dampness, which represent about 70%. 

 Damp height is fluctuant: on exterior walls 
Hi=3.20 – 3.80m and on interior walls Hi=0.80
– 1.90m. The way of development and the 
phenomenon ampleness is different for subsoil 
rooms.

From analyses and measurements made by 
Protimeter electronic humidity tester we can 
conclude:
a) Dampness phenomenon appears by 

platering failure, saline efflorescence, coat-
ing failure, high masonry bricks humidity, 
etc.

b) Dampness phenomenon develops not only 
in walls area, but in arch area too, to the 
ground level. 

c) Higher phenomenon intensity appears in 
one area located below subsoil floor and 
another one under exterior foot walk. 

d) It can be seen a small reduction for the 
value of humidity on vertical direction, 
which proves an important influence of 
horizontal water migration, by capillary rise 
phenomenon.

e) The presence of a salt quantity in under-
ground water influences the amplitude of 
efflorescence phenomenon and plastering 
bucking.

f) Except the phenomenon that influence 
plastering, humidity presence in masonry 

lead to bricks decay  which guide to the de-
creasing of compression strength for entire 
section of  masonry and appearance of 
structural decay. In this situation we can 
see some completely soaked bricks that be-
came real chimney stack for water evapora-
tion   from masonry.

Dampness phenomenon appear on higher 
level on exterior walls (on contact ground area) 
and on lower level on interior walls. 

2.3. Influence factors for appearance and 
development of dampness 

Analyzing the way that dampness phenome-
non appears in the museum basement, it can be 
exposed some factors: 
a) Most of the humidity which affects base-

ment walls dues to capillary rise phenome-
non. The humidity appear like direct infil-
tration phenomenon, because foundation 
bottom has direct contact to ground water 
table in some periods. Even during the pe-
riod when   ground water table is located 
under foundation bottom, the present of silt 
binder facilitate the development of  capil-
lary rise phenomenon of underground water 
to foundation bottom and finally to walls. 
Water quantity which rises is influenced by 
temperature decreasing, when evaporation 
is reduced because of heat absence.

b) Another factor which is important for 
capillary rise is salt concentration from un-
derground water. As is known from other 
bore holes made in the area, underground 
water has carbonic and sulphated aggres-
sion.

c) Large walls thickness leads to a bigger 
water quantity which can evaporate and a 
higher capillary rise height. Generally for 
exterior walls dampness height varies from 
1, 50 to 4 times wall thickness, for interior 
walls superior level of dampness varies 
from 2 to 5 times wall thickness. 

Above conclusions lead us to following con-
siderations:

Masonry damping is caused by lateral mi-
gration a water capillary height from ground 
towaard subsoil masonry. Presence in founda-
tion ground structure of an important silt and 
clay quantity, create the probability of water 
capillary height from ground water table to 
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foundation bottom. Increasing masonry humid-
ity in above subsoil floor area denotes the 
presence of water capillary height. 

Walls humidity is ww=17 – 21%, higher 
value than ground humidity wg=16.8 – 11%. 
Those values indicate that the humectation is 
due not only to lateral migration, but also to 
walls accessional water supply. 

High walls humectation in below foot walk 
area denote that on masonry humectation 
concur also „foot walk phenomenon” (increase 
of humidity because of vapour barrier created 
by watertight foot walk around the building). 
The same phenomenon was created by the 
execution of one watertight floor (concrete 
mosaic) all over basement. 

One important element who leads to walls 
damp elevation was bitumen walls coat, to stop 
water evaporation by coating, but that lead to 
humidity uplifting by capillary height. The area 
with higher dampness phenomenon moved 
above coating area, having 20 - 50cm thickness. 
This is one of gravely error, who appear as one 
of the solutions to eliminate dampness. 

Conditions imposed by Museum owner, 
concerning relative interior air humidity are: 

=55%±5% on 180 temperatures. This condi-
tion is ensured only for max 7gr/kg interior 
vapour density. 

Sweat phenomenon is more active during 
the winter, when by heating, vapour condensa-
tion is accentuated. We can explain the phe-
nomenon by the absence of humid air abstrac-
tion from the subsoil rooms and the relative 
humidity increasing to some values close to the 
saturation value. 

2.4. Intervention proposal 

From above conclusions, to ensure hygienic 
store space necessary to museum storage rooms, 
there are proposed following technical solu-
tions, Figure 2: 
a) Removing all old coating which is damaged 

by humidity and saline efflorescence’s, 
from all interior subsoil surface; it will re-
place all humid bricks   with new good 
quality ones. 

b) Braining all brick and rock masonry joints, 
1 – 2cm depth. 

c) All bitumen walls coat will be clear by 
impermeable film, on brick surface and 
also on joints surface. 

Figure 2. Intervention proposal. 

d) Entire surface will be clear by a brush (dry 
clear).

e) Dusting all the surfaces, removing carefully 
old coat and clearing fume spots, mould, 
and peat moss. To certify mould resistance 
the surface will be coat by anti-mould liq-
uor.

f) All masonry will be leaved 1-2 moths to 
dry naturally. 

g) It will execute interior wall coating all over 
the surface (assembly C) and also for the 
walls and on intrados of arches (assembly 
A and B), using respiration coat (anti 
dampness), 2 – 3cm thickness. 

h) It will execute exterior waterproofing using 
one of the solutions: gravitational grouting 
by silicone solutions, low pressure grout-
ing, scatter filling, FREEZTEQ solutions, 
etc.

i) It will execute exterior waterproofing on 
wall height from below ground level, by 
FONDALIN foil (ensuring respiration by 
alveoli).

j) To protect rock masonry exterior socket it 
is recommended to repair rock block using 
special rock binder and some shallow treat-
ing using respiratory lax. 

k) Ensuring artificial venting (conditioned air) 
and natural venting, to allow conservation 
of relative humidity to the value =55±2%,
having i=180 temperature. It will ensure 
humidity elimination form basement. 

Decision on technical solution will be made 
considering site conditions. 
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3. ZALAU CITY HALL – INTERVENTIONS 
TO ELIMINATE DAMPNESS 

3.1. General and geotechnical consideration 

The building housing today the Zalau City 
Hall was completed in 1889 and its original 
purpose was to lodge the Prefecture, Law Court, 
Court and Prosecutor’s office of the Salaj 
county, Figure 3.

The building has a trapezoidal plan, with an 
interior yard with three entrances from the 
outside. It has semi-basement, ground floor and 
first floor. Like the building, the foundation is 
made of brick with wooden floor and small 
brick arches among the metallic beams, wooden 
framework and tile covering. 

Figure 3. Zalau City Hall. 

Morphologically this site is located on infe-
rior terrace of Zalau River, right sided, on an 
easy slope with north-south inclination. Geo-
logically a clayey and marly panonian deposits 
covered by alluvium from Zalau River charac-
terize the site. Into those alluviums, there are 
some silt lentils. 

Based on some boreholes made in 1984 we 
can find the follow stratification: 
- Ground filling, 1,70-1,80m thickness, 
- Silty – sandy clay, brown or clayey sand, 

dark brown, downto 4,00 – 6,50m.
- Yellow clay. 
PDU site test showed that up to 2,20 – 2,80m 
layers are soft or loose ground, so foundation 
bottom bear on those layers with lower charac-
teristics values. All 10 drillings made on foun-
dation showed that it’s bottom bear on soft silty 
clay or very soft silty clay, clayey sand, dark, 
brown, clayey silt. Foundation sides have direct 
contact to filling package,  having 1,40 – 2,20m. 

Ground water table is located on 1,60 – 
2,00m depth found on bottom of filling 
package. Underground water has intense 

carbonic aggresivity and very low sulphate 
aggresivity. Depth of freezing zone is 0,70m 
(according to Romanian standard STAS 
6054/77).

3.2. Structure and technical state of the building 

The construction has a close shape, having 
an interior yard, 80x70 m2. Interior yard has 
impermeable foot walk, width 1m, but also 
exterior side has impermeable foot walk.  
Height regime is underground floor, ground 
floor and one floor. Underground floor is 
located only on two sides of the building. 

Foundations are made of rock masonry, 
spread footing along the walls, and lied by lime 
binder. Bottom width is 0, 80 – 1,05m located at 
2, 00 – 2,80m from ground surface and 0,65m 
in basement area. Into foundation body, there 
are some ceramic bricks, probably for evapora-
tion. Connection binder has low quality having 
major decay because of humidity. Foundation 
bottom is located under or at ground water 
table. Basement and ground floor walls are from 
brick masonry, 0,50 – 0,80m. 

City Hall building suffered some structural 
and functional interventions. In 1987 some 
consolidation works have been done on some 
arches replaced with some reinforced concrete 
ones and on the basement walls and foundations 
coated by concrete. These works have been 
imposed by poor technical state of structural 
systems due to infiltrations on floor level. There 
was executed drainage system connected to 
town seepage. In addition, some airshafts on 
exterior and interior side of walls were done and 
some ventilation galleries to reduce contact 
surface between foundation, socket, and ground. 
All those solutions are to eliminate humidity. 

The main decay at the walls is over humid-
ity state known as dampness. Dampness phe-
nomenon affects 20-30% of total walls area. 
Dampness causes some other problems, like: 
poor interior and exterior plastering quality, 
efflorescence, plastering bucking, decreasing of 
interior air quality, because of humidity (55% - 
is higher than maximum value), plastering 
humidity growth, reducing masonry insulation 
capacity because of pore saturation, reducing 
bearing capacity of masonry because of over 
humidification of masonry and plastering. 

To relive the humidity variation on the walls 
height it was done some measurements in the 
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basement and ground floor. The most affected 
area is the main façade area, having w=14-24%. 
The humidity affects interior and exterior walls, 
arches from the basement, very important 
values was observed in the basement. A special 
situation is on the interior yard, where some 
dampness elimination works have been done 
(using airshafts) and the walls state is improved.

3.3. Influence factors for dampness appearance 
and development on Zalau City Hall 

The most important part of hymidity wich 
affects socket, first floor and basement walls is 
due to capillary height phenomenon from 
undergound water. This phenomanon is 
amplified by the fact that the foundation bottom 
is located below maximum or close to GWT. 
Even during the period with low GWT, because 
of high silt proportion in total ground mass the 
capillaruty phenomeon in amplified. Low air 
temperature is also an important factor, because 
of it water evaporation from masonry trough air 
shafts has low intensity. Another factor is saline 
concentration of underground water. 

Some other factors are: large wall  thickness 
and the presence of lateral water migration 
trough sourounding ground (filling).

3.4. Some possible solutions 

Considering that all the rooms into the 
building are utilized for administration purpose, 
being visited by a large number of people daily, 
the proposed solutions to eliminate dampness 
are, Figure 4: 
• Execution of an horizontal barrier at the 

walls bottom(~50cm), use gravitational in-
jection system, to ensure complete solution 
diffusion in plaster pores from horizontal 
joints. The solution can be utilized by 
gravitational injection of silicone (Freezteq 
system).  The system will ensure an im-
permeable area to prevent capillary height 
phenomenon from underground water 
trough first floor walls. This barrier will be 
executed in the area with larger problems. 
Existing plastering will be removing on 
50cm higher than capillary height. After 
removing plastering, the wall will remain 
open for 1-2 months and after that some 
special plastering, against dampness will be 
done.  All airshafts will have metallic pro-

tections. All waterproof foot walk will be 
replaced with aeration foot walk, on sand 
bed.

• A second proposed solution is different 
only by walls waterproofing solution. In 
this second variant, it will execute horizon-
tal waterproofing by cutting and introduc-
ing rigid waterproofing by grouting. 

Figure 4. Solution to eliminate dampness

First intervention proposal is more expensive 
than the second on, but is easier to execute. 
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THE HISTORICAL INFORMATION 

     Tilla-Kori it is build in 1640-1660 on a place 
of sheds was a caravan, taverns, auxiliary 
rooms, numbers of handicraftsmen, trading and 
residential buildings. The building has 
rectangular by way of the form in the size 
145 155 m. with an internal  yard. The basic 
geometrical sizes of a mosque are presented on 
fig. 1, 3.

ENGINEERING-GEOLOGICAL
CONDITIONS

     Carried out engineering-geological re-
searches of the footing of a monument have 
shown, that from a surface up to depth of 8-10 
m uncover soil an anthropogenic genesis. Below 
up to the surveyed depth of 30 m. uncover 
loessial loams of pale-yellow color. Subsoil 
waters are uncover on depth of 15-16 m. Most 
max rise WL is established in 2003.
     Soil an anthropogenic genesis soft ground 
body and basically concern to loams with 

ABSTRACT: Questions of deformation of a world famous monument of XVII centuries of a mosque Tilla-Kori 
ensemble Registan in a Samarkand are considered in the paper. Brief description of results of geotechnical 
researche and geodetic monitoring is given. Problems of calculation, designing and designing of elements of
reinforcing of the footing and the foundations are considered. 

Reinforcing of the footing, the foundations of the mosque Tilla-Kori
ensemble Registan in Samarkand city

A.Z Khasanov, Z.A. Khasanov
The Samarkand State Architectural and Civil Engineering Institute named after Mirza Ulugbek,
Samarkand, Uzbekistan 

Fig. 1. )  Western view of the central cupola  and galleries b)  The Cross-section of the central 
cupola part/
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significant inclusions of building dust, organic 
chemistry and humus. Significant influence on a 
texture influences the historical period of their 
formation. There are rests of the foundation 
from burnt brick on a clay solution or a brick 
covering of floors. The soil high-porous with 
factor of porosity ≥ 0,9 and density of a ground 

)1413( −≤dγ  kN/m3. For this reason at increase in 
humidity these{it} soil give big mining damage 
settling.

Water content of the ground up to depth of 
20-24 % of 8 m. On depth occur a continental 
layer of 8-11 m. humidity decreases up to size 
of 16-18 %. The seasonal increase in humidity 
in a superficial zone of aeration is observed.

Loessial soil below groundwater are in soft-
plastic and fluid-plastic consistences (engineer-
ing-geological element 3). Loessial soil 
macroporous, sagged soil, insignificance. The 
basic physicomechanical parameters of this 
layer the following: plasticity number of 7-8 %; 
porous ratio 0,85-0,92; density of a dry ground 
of 13-14 kN/m3; soil dampness in limit 12-16 
%.

Field tests soil with the dynamic sounding. 
The test method was spent on a  hole on depth 
from 3.5  12 m. Working body of a probe a 
cone, established in places of absence of large 
inclusions or bricks. Results of researches have 
shown, that the size of conditional dynamic 
resistance of ground d for engineering geologi-
cal element 1 has a wide scatter and changes 
from 0,16-0,20 up to 0,90-1,08 MPa. Especially 
soft layers have appeared soil, 6-7 m located on 
depth (Table 1). 

    Field tests soil with the static loadings. 
Allow significant discontinuity of a ground for 
definition of deformation characteristics of a 
ground, authors have preferred to lead some 
series stamp researches, is direct under the 
foundation, on depth of 3.5 m. from a surface of 
the ground. It was supposed to define the 
module deformation of the ground of an anthro-
pogenic genesis not condensed by the founda-
tion.

The Second experience was spent directly 
under the base on depth of 3.8 m. from a surface 
of the ground. In this case the stamp has been 
established in a horizontal direction in hole. 

Lead stamp tests have shown, that the mod-
ule of deformation under external walls of 
northern gallery has made 2,8 MPa, in the 
central dome part 1.5 MPa and southern gallery 
11 MPa, (Table 1, figure 2).  

Table 2 
Hole-5 Hole-4 Hole-3 Hole-9
E5/ESat E4 E3 E9 hor. E9 vert.

10.8/7.4
MPa

1.47
MPa

2.74
MPa

2.45
MPa

4.9
MPa

ASP/
ASP

(allow-
able soil 
pressure)
= 5,6/4 
/ 3

0,8
kg/ m3

1,5
kg/ m3

1,3
kg/cm3

2,6
rg/ m3

      

Table 1 

 Fig. 2. 
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THE FOUNDATIONS 

The foundations under abutment wall in the 
central cupola part of a mosque represents 
rectangular by way of section with the external 
sizes 20 23 . And the internal sizes 11 13 .
Depth location the base makes 3.3 m. from a 
surface of the ground and structurally consists 
of a multilayered laying rubble stone and a 
brick on lime - soil a mud (fig. 3). From below 
up to height 90-100 . The foundations are 
executed from large fragmentary rubble stone 
and from a limestone. Further on the same 
height the leveling layer from the strong burnt 
flat clay bricks on lime - soil a mud with addi-
tion of ashes is laid. Above a brickwork the 
third layer also from fragmentary rubble stone  
is laid. Thickness of this layer makes 70-100 .
Obviously rubble stone  the laying carried out, a 
role of spatial rigidity and anticapillary a screen 
which protected walls from penetration of 
dampness.

The foundations under walls of galleries are 
executed in the form of a tape and repeat the 

form of a wall by way of with pylons. Depth of 
the foundations from 1.9 up to 2.1 m. are 
executed in the form of rubble stone   and a 
limestone. In places of an adjunction of walls to 
the central cupola part depth of the foundations 
increases up to 3.2 m. the First number from 
below is executed from rubble stone a laying or 
from calcareous rubble stone  on a clay solution. 
Flat bricks on lime - soil a mud with addition of 
leach of ablation are above laid.

The foundations under column of northern 
and southern gallery are executed in the form of 
polygonal columns in width of 2100 mm. The 
foundations are executed also from two layers: 
from below the height 2 m rubble stone laying 
on lime - soil a mud  a solution and thickness of 
400-500 mm lays a bricklaying. The all depth 
location 2.5 m from a surface of a floor. Col-
umns in southern galleries, earlier have been 
reinforcing by means of intake, in the form of 
square plates with bringing to sizes up to 3.1 m 
(fig.3, by plane of the square form, a section    
4-4).
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Fig. 3. The plan of the foundations and their cross sections. 4-4 under column galleries; 2-2 under abut-
ment walls; 3-3 under walls of galleries.
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ENGINEERING - GEODETIC MONITORING 

Monitoring over depths of immersion are 
conducted since 1950 and earlier. Significant 
deformation of architectural forms and the 
strongest damages of constructions in particular 
the arches and tilt of a minaret and columns of 
galleries are interconnect with depths of immer-
sion the footing.

Geodetic monitoring a depths of immersion  
and horizontal displacement of designs of a 
mosque Tilla-Kori the strongest deformations 
have begun with 1987 have occured in 1993 
(fig.4). As follows from the schedule of defor-
mation in the central cupola part proceed in 
current of long time in the form of jumps. 
Average speed the depths of immersion by 
results of long-term supervision was made with 
1.2-1.3 sm a year. For finding-out of total 
relative vertical deformations we had been in 

parallel lead levellings in an external and 
internal part of a cupola. As have shown moni-
toring a tilt in a direction «east-west» makes 35 
sm, and in a direction «north-south» 5.0 sm.

DEFINITION OF BEARING CAPACITY 
BOUR-STUFFED OF PILES BY STATIC 
LOADINGS.

      For reception of authentic results of bearing 
capacity of piles we had been lead natural static 
tests of two piles. It was planned to carry to 
failure maximum loads on a pile to loss of its 
bearing capacity. Two type  of piles were 
exposed to test. Two anchor piles with the sizes: 
depth - 12 m, with diameter of a trunk - 800
and widening the bottom face - up to 1300 mm. 
     For load the central pile static loading had 
been made the special loading device (fig.5). 
load capacity of such metal frame at span 6 m. - 

y = -0.4912x2 + 105.73x - 5495

-50

0

50

100

150

200

250

1987 1988 1989 1990 1991 1992 1993 1994 1995 1996 1997 1998 1999 2000 2001 2002 2003 2004 2005 2006

t  ( )

S
(

)

Fig. 4. Graph a depths of immersion of the foundations of the 
 western wall (point M) from 1987 to 2006 years

Fig.5. A general view of the test equipment and the depth of 
immersion of piles from static loadings. 
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30000 . The Gross weight of a frame has 
made - 78 . The metal frame to two flying 
piles, 5.6 m. located on distance of 4 through-
bolts.
     For conditional stabilization of deformations 
it is accepted 0,1 mm for 20 minutes. Loading 
on a pile was transferred by steps 200 . In 
both experiments loading on a pile is finished to 
failure loading at which limiting deformation 
has exceeded 40 mm. In the first experiment it 
has made 2400 , in the second 2200 .
     The graph of static test piles with widening 
the bottom face through loadings is shown on 
fig. 5. Thus on a pile at its plumage on loessial 
soil with the above-stated geocharacteristics 
with a significant stock and in view of possible 
discontinuity the bases for designing it is 
accepted F=1700 .

Simultaneously for definition of force and 
reinforcing of piles and pile grating have been 
lead calculations of piles and pile grating 
together with the existing foundations. Results 
of computer modeling of the  intense straining 
state and displacement are brought on fig. 6. 

REINFORCING OF THE FOOTING, OF THE 
FOUNDATIONS BY METHOD INTAKE 
CONSOLE PILES. 

By results of creation of graphic 3D model 
of a building the basic gravitational loadings 

have been certain. In particular loadings from 4 
abutment wall at a level of a sole of the base of 
foundation makes 64746 kN an average pres-
sure under foundations it is equal 343 P .

Having made the deep analysis of construc-
tions, influences, geology and deformations of a 
mosque Tilla-Kori authors of the project have 
come to conclusion about necessity of transfer 
of a part of loadings on stronger and rather 
reliable loessial soil by means of  piles. In this 
case there are vertical deformations of soil, 
located directly under the footing because of the 
big loading, exceeding maximum permissible 
(the average pressure under the footing of 
foundations exceeds 343 kP ). Probably, 
deterioration of properties, soils combined from 
cultural deposits (anthropogenesis), as a result 
of penetration of water or increase in their  
dampness dependent with screening a surface of 
the soil. Besides significant horizontal dis-
placement of the footing, both in the central 
cupola part, and along the western wall of 
galleries (especially in northern) as a whole are 
observed. It occurs because of superficial 
displacement in the western direction of a layer 
anthropogenous soil under action rider arch and 
vertical loadings transferred by massive arches. 
For this reason the reinforcing of the founda-
tions, except for vertical, should  perceive also 
possible  horizontal rider arch loadings (fig. 6, 
7). For regulation of rigidity of piles on its edge, 

Fig. 6. The General view of displacement of 
constructions of the abutment wall, pile grating 
and piles from vertical and horizontal loadings. 

Fig. 7. The Cross-section of the foundations,
a constructions of piles and a retaining wall. 
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inside of a trunk, 12 m a pipe with  diameter of 
100 mm are left. They allow to fix in case of 
need loessial soil, located below an edge of 
piles.

According to the project horizontal loadings 
are perceived due to rigidity of piles and due to 
a retaining wall. The retaining wall consisting 
from pile grating and six piles, perceive possi-
ble horizontal arch girder stabilizer efforts. 

All pile top at a level of 3.3-4.3 m. are con-
nected pile grating a complex configuration (fig. 
7,8). Before realization of the backfill, walls of 
the existing foundations waterproofing roofing 
material.

MANUFACTURE OF WORKS CONNECTED 
WITH REINFORCING THE FOOTING, OF 
THE FOUNDATIONS

All works because of complexity of tech-
nology have been divided into 2 stages. At the 
first stage the pile foundations have been 
executed. At the second stage are executed 
connecting pile grating and a ferro-concrete 
retaining wall. 

Ferro-concrete pile grating under the foun-
dations it was erected by separate steps between 
two piles. For safety and working off of tech-
nology the decision of local opening of 
tranches, undermining under the foundations, 
installation of armature and concreting pile 
grating is accepted. With this purpose about the 

beginning was the trench between two piles is 
dug. Width and depth of a trench has made 
according to 800-900 mm and 4600 mm. 
Further return was backfill with its level-by-
level soil compaction were humidified up to 
optimum water content (W=18-20 %) and were 
condensed manually, by means of specially 
made for these purposes ramming. 

39 piles, pile grating and a retaining wall 
have been executed in total. Constructional 
work were simultaneously accompanied by 
geodetic monitoring a depth of immersion and 
deformations of constructions. Results have 
shown positive stabilization of the deformations 
connected with undermining under the existing 
bases of a building. The plan of elements of 
reinforcing are presented on fig. 9. 

CONCLUSIONS

1.  Results of long-term supervision over a 
monument have shown that deformations of 
the basis proceed in current of many centu-
ries. Progressing of deformations for last 15-
20 years is connected with technogenic 
changes and substantial growth of soil 
dampness.

2.  Carried out engineering-geological re-
searches of the basis of a monument have 
confirmed, that under the foundations un-
cover weak anthropogenic soil significant 
capacity (up to 8-10 m.). These soil because 

Fig. 8. A general view of reinforcing of piles and pile grating with internal and external side of a building. 
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of weak bearing capacity and strong de-
formability cannot form the footing of a 
monument.

3.  Carried out researches of natural tests of 
piles in immediate proximity from a monu-
ment have shown, that its bearing capacity 
makes the order 2200 . In the project the 
size of bearing capacity of piles is incorpo-
rated with a big stock of the order 1700 .

4.  Status monitoring over a building has 
shown, that after ending of construction, de-
formation connected with technological 
processes of intensifying works it was not 
observed. Depth of immersion of a building 
were stabilized. 

Fig. 9. The plan of an configuration of piles, pile grating and a retaining wall on a contour of four 
abutment walls. 
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1. GENERAL DESCRIPTION 

The building site is in front of Vlora stadium, 
which has been partly swamp zone and now it is 
used for the construction of high buildings. 
Geologic data for the city and the construction 
site are presented in the geologic report. Be-
cause of the zone difficulties and building 
complications we have made also a special 
seismic analysis. 

In the construction site lie down a part of the 
medieval city wall of the Turkish fortifications 
for the port. (the plan and sections view are 
given with the drawings below).

Above them will be build a 12 story high 
building. We have thought to pass the medieval 
wall with  deep beam of one story height which 
transfer the loads to new columns sideway the 
wall. The respective loads are taken from the 
uperstructure calculation programme (Robot 
Millenium). Foundations are thought to be piled 
raft with 1.5m  thickness of raft and piles of 10-
12 m length. The plate passes under the medie-
val wall. During raft construction the medieval 
wall stands over metallic profiles fixed in the 
pile’s head before concreting them. They are 
joined with horizontal metallic beams on the 
flange of whitch are pushed on corrugated 

metallic sheet for supporting the wall. Excava-
tion under the wall is made step by step after the 
metallic sheet floor is lean. The foundation 
reinforcement is made based in  the Eurocodes , 
taking in consideration the atmospheric agres-
sivity of the zone. The geotechnical and founda-
tion calculations are made with Plaxis program.

Fig 1 General plan view of the wall,  piled raft and 
temporally excavation supports. 

ABSTRACT: The city of Vlora in Albania has very difficult geotechnical conditions. , quaternary deposits (Q4) 
of very soft soil especially sand, silt, clay sand. On this kind of soil it’s going to be  built a multistory building
and at the same time we had to preserve the medieval city  defending wall. For this reason we have made a 
detailed geotechnical analysis. Same of the aspects of the analysis I have presented in this article. The type of
chosen foundation is piled raft. For this type of foundation I have made  comparisons with traditional raft 
methods.

The construction aspects of a multistory building above a medieval
wall in Vlora city Albania 

Ervin  Paci 
Polytechnic University of Tirana, Albania 
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Fig 2. Cross section of the foundation 

2. GEOTECHNICAL CALCULATIONS

2.1. Geotechnical study 

For this reason are made many borehole and 
also mesarements in situ (SPT) and laboratory 
test too.

As i have mention above geotechnic aspect 
are very complicated with abrupt changes and 
very soft sandy soils.

Quaternary deposit vary in thicknes from 30m 
to 50-60m depth not consolidated and with 
organic soils.

Deluvial deposits consist of sands, clay-sand 
mixtures of Quaternary (Q4). 

Hereafter are some geotechnic characteris-
tics of soils.(general parameters).

Tab. 1 Layers parameters 

Soil g c f y E
Fill 18.2 1 24 0 4000 
Clay-sand 18.8 20 17 0 6000 
Sand1 19.4 1 32 0 9500 
Sand2 19 5 28 0 7500 

The water level is 1m below the ground sur-
face. The high presence of the water makes 
more difficult the foundation calculation and 
construction. Because of the characteristic of 
the zone, suphosion phenomens has a major 

influence, that’s the reason that for the nearby 
building is taken special precautacion even if 
our construction doesn’t interfere in the stress 
strain zone of the old one. 

2.2. Selected  models 

To have a large view of the problem are taken 
in consideration several geotechnical calcula-
tion models.

From our experience and from the literature 
we concluded in two models for the foundation: 
raft and raft with piles. 

Piled raft foundations are an economic solu-
tion in places where the raft only, doesn’t 
satisfy calculation requirements. In such situa-
tion the additional piles improves the ultimate 
bearing  capacity, settlements and different 
settlements and it reduce the plate thickness. 
although the limitations it’s been chosen a 2D 
model for calculation and all the results are 
considered (under the appropriate safety mar-
gins) on comparison with the 3D model taken 
from the recommended literature. Hereafter is 
given graphically the model 
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Fig. 3  2D model of raft 
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Initially for taking a general aspect of the 
problem for the geotechnical calculation we 
have chosen a Mohr-Coulomb soil behavior. 
For this model is checkup the soil bearing 
capacity and as it’s seen we must add a consider 
number of piles to assure the bearing capacity 
and also to reduce the settlements. 

The pile addition was imposed to be done 
because to pass the medieval wall we had to 
design a raft with high differences in concen-
trated loads and raft stiffness couldn’t provide 
unified pressure and settlements.

Finally the models to calculate the founda-
tion – soil system for both fundamental cases 
(raft and piled raft) are done by modeling soil 
with Hardening Soil Model. 

Fig. 5 HS Model 

2.3. Hardening Soil parameters 

Because there were no detailed laboratory 
tests, HS modeling parameters are taken from 
the literature using proper correlations. As we 
mention due to lack of direct tests we choose 
the minor values offered from the literature. 

We underline again that their selection,due 
to nonuniform mixtures inside the litologic 
formation (not uniform clay percentage and 
organic remnants) was considered inside the 
minor recommended limits. 

For the type of soil found in our construc-
tion site (mostly sand) the selected values were 
base on SPT values performed in-situ. Those 
values are represented in the table below. 

Tab. 2 SPT values and layers modulus

Soil SPT Eoed

Fill 10 4000 
Clay-sand 15 8000 
Sand1 25 25000 
Sand2 15 15000 

2.4. Comparison of the results 

For both models the design parameters have 
been compared. 

The raft foundation overpasses the bearing 
capacity of the soil, even for vertical loads so it 
can’t be used. So we can use only the second 
type of foundation, piled raft. The problem 
consists in finding an optimal configuration of 
the piles (the number, position, length, the L/D 
rate) for the given case. For this intention were 
made some attempts until the solution with 1 
concrete driven pile of 70 cm diameter for 
9.4m2 area of raft with different lengths in 
different parts of raft is chosen. So the dis-
placement of the foundation and the influence 
over the medieval wall have to be uniform and 
of a degree of some cm, as to preserve the wall 
without demage. So the maximum settlements 
were reduced nearly to 10 cm and the differen-
tial one in 1.5-2cm which are inside of the 
allowed limits. 

2.5. Bearing capacity of single pile 

The primary calculations are made with the 
traditional methods as a single pile without 
taking in consideration the influence of the raft 
and interactions. The bearing capacity is also 
checkup with a axisimetric model of finite 
elements done with the program Plaxis. In both 
the cases we have the same results so the 
solution are justified. Based on the literature it 
is applicated in the head of the pile a moment 
that simulate resultant bending moments trans-
fered from the raft during a earthquake and the 
interior forces based in vertical loads are modi-
ficated. Based on those interior forces are 
calculated the piles reinforcement. (Fig. 7) 
Axisimetric model is represented below 
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1.  INTRODUCTION

The Cheonggye-cheon (CHEON-gay-cheõn) 
was a stream that flows from east to west across 
the northern part of Seoul. Up until 2002, the 
stream was left alone as an eyesore, dirty, 
unhygienic and dangerous place to citizens. 
Dating back 600 years ago when Seoul was 
chosen as the capital of the nation, Cheonggye 
Cheon was literally a ‘valley of clean water’ 
(Fig. 1(a)). In the 1960s following the Korean 
War, countless shanties came to occupy both 
sides of the stream, which led to irreversible 
deterioration of its surroundings. Pushed by 
various policies to accelerate industrialization, 
an idea to ‘cover’ the contaminated stream was 
adopted. For about a decade starting in 1967, 
the upper reach ranging for 6 km of Cheonggye 
Cheon was covered with concrete slab to build 
the widest road of 10 lanes in Seoul (Fig.1(b)). 
In order to meet ever-increasing transportation 
demand, an elevated four-lane road was con-
structed on the covered structure. 

In the 1980s the industrial functions around 
the Cheonggye-Cheon area moved to the 
outskirts of the city, which led to the deteriora-
tion of its adjacent area and waning of the 
market zone.

To make matters worse, a flurry of problems 
came to the fore: an unwholesome environment 

raising hygiene-related concerns inside the 
covered road, air pollution caused by increased 
traffic and endangered citizens’ safety due to 
aging road structures (Lee, 2004).  

(a) Cheong Gye Cheon in early 1900s 

(b) covering construction in 1965 

ABSTRACT: The Cheonggye-cheon Restoration Project (CRP) was transforming a ten-lane road system into a 
stream in a downtown area of a metropolitan city. Launched in July 2003, the CRP covering a length of 6 km, a 
width of 25~100m and an area of 276,650m2 came to completion in October 1, 2005. It involves demolition of
road systems, bridge construction and river restoration and has several geotechnical aspects such as reinforce-
ment of the structure foundation, protection of underground railway tunnel and prevention of water loss. 
Throughout the project it is found that, although the geotechnical engineering is not the main part of project, the 
geotechnical engineering makes a great role in implementing the waterfront restoration project. 

Geotechnical Consideration in Urban Waterfront Restoration
A Case Study: Cheonggye-Cheon Restoration Project 

J.H Shin 
Dept of Civil Eng. Konkuk University, Seoul, Korea 

539



(c) before restoration in 2002 

Fig.1 Cheonggye-Cheon in the past 

In 2002, these problematic conditions and 
the soaring demand of citizens for a better 
living environment and livelihood engendered 
the notion of turning the covered area into a 
lively stream, the Cheonggye-Cheon Restora-
tion Project (CRP). Figure 2 shows the layout of 
the CRP (SMG, 2004). 

Fig. 2 Layout of the Cheonggye-Cheon Restoration 
Project

2. PROJECT DETAIL AND 
GEOTECHNICAL ASPECTS 

Simply, the CRP is transforming a ten-lane road 
system into a stream in a downtown area of a 
metropolitan city. The main works included in 
the project were as follows (Shin and Lee, 
2006):
• demolition of the covering and elevated 

structures: 5.4km 
• formation of watercourse and stream bed: 

5.7km
• water supply: 120,000 tones per day through 

a 10.9km long water supply pipe 
• construction of bridges: 22 places 
• landscaping: 5.8km 

Figure 3 presents the process of restoration. 
Restoration work was completed in 27monthes. 
Total construction cost was 386 million US 
dollars (Shin and Lee, 2003; Shin at. al., 2005).  

(a) stage 1 : scaffolding the road system 

(b) stage 2: demolition of elevated road 

(c) stage 3: demolition of covering structures 

(d) stage 4: stream restoration 

Fig. 3 Restoration process 

The CRP includes many civil engineering 
aspects. Although the main part engineering is 
river and hydraulic engineering, the compli-
cated urban environment required several 
geotechnical considerations. The main geotech-

540



nical issues in the CRP projects were: rein-
forcement the foundation of the existing struc-
ture, measures to prevent the loss of supplied 
water, protection of underground railway tunnel 
due to bridge constriction and historical restora-
tion.

To examine the geotechnical aspects, it 
would be appropriate to review geological 
profile on the site. The region around Seoul 
forms part of a large granite batholith. Deeply 
weathered granites are frequently encountered 
in many civil engineering works including 
subway construction. Figure 4 shows a typical 
geological profile. The decomposed granite is 
overlain over large area by fill and alluvial 
sediments several meters thick. Much of the 
alluvium consists of very permeable sandy 
gravel and a comparatively love sensitivity to 
consolidation.
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Fig. 4 Ground profile 

2.1.  Reinforcement of the foundation of the 
existing structures 

Parts of covering structure were maintained for 
the construction of side roads. Not sufficient to 
meet the design requirements, remaining of the 
existing covering structures accompanied 
reinforcement work for the existing structures 
and foundations. It was found that the founda-
tion of existing structure is wood piles (Fig. 
5(a)). Thus, to increase the bearing capacity of 
foundation of the columns, micro piles 
(D=200mm) were added to the existing founda-
tion as shown in Figure 5(b), CGS grouting was 
carried out to reinforce the foundation of the 

retaining wall. Figure 5 present the reinforcing 
works.

(a) reinforcement plan 

(b) micro piling work 

Fig. 5 Foundation reinforcement 

2.2. Measures for the loss of supplied water 

120,000 tons of water is supplied daily from 
Han river which is 15km away. Stream water is 
lost because of permeation into the ground, 
evapotranspiration and utilization.  Among 
them, the ground permeation is the most domi-
nant factor. The amount lost by ground permea-
tion was calculated using seepage analysis. 
However, certain volume of the loss is condu-
cive to preserving the underground environ-
ment, so it is necessary to strike a balance 
between them. In the upper reaches, there are 
more coarse sands on the bed of the 
stream. This topographical condition is vulner-
able to water permeation which causes loss of 
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the supplied water. Therefore, design guidelines 
which will allow up to 3 % of water loss were 
established. To meet the requirement, clay mat 
ware installed in the stream bed. Also, cut-off 
walls which are about 10 meter deep and 50 cm 
thick on average were installed using high 
pressure square-shaped jet grouting on both 
sides of the water way as shown in Figure 6. 
Initially HDPE film is considered, however 
citizen group does not accept the idea.

Fig. 6 Measures for water loss 

2.3. Protection of underground railway tunnel 
under bridge foundation 

Turning roads into a stream is bound to block 
the free traffic between both sides of stream. 
Therefore, in order to keep the same traffic flow 
after restoration, the total 22 bridges were 
constructed, including both vehicle and pedes-
trian bridges. Two of them were planned on the 
underground railway tunnels. 

(a) the Gwansu Bridge on Line 3: piled foundation

(b) the Dasan Bridge on Line 6: foundation grouting 

(c) The 3D numerical model

(d) analysis results 

(e) tunnel profile measuring system 

Fig.7 Tunnel protection due to bridge construction 

Two different bridge foundation methods to 
reduce the influence of eccentric loads from 
bridges on the running tunnels were adopted: 
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piled-foundation and grouted-foundation as 
shown in Figure 7(a). The behavior of the 
tunnels is evaluated using the three dimensional 
numerical modeling method as shown in Figure 
7(b). The piled-foundation seems to be more 
conservative structurally. Although grouting 
method gave displacements, they were also 
within the limit of allowable levels. The 
grouted-foundation required less construction 
time, about 67% of the piled foundation. The 
piled-foundation costs 1.5 times more than that 
of the grouted-foundation. In terms of engineer-
ing aspects, grouted-foundation would be more 
cost-effective. However, when the strict control 
of crack and deformation is required, piled-
foundation would be more appropriate in 
securing safety. Citizen activity group evaluates 
the piled foundation is more environmental. 

2.4. Historical Restoration 

Several artifacts were found at the CRP site 
including stone embankment walls and stone 
bridges. One old stone bridge which was buried 
under the covering structure for several decades 
was restored. As the foundation of the bridge 
has been weathered significantly, preparing the 
foundation was one of the key issues in restor-
ing work. Reinforcement and replacement of 
stones were made 

Fig. 8 Old bridge, GwangGyo, restoration 

3. GEOTECHNICAL CONSIDERATION IN 
URBAN WATERFRONT 
RESTORATION

In the CRP, although the geotechnical engineer-
ing was not the main part engineering, its role 

was considerable. Geotechnical problems faced 
in the CRP are generally complicated and 
expensive without providing any landscaping 
panorama. Moreover, general citizens are not 
much interested in the geotechnical works. 
However, they are one of the most important 
engineering part in the CRP securing safety. In 
implementing the CRP, some special considera-
tion in geotechnical engineering was required. 
One thing to bear in mind is to have solid idea 
about environmental project. Another thing is to 
understand is restoration principles and its 
multiple spectrums. 

Urban waterfronts hold time-related 
meanings on the past, present and future. In 
addition, they have complex functions through 
which the use, ecology and historical and 
cultural aspects are managed and regulated. The 
features of urban waterfronts are summed up as 
follows: ecological space, space for flood 
control, historical and cultural space. 
Restoration work also requires establishing the 
priority of space usage. Generally the priority 
can be established as shown in Figure 9. 
However, issues pertinent to determining 
priority among preservation of ecosphere, 
restoration of history and cultural and recrea-
tional functions shouldn’t be overlooked under 
any circumstances. Geotechnical engineers try 
to make every effort to meet the priority and 
principles.

Fig. 9 Priority for space-related functions 

4. CONCLUSIONS

The CRP is to improve and enhance the quality 
of life by restoring urban waterfront. Every 
engineering activity should consider the envi-
ronmental aspects. The gist highlighted by this 
paper is that it is necessary to share fundamental 
principles of the restoration among engineers 
including geotechnical engineers in order to 
deal with issues on a collision course because 
varying arguments can disperse arguing points. 
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‘Environment friendliness’ is the criterion by 
which conflicting viewpoints can be integrated, 
and the optimal means to that end is the tech-
nology.

Geotechnical aspects in urban restoration 
project can be categorized as meeting the 
environmental requirements, protection of 
existing structures and facilities, long-term 
hydraulic interaction and foundation problems 
in artifact restoration. The most valuable ex-
periences and lessons obtained from the CRP is 
that in some cases the environmental values 
should put forward the engineering or economic 
values.
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1. INTRODUCTION

Due to burgeoning urbanization, civil engi-
neers are forced to make deep excavations for 
structures such as metro stations, tunnels for 
highways and high-rise buildings. During a 
deep excavation, the geological environment 
needs to be balanced through support systems 
while displacements are kept under control. In 
this paper, the performance of a modified 
retaining system for a deep excavation in 
Northwestern Istanbul built as part of the 
Istanbul Metro System is examined. Field 
measurements have been collected and com-
bined with numerical analyses to assess the 
effects of the excavation as well as the perform-
ance of the support system. 

2. THE RETAINING STRUCTURE FOR 
DEEP EXCAVATION 

The deep excavation was made as part of the 
metro system currently under construction in 
Istanbul. The excavation for one of the metro 
stations, situated in the north-south direction, 
measures 190m x 41m and 180m x 25m at the 
top and bottom, respectively and reaches a 
depth of 31 m. The surface elevations vary from 
118m to 111m. The metro station under con-
struction is neighbored by four-storied industrial 

buildings on its eastern and western borders. A 
retaining structure was designed which con-
sisted of piles at a meter interval and anchor 
supports (Figure 1). Cast-in-place prebored 
piles, having a diameter of 0.65m, are also 
connected with a cap and supported with 
whales.

Figure 1. View of  the excavation and the retainment. 

ABSTRACT: Retaining structures are commonly used to support deep excavations, especially in urban areas 
where the existing structures impose additional difficulties. Inclinometer and optical measurements at the surface 
are collected for an excavation of the Istanbul metro system, which are then compared with results obtained from 
a finite element model. Effects of the changes implemented to the design of the retaining system are evaluated 
based on the suggested model.

Performance of a modified support system for a deep excavation –
a case study 

M.M. Berilgen, C. Akgüner, S. Yıldırım
Civil Engineering Department, Yıldız Technical University, Yıldız, Istanbul, TURKEY 
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The slope of the excavation is stepped due to 
the architectural consideration of the station. 
The number of anchor rows varies from six to 
nine depending on the height of the excavation. 
The lateral spacing of the anchors is between 
1.5 to 2m with a root length of 8m and angles of 
5 to 25 degrees. The behavior of the neighbor-
ing structures and the excavated slopes is 
monitored through a grid of inclinometers and 
optical geodetic measurements at the surface. 

Unexpected displacements were observed in 
the second phase of the excavation below the 
first step at a 100m section in the southeast part 
of the working area following the construction 
of the first row of anchors in the second step. 
Changes were made in the retaining system 
because of the prospect of increased displace-
ments in further stages of the excavation. Two 
longer rows of anchors and a framed support at 
the top stepped slope with a support right 
underneath were added (Figure 1). The framed 
support consists of pipes connected to the 
retaining wall at the first four levels. Additional 
framed supports have been placed at ten meter 
intervals for this purpose on the top bored piles 
already constructed. 

3. SOIL CONDITIONS 

Three borings at depths varying from 32m to 
37m were conducted to determine the layering 
and the properties of the excavated soil. Stan-
dard penetration tests were performed based on 
the soil conditions and samples were obtained. 
Core samples were taken in rocks. 

The soil profile from the surface down can 
be summarized as follows based on the borings: 

- 0.8m to 3m thick fill layer 
- 6.5m to 9m layer of gravelly clay 
- Weak, interbedded siltstone, clay-

stone and shale through the end of 
boring (up to 35m). 

Although no water table was encountered 
during borings, some water flow was observed 
through the clayey layers during excavation. 
The soil profile, values of SPT blowcounts and 
soil properties at various depths are given in 
Figure 2. 

Figure 2. Soil profile and properties. 

4. OBSERVED VERSUS CALCULATED 
BEHAVIOR

Analyses have been performed using Plaxis 
V8.6, which utilizes the finite element method. 
The results are compared with the in-situ 
monitoring from inclinometers and optical 
surface measurements to determine the per-
formance of the retaining system modified to 
reduce the unexpectedly large displacements. 

4.1. Field Measurements 

Possible adverse effects such as large de-
formations and local failures during various 
phases of the excavation were monitored to 
allow for early detection and rapid remediation. 
Therefore, five inclinometers as well as numer-
ous optical measuring devices were installed 
along the retaining wall as well as on the sur-
rounding structures. Measurements shown in 
Figure 3 are from the two inclinometers (INC-
08 and INC-09) within the problematic cross-
section.

4.2. Finite Element Model 

The analyses have been conducted assuming 
that the problem can be idealized with a plane 
strain approach. In this model, the elasto-plastic 
constitutional models are utilized for the non-
linear behavior of soil layers. The hardening 
soil model is used for the top three soil layers 
consisting of fill, clay and the upper silt-
stone/claystone/shale layer, while the Mohr-
Coulomb model is considered for the two lower 
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siltstone/claystone/shale layers. The material 
properties of the soil layers used in analyses are 
summarized in Table 1. The rigidities of the 
anchors are presented in Table 2 and the rigidi-
ties of the pile, mat and frame system are given 
in Table 3. The rigidity of the pile elements 
below the retaining pile structure and framed 
supports have been reduced following the 
recommendations by Pham et al. (2004). 
Table 1. Parameters used in analyses. 

1 2 3 4 5 
Parameter A.Fill Clay Silt-

stone1
Silt-

stone2
Silt-

stone3
Material model HS1 HS HS MC2 MC
Unsaturated unit weight, 

unsat (kN/m3) 18 18 22 22 22 

Saturated unit weight, sat 
(kN/m3) 18 19 22 22 22 

Reference Young 
modulus, E50

ref (MPA) 1E4 5E3 8E4 2E5 4E5 

Odometer modulus, 
Eoed

ref (kPa) 1E4 5E3 8E4 - - 

Unloading-reloading
modulus, Eur

ref (kPa) 3E4 1.5E4 2.4E5 - - 

Reference cohesion, 
cref (kPa) 1 1 10 5 10 

Internal friction angle, φ
(deg) 25 20 35 38 40 

Dilatancy angle,  (deg) 0 0 0 0 0 
Poisson’s ratio, ur 0.2 0.2 0.2 0.2 0.2 
Reference stress, pref (kPa) 100 100 100 - - 
Hiperbolic model parame-
ter, m 0.5 0.8 0.5 - - 

Earth pressure coeff. at 
rest, K0

nc 0.577 0.658 0.426 0.384 0.357

Failure ratio, Rf 0.9 0.9 0.9 - - 
Tensional strength, 
TStrength (kPa) 0 0 20 10 10 

Interface coefficient, Rinter 0.65 0.65 0.7 0.9 0.9 
Interface thickness, 
dinter

0 0 0 0 0 
1 Hardening Soil Model 
2 Mohr Coulomb Model 

Figure 3. Finite element model. 

Table 2. Rigidity of anchors. 

Name EA
(kN/m)

Spacing
(m)

Anchor 1 5943600 1.5 
Anchor 2 4457700 2.0 
Anchor 3 8915400 1.0 
Strut 9283406 10.0 

Table 3. Rigidity of structural elements. 

EA EI Unit
weight

Poisson’s
ratio

(kN/m) (kNm2/m) (kN/m2)  - 
Diagonal1 1588289 40460.33 0.0 0.10 
Diagonal2 9283406 1126135 0.0 0.10 
Wall 3388050 89465.7 1.3 0.10 
Pile 3388050 89465.7 1.3 0.10 
Mat 2E8 16.7E6 0.0 0.10 
Platform 1E8 2083333 1.0 0.15 

5. RESULTS OF ANALYSES 

The first set of analyses is conducted for the 
modified retaining system. The construction 
phases are incorporated and the anchor locking 
loads are applied successively. Analyses were 
conducted for undrained as well as drained 
conditions due to the presence of water during 
excavation. The results of analyses are com-
pared with the readings from inclinometers in 
Figure 4. The inclinometer readings show an 
unexpected increase especially in the weathered 
rock layers which indicates that these measure-
ments might be in error. Nevertheless, the 
results of analyses indicate that the horizontal 
displacements can be predicted to a reasonable 
accuracy by means of FEM (Figure 5).

Artificial Fill 

Clay

Silltstone 1

Silltstone 2

Silltstone 3 

Building
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Figure 4.Building measurement points.

Secondly, the analyses are repeated with the 
supports removed to investigate the conditions 
and outcome of the behavior of the soil and the 
supporting retaining structure without the 
addition of the supports, i.e., without modifica-
tions. The results with and without the modifi-
cations are then compared for each of the lateral 
displacements at the top and bottom stepped 
section (Figure 5), the settlements at the surface 
behind the excavation (Figure 6) and the per-
centage of the mobilized anchor capacities in 
each case (Figure 7). 

Figure 5. Comparison of measurements and analyses. 

Figure 6. Lateral displacements of the retaining wall 
at two elevations. 

The changes in the retaining structure reduce 
the displacements. The anchors nearly reach 
their capacity at the top portion of the stepped 
slope without the aforementioned improve-
ments. However, the changed support has no 
effect on the top two rows of anchors. The 
framed support constructed to reduce the loads 
on these anchors does not have a significant 
effect on the outcome of the analyses. Neverthe-
less, it should be reiterated that the analyses are 
conducted assuming a plane-strain behavior 
which may not fully model the system of 
framed structures constructed at 10m spacing 
and the piles underneath them. The loads on the 
bearings of the elements of the framed support 
are presented in Table 4. 

Figure 7. Calculated settlements behind retaining 
structure.
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Figure 8. Comparison of working capacities of 
anchors.

Table 4. The bearing loads of the diagonal support 
element.

Elevation
(m)

Force
(kN)

112.5 28.0 
111.0 18.0 
108.0 48.0 
105.0 109.0 

6. CONCLUSIONS

In this paper the improvements of a retain-
ing system for a supported excavation is dis-
cussed. Additional anchors as well as lateral and 
diagonal supports are included to the retaining 
system of an excavation for a metro station in 
Istanbul to minimize the displacements, which 
might have caused difficulties in later stages of 
the construction. Analyses are made to investi-
gate the effects of the modifications to the 
performance of the retaining system. 

The following conclusions can be drawn in 
the light of the results from the field measure-
ments and analyses: 

1) During the deep excavation, field measure-
ments, which included observations of the 
retaining structure, the geological environ-
ment and the neighboring structures, have 
proven to be very beneficial. Field observa-
tions have enabled the excavation of the 
metro station to advance safely following 
the improvements in the retaining structure. 

2) Numerical analyses considering advanced 
material models can optimize the retaining 
system and likely effects of proposed 
changes.

3) Additional anchors and supports are more 
useful than the diagonal elements in improv-
ing the behavior of retaining structures. 

4) The benefit of diagonal elements depends on 
the rigidity of the foundation soils. Lateral 
supports (struts) appear to be necessary to 
increase the rigidity during excavation of a 
foundation soil. 
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1. INTRODUCTION

Some underground structures transfer active 
load to soil only horizontally, without taking 
into consideration vertical loading to foundation 
from its own mass. For example, different 
anchors with orientation of pulls in horizontal 
plane, rests of underground pipelines, pipelines 
themselves, etc.

Many underground structures load the foun-
dation at the same time vertically and horizon-
tally.

The analysis of foundations of such con-
structions should be carried out in both vertical 
and horizontal directions. 

This article is devoted to analysis of founda-
tions of underground constructions on the basis 
of deformations occurring with load transfer to 
the soil horizontally. 

The solutions have been obtained for ana-
lytical model of foundation in the form of a 
linearly deformed half-infinite solid (of a half-
plane for a plane problem). 

The impact of aperture of medium continu-
ity on the movement value was applied with the 
help of double forces, distributed along the line 
of suppositive or actual foundation destruction 
during digging of pits, construction of under-
ground walls, etc. 

Impact of free surface of soil is taken into 
account automatically since E. Melan’s formula 
for half-plane and R. Mindlin’s formula for 
half-space from single horizontal force have 
been used as initial ones. 

In our previous work /1/ basic statements on 
carrying out the indicated methods of analysis 
and some formulas for calculations of move-
ments were given. Unfortunately, the publishing 
house misprinted formulas (7) and (12) /1/ but 
they were corrected in the present work. 

2. INTERACTION OF THE STRUCTURE 
AND THE FOUNDATION IN 
CONDITIONS OF PLANE PROBLEM.

Average horizontal movement uav of a flat 
plate or of a structure, elastic along the height b, 
is calculated by the formula (Figure 1): 

q
av

u
disv

av 128
KqbKu Δ

π
= HE

 ;  (1) 

where q – uniformly distributed horizontal load; 
vK - coefficient of influence on the movement 

value of the Poisson’s ratio of soil v; u
disK -

coefficient of the influence of rupture of conti-
nuity of the medium on the movement value; 

q
avΔ  - coefficient for average movement of the 

load q  within the height b; H– modulus of  
horizontal soil deformation. 

ABSTRACT: By what formulas should movements of underground structures be analyzed if a structure transfers 
load to the foundation horizontally? How do free surface of soil and actual rupture of aperture of foundation 
continuity influence on the value of horizontal movement? In what way and by what devices is it possible to 
determine the modulus of horizontal soil deformation? Does deformation anisotropy of naturally stacked soils 
take place in orthogonal directions or not? 

Brief answers on these questions are provided in this article. 

Analysis of movements of underground structures
from horizontal load 

L.A. Dimov
LLC “NIPIneftegastroydiagnostika”, Reutov, Russia 

E.M. Bogushevskaya
OJSC “Giprotruboprovod”, Moscow, Russia

553



Figure 1. Scheme of application of horizontal load q 
inside a half-plane 

Movements in characteristic points along the 
height of the strip can be determined by formu-
las and tables given in /2/. 

For rigid structures, which constitute the ab-
solute majority in practice, horizontal move-
ment U should be calculated by the formula 

H
vconst

E
qbKUU = ,  (2) 

 where  constU  - coefficient for determination of 
movement of a rigid structure. 

The vastest class of underground structures 
that interact with the foundation in the state of 
plane deformation is composed of different 
underground pipelines – from technical engi-
neering networks to oil and gas mains of diame-
ter D =1420 mm. For analysis of stress and 
strain state of a pipeline along its length by 
numerical methods, a variable coefficient of the 
soil bed kp is necessary, i.e. the ratio qp/Up
(index «p» means «pipe») /3/. For a concrete  i
pipe section 

vp

H

p

p
p DKU

E
U
q

k == ;   (3) 

where pU  – coefficient for determination of 
movement of a tubular rigid plate. 

The formula (3) has been reiteratedly tested 
by laboratory and field experiments with rigid 
tubular plates of diameter D = 76…426  /3/. 

3. INTERACTION OF THE STRUCTURE 
AND THE FOUNDATION IN 
CONDITIONS OF SPACE PROBLEM.

Horizontal movements of an elastic rectan-
gular plate in certain points inside the soil 
foundation (Figure 2) may be calculated by the 
formula

HE

u
dis

2 )Kv-qb(1UU =  ;  (4) 

Figure 2. Scheme of application of horizontal load q 
inside a half-space. 

Inside the area of load, movements are 
symmetrical relatively to y=l/2, where l – length 
of the plate. The most typical ones are move-
ments in points  1-5 and 6-10, the value of 
which according to (4) depends on a variable 
coefficient U . Special tables /2/ show values of 
U  depending on relative embedding of the 
loading site below the soil surface ho/b and the 
ratio of its sides as  l/b. 

Composition of tables for U   is taken in /2/ 
by analogy with already known tables 25/4/ and 
2.2/5/, which to compare easily movements of 
points of equidimensional areas l x b situated on 
the surface and inside of soil mass (Figure 3).
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Figure 3. Scheme of application of distributed load q 
inside and on the surface of the half-space. 

In the same tables /2/ values constU  for an 
absolutely rigid rectangular plate  l x b  are 
given (Figure 2). 

On the ground of comparison of solutions 
for a rigid vertical plate on the surface /4/ and 
for the same horizontal plate inside the linearly 
deforming foundation (Figure 3), it is possible 
to make the following conclusion. Horizontal 
movement of a buried rigid rectangular struc-
ture in deformation-isotropic soil is always less, 
than the settlement of the same structure (foun-
dation) on the surface of the base. And it is the 
less, the lower the Poisson’s coefficient of the 
soil is and the farther the underground structure 
is situated from the soil surface. It should be 
noted that the analogous conclusion was also 
obtained for plane problem. 

4. DETERMINATION OF THE SOIL 
DEFORMATION MODULUS FOR 
GORIZONTAL DIRECTION 

For the analysis of movements by the for-
mulas (1)-(4), it is necessary to have the hori-
zontal modulus of soil deformation H.

The analysis of prior experimental investiga-
tions has allowed to conclude that “anisotropy 
in soils is rather a rule, than an exception˝ /6/, 

deformation anisotropy included. However, our 
field tests, not yet numerous, with the same 
plates, both vertically and horizontally, show 
that this conclusion needs additional verification 
and possible correction. 

It is expedient to determine H directly on 
site in a manner that is established for deforma-
tion modulus  for vertical direction /7/. 

During horizontal soil tests with rigid plates 
or blade pressuremeters /8/, the formula for 
calculation of H results from the solution (4) 
and takes the following form: 

U
qb)1(KUE 2u

disconst
H

Δ
Δ−= v ;  (5) 

where q – pressure increment on the plate or 
on the plate-blade of the pressuremeter between 
two points taken along the averaged straight 
line; U – movement increment of the plate or 
of the plate-blade of the pressuremeter, corre-
sponding to q.

Nowadays, we consider a plate dilatometer 
to be one of the best devices for field determina-
tion of H /9/.

By way of analysis and numerical calcula-
tions the following is established. Regardless of 
a type or kind of tested soil as well as when a 
dilatometer is buried below the soil foundation 
surface ho/D  3, modulus of deformation H

may be calculated according to the formula /2/ 

U
q46,0EH

Δ
Δ= D ;  (6) 

where D – diameter of the circle plate of the 
dilatometer.

The analysis of some results of parallel tests 
of different soils, both vertically and horizon-
tally, with plates, blade pressuremeters and a 
flat dilatometer is given in /2/. This analysis 
leads to a preliminary conclusion that the ratio 
of moduluses of soil deformation, vertically and 
horizontally, / H may be both less or more 
than unit.

To transfer from horizontal modulus H to 
vertical modulus E, which is much more widely 
used in geotechnical engineering, we need to 
know the correcting coefficient d /7/. In order 
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to determine d, it is necessary to carry out near 
to tests with the help of a dilatometer, parallel 
soil tests with standard plates of 600  5000 cm2

vertically. The need for experiments with plates 
sharply reduces efficiency and expedience of 
soil tests with a plate dilatometer. 

During calculation of H on the basis of (6) 
and accumulation of experimental data for the 
coefficient d= / H it may very likely happen 
that for all types and kinds of soils the value d
will be close to unit with confidence interval 

d=1± d. In this case a flat dilatometer may 
be used for field determination of  without 
additional parallel vertical tests with plates. 

In Russia the first experimental tests with a 
dilatometer with the plate diameter  D=70 mm 
and the area of 38 cm2 showed /10/ that 
determined with a plate with the diameter of 
800 mm and the area of 5000 cm2 is always 
more than H determined with the help of a 
dilatometer. However, in /10/ H was calculated 
with Shleiher’s formula, which does not corre-
spond to the case of load application to the soil 
horizontally. In this case, the plate of the dila-
tometer should be considered as a plate of small 
diameter, and thereby the known dependence of 
plate movement on the value of its area should 
be taken into account /4/.

5. CONCLUSIONS

The formulas (1) – (2) allow to determine 
horizontal movements of elastic and rigid 
underground constructions and structures, 
which transfer load to the soil horizontally as 
well.

It is expedient to determine the necessary 
modulus of soil horizontal deformation H in 
field conditions with a dilatometer, and besides 
to calculate H by the formula (6).
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1. INTRODUCTION

Ground deformation moduli are heavily de-
pendent on both their confining pressure and on 
their strain. In order to accurately evaluate 
ground behaviour during excavation and the 
construction of structures, those factors must be 
considered simultaneously. 

Methods of evaluating Young’s modulus for 
ground and their dependencies on the confining 
stresses and strains are becoming clearer from 
the studies of Serota & Jennings (1959), 
D’Appolonia (1970), Dejong & Morgenstern 
(1973), Sasao (1985), Akino (1990), and Tama-
oki et al. (1993). However, there is no practical 
method of evaluating Young’s modulus, con-
sidering the dependencies on both confining 
stresses and strain which change simultaneously 
during excavation and the construction of 
buildings.

In this paper, the stress-strain relations of 
ground are evaluated from monitoring during 
the large-scale inverted construction of a super-
high-rise building. Introducing the concept of a 
stress-strain curve under constant confining 
stress (SSCCCS), a method of evaluating stress-
strain relations that can express dependencies 
on both confining stress and strain is derived. 

2. MONITORING DURING EXCAVATION 
AND THE CONSTRUCTION OF 
BUILDING

2.1. Outline of construction 

2.1.1. Ground condition 
The construction site is located in the centre of 
Tokyo, close to the Parliament building. The 
site plan is shown in Figure 1. The shape of the 
site is a trapezium of about 200 m × 100 m, 
with an area of about 15000 m2. The site is 
surrounded by three underground lines: the 
Marunouchi Line, the Ginza Line, and the 
Namboku Line, and another line, the Chiyoda 
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ABSTRACT: During the large-scale inverted construction of a super-high-rise building, ground behaviour was 
monitored at the site. From rebound and settlement data, stress-strain relations of the ground were evaluated and 
discussed.

To adequately model the stress-strain relations derived from the monitored data, dependencies on both the 
confining stress and strain should be considered simultaneously. A method of estimating stress-strain relations 
of the ground is described, introducing the concept of a stress-strain curve under constant confining stress
(SSCCCS). Ground behaviour during construction was well represented by this method. 

Evaluation of stress-strain relations of ground derived from in situ
monitoring during a large-scale inverted construction of super-high-
rise building 

H. Hotta, K. Nakanishi, Y. Katsura 
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Line, runs through the site. 
The soil profile and PS logging results are 

shown in Figure 2. The surface layer is a back-
fill of about 2 m thick, and the ground down to 
a depth of about GL-12 m comprises soft 
Holocene cohesive layers with SPT N-values of 
less than 10. There are Pleistocene layers below 
this: sand or gravel layers called Tokyo Layers 
down to GL-20 m with SPT N-values between 
30 and 40 and shear wave velocities of about 
500 m/s; and fine sand layers called Edogawa 
Layers down to GL-80 m with SPT N-values of 
over 60 and shear wave velocities of about 400 
m/s. There are thin cohesive layers with OCRs 
of over 10 in the Edogawa Layers. Below the 
Pleistocene layers there are rigid tertiary mud-
stone layers called Kazusa Layers with shear 
wave velocities of about 500 m/s. The free 
groundwater level is between 8 m and 11 m 
below ground level. 

2.1.2. Building 

The typical floor plan and cross section of the 
building are shown in Figure 3. The building 
consists of a super-high-rise tower (44 stories, 4 
basement floors, maximum height of 194.8 m, 
and a foundation level of GL-27.5 m) and an 
annex building (2 stories, 3 basement floors, 
and a foundation level of GL-19.5 m). These 
two structures are connected at the first base-
ment floor over the Chiyoda Underground Line. 
The superstructures are built with steel, and the 
substructures are built with steel encased 
reinforced concrete. The foundations are mat 
slab foundations supported by Edogawa Layers, 
with long-term allowable bearing capacities of 1 
MPa.
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2.1.3. Construction 
In order to shorten the construction period, 
ensure safe excavation, and minimise the 
influence on building frames and neighbouring 
underground areas, an inverted construction 
method was adopted, in which substructures and 
superstructures are constructed simultaneously, 
utilising reinforced concrete diaphragm walls 
for earth retention. The diaphragm walls are 1.0 
m thick, and their depth is GL-50 m to GL-78 m. 

Temporary piles, which support the weight 
of the building until the mat slabs have been 
completed, are cast-in-place concrete piles with 
diameters of 2.2 m to 3.0 m (some are enlarged 
to between 3.4 m and 3.8 m at the tips). The pile 
lengths are between 13 m and 20 m from the 
bottom of the mat slab (tip depths: GL-32.5 m 
to GL-47.5 m). 

Excavation in inverted construction pro-
gressed in seven steps: one step by floor from 
the 1st to 3rd basement floors, and thereafter 
divided into three steps at the 4th basement 
floor. Each excavation step was followed by the 
construction of substructure frames, from the 
upper basement floor to the lower basement 
floor. The island cut method was used to con-
struct the 4th basement floor. The multi-layer 
dewatering and recharge deep well system was 
adopted as a dewatering method. 

2.2. Outline of monitoring 

The layout of monitoring apparatuses is shown 
in Figure 4. Three sets of differential settlement 
gauges were installed to obtain the distribution 
of vertical displacements of the ground in the 
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Figure 4. Installation of monitoring apparatuses 

depth direction. Points SA0 and SA1 were 
located under the super-high-rise tower, SA0 
had five monitoring points down from the tip of 
a temporary pile, and SA1 had seven monitor-
ing points down from the bottom of the mat slab. 
Point SB4 was located near the diaphragm wall 
around the tower and had four monitoring 
points down from the bottom of the mat slab. 

At point WK2 near SA0, five pore water 
pressure meters were installed in the depth 
direction, and monitored any water level 
changes.

Monitoring was conducted from prior to ex-
cavation until after the building frame had been 
completed. Data were collected and recorded by 
an automatic monitoring system, utilising an 
intranet, throughout the period of construction. 

2.3. Monitoring results 

Time histories of vertical ground displacements 
and groundwater levels are shown together with 
the superstructure height and excavation depth 
in Figure 5. According to the construction cycle 
of the inverted method (drawdown, excavation, 
and frame construction), ground vertical dis-
placements show rebounds and settlements, 
repeatedly. It is clearly shown that the effective 
ground stress change due to the water level 
movement affects the vertical ground displace-
ments drastically. Ground rebound was domi-
nant until March 1997, when the excavation of 
the tower was completed, but settlement pro- 
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gressed as the weight of the building increased. 
The construction of the building frame was 
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completed by April 1999, and the settlement 
almost stabilized in October 1999, except for a 
slight rebound due to a recovery in the ground-
water level. 

The distribution of vertical ground dis-
placements in the depth direction is shown in 
Figure 6. The maximum rebound when the 
excavation was completed (1/4/1998), was 15 
mm to 18 mm at the bottom of the excavation 
and 8 mm to 13 mm at the pile tip. Rebound 
was also dominant when the construction of the 
building frame had been completed (1/4/1999). 
A small amount of settlement was observed at 
point SB4 after excavation was completed. 
Settlement of about 10 mm was observed at two 
other points as the weight of the building 
increased. Settlement progressed in every 
ground layer at point SA0, while only a very 
small amount of settlement was observed below 
GL-67 m at point SA1. 

3. STRESS-STRAIN RELATIONS OF 
GROUND

3.1. Stress-strain relations of the ground de-
rived from monitoring data 

Stress-strain relations of four ground layers, 
derived from in situ monitoring data by differ-
ential settlement gauges, are shown in Figure 7. 
Vertical effective stresses at the mid-depth of a 
layer were estimated by adding the building unit 
weight per area to the total overburden stress 
and substituting pore pressure. Vertical strains 
were estimated by dividing differential dis-
placements by the thickness of the layer. 

During the rebound process, the gradients of 
stress-strain relations degraded at the end of 
excavation in all layers. 

After the increments of vertical displace-
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ment turned negative (the settlement process), 
the characteristics of stress-strain relations were 
different, depending on the location and depth, 
but stress-strain relations were generally more 
linear than they were during the rebound proc-
ess. There were final residual strains observed 
in the direction of rebound, although the vertical 
effective stresses almost returned to their initial 
values at SA0 and SA1.  

At SA0, settlement proceeded with almost 
the same gradients as the initial gradients for the 
rebound process. 

At SA1, the strains between GL-28.7 m to 
GL-37.2 m during the settlement process were 
much smaller than those during the rebound 
process. The ground seemed to be confined by 
the piles and behaved together with these. The 
strain below GL-47.2 m was relatively great, 
and settlement developed mainly beneath the 
pile tips. 

At SB4, the strain in the direction of settle-
ment developed between GL-47.2 m to GL-57.2 
m, even when there was no load increment. The 
tower area load might be spreading. 

The effective vertical stresses decreased 
with the recovery of the ground water level after 
construction of the building frame was com-
pleted, but the rebound trend is not clear at each 
point.

Stress-strain relations at SA1 during the re-
bound process are compared in Figure 8. The 
characteristics of ground rigidity degradation 
are different: the deeper, the more linear, which 
implies the necessity of considering both 
confining stress and strain when evaluating the 
deformation characteristics of the ground. 
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Figure 8. Stress-strain relations at SA1 during the 
rebound process 

3.2. Dependency of the initial Young’s modulus 
on confining stress 

The dependency of the initial Young’s modulus 
on confining stress was investigated by ap-
proximating the stress-strain relations derived 
from in situ monitoring with a hyperbolic 
function:

maxvv0

2
maxv

maxvv E σ′+εΔ
σ′

−σ′=σ′Δ , (1) 

where Δσ'v and Δεv are absolute increments of 
effective vertical stress and vertical strain, 
respectively, E0 is initial Young’s modulus and 
σ'vmax is maximum vertical effective stress. 

Assuming that: 
1) the ground is uniform independent of depth, 

and the differences in soil properties are 
dependent only on both confining stress 
and strain, 

and that: 
2) the ground maintains a 1-dimensional K0

state and K0 - the coefficient of earth pres-
sure at rest is constant throughout the layer, 

the Edogawa sand layers at GL- 57.2 m to GL-
87.6 m were studied. From assumption 2), the 
effective confining stress is proportional to the 
vertical effective stress, σ'v.

Relations between the initial vertical stress, 
σ'v0, and the initial Young’s modulus, E0, are 
shown in Figure 9. The regression curve is 
expressed as 
E0 = 1740 σ'v0

0.48 (2) 
which agrees with the fact that Young’s 
modulus follows the power function of confin-
ing stress, ασ'β, where β is between 0.4 and 0.5. 

3.3. Stress-strain curves under constant confin-
ing stress (SSCCCS) 

In order to evaluate the dependencies of 
Young’s modulus on confining stress and strain 
separately, the concept of a stress-strain curve 
under constant confining stress (SSCCCS) is 
introduced. Imagine the group of SSCCCSs 
shown in Figure 10: the actual SSC during the 
rebound process moves from SSC under high 
CCS to SSC under low CCS, hence the degra-
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dation in rigidity becomes clear. During the 
settlement process, the actual SSC moves from 
an SSC under low CCS to an SSC under high 
CCS, and thus becomes somewhat linear. 
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Figure 10. Expression of rebound and settlement 
processes: introducing stress-strain curve under 
constant confining stress (SSCCCS) 

The SSCCCS can be obtained from actual 
SSCs as follows: 
1) Incremental sets of effective stress and 

strain (Δεk, Δσ'k) at a certain confining 
stress, σ'c are picked up from a group of 
SSCs.

2) Sets of (Δεk, Δσ'k) are plotted for the 
confining stress, σ'c, and SSCCCS of σ'c is 
the regression curve from Equation (1) with 
the initial Young’s modulus from Equation 
(2).

The SSCs for CCS of σ'v = 0.3 MPa through 
0.7 MPa were obtained. The relations between 
CCS, σ'v and the parameter in Equation (1), 
σ'vmax are shown in Figure 11. σ'vmax is almost 
proportional to σ'v and is expressed as follows: 
σ'vmax = 1.37σ'v (3) 

0. 0

0. 2

0. 4

0. 6

0. 8

1. 0

1. 2

0 0. 1 0. 2 0. 3 0. 4 0. 5 0. 6 0. 7 0. 8
Ma
xi
mu
m 
ve
rt
ic
al
 e
ff
ec
ti
ve

st
re
ss
, 
σ
' v
ma
x 
(M
Pa
)

Ver t i cal  ef f ect i ve st r ess, σ' v ( MPa)

σ' max=1. 37σ' v

Figure 11. Relations between vertical effective stress 
and maximum vertical effective stress 

I ncr ement  of  ver t i cal  st r ai n,  Δεv (×10
-4)

0 2 4 6 8 10
0. 0

0. 1

0. 2

0. 3

0. 4

0. 5

0. 6

In
cr
em
en
t 
of
 v
er
ti
ca
l 
ef
fe
ct
iv
e

st
re
ss
, 
Δ
σ
' v
 (
MP
a)

σ'
v
=0. 3MPa

σ'
v
=0. 4MPa

σ'
v
=0. 5MPa

σ'
v
=0. 6MPa

σ'
v
=0. 7MPa
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The SSCCCSs estimated from Equations 
(1), (2), and (3) are shown in Figure 12.
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Figure 13. Comparisons of stress-strain relations calculated with the SSCCCS method and the original ones 

3.4. Verification of the SSCCCS method 

Stress-strain curves re-calculated by the pro-
posed SSCCCS method are compared with the 
originals in Figure 13. Poor agreement is 
observed in some parts, especially at the end of 
the rebound process. This may be due to the 
accuracy of the original data or the repetition of 
regression analyses. Assumptions 1) and 2) may 
not be strictly applicable. However, at the initial 
part of the rebound process and on the gradients 
in the settlement process, the calculated curves 
and original data agree quite well, and the 
difference in deformation characteristics during 
the rebound and settlement process is quite well 
represented.  

4. CONCLUSIONS

From monitoring data obtained during the large-
scale inverted construction of a super-high-rise 
building, stress-strain relations of the ground 
were evaluated and discussed. The results were 
as follows: 
1) Stress-strain relation characteristics are 

different in the rebound process and in the 
settlement process. 

2)  To adequately model the stress-strain 
relations derived from the monitored data, 
dependencies on both the confining stress 
and strain should be considered simultane-
ously.

3)  A method of estimating stress-strain 
relations of the ground, introducing the 
concept of a stress-strain curve under con-
stant confining stress (SSCCCS) was pro-

563



posed. Ground behaviour during excavation 
and construction of the building was well 
represented by this method. 
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1.  INTRODUCTION 

With underground excavations and construction 
works progress into much larger diameter 
tunnels and more complex geological environ-
ments, slurry and EPB-shield tunneling have 
been successfully applied worldwide in recent 
years, which can allow the control the surface 
settlement and limit the risk of tunnel face 
failure through the continuous support the face. 
However, face instabilities may occur under 
extremely unfavorable geological conditions, 
especially some lager-diameter tunnels. The 
stability of tunnel face is of paramount impor-
tance for construction the lager-diameter tunnel 
works. Several approaches have been developed 
to analyze and calculate the support pressure of 
tunnel face over the past thirty years. Early 
works on face stability were concerned with 
tunnels constructed in clays (Peck,1969. Broms 
and Bennermark, 1967). Then a more theoreti-
cal approach based on limit analysis was pre-
sented for clays by Davis et al (1980). Within 
the framework of limit analysis, some lower 
bound solutions were presented to analyze 
tunneling in sandy ground by Muelhaus (1985), 
Leca and Panet (1988) and Leca and Dormieux 
(1990). And the approaches were checked 

against model tests performed with Fontaine-
bleau sand in the centrifuge of the Laboratoire 
Central des Ponts et Chaussées (LCPC) in 
Nantes, France (Chambon and Corté 
1989,1994). Another approach, taking full 
account of the three-dimensional geometry at 
the tunnel face, was proposed by Anagnostou 
and Kovári (1993, 1996a, 1996b), using limit 
equilibrium principles based on the Horn (1961) 
(figure 1) model. Recent developments allowed 
the computational methods of tunnel face 
support pressure were proposed and performed 
by many researchers like Chen Z.L.(2001), W. 
Broere (2001), Vermeer P.A.& Ruse N. (2002), 
and Q. F. Hu (2006,2007). 

There are so many methods for calculating 
the support pressure of tunnel face, and it is not 
easily to select the best one for design and 
construction large-diameter tunnel. The paper 
aims at a better understanding of the mechanics 
of face failure for those large-diameter tunnels 
by 3-Dimensional numerical simulation. And 
some different determination methods of the 
applied support pressure are compared here and 
given a risk assessment, which are illustrated 
their application as a case study in the Yangtze 
River Tunnel of Shanghai of China. 

ABSTRACT: For two types of shield tunneling such as Slurry and EPB shield, the stability of tunnel face 
depends on the prevailing support pressure which is applied to a value that gives as well sufficient safety against 
a collapse of the tunnel face as the against uplifting. There are so many compulational methods which are not 
easily to select. The paper aims at a better understanding of the mechanics of face failure for those lager-diameter
tunnels. And some different methods of the applied support pressure are compared by numerical simulation and 
given a risk assessment, which are illustrated their application as a case study in the Yangtze River Tunnel of
Shanghai, China. 

Risk Assessment on Face Stability of Large-diameter Yangtze River
Tunnel in Shanghai, China 

Q.F. Hu 
Shanghai Institute of Disaster Prevention and Relief, Tongji University, Shanghai, China

H.W. Huang 
Department of Geotechnical Engineering, Tongji University, Shanghai, China 
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2. DIFFERENT CLACULATION METHODS 
FOR SUPPORT PRESSURE OF TUNNEL 
FACE

In order to analyze the mechanics of face failure 
for those large-diameter tunnels by 3-D 
numerical simulation, 6 different computational 
methods were introduced in detail as follows (Q. 
F. Hu, 2006). 

2.1. The computational model of passive earth 
pressure

22 , tan ( )
4 2p v p p pp K c K K π ϕσ= + = +  (1) 

Where vσ is earth pressure at the depth to tunnel 
axis, c and  are soil cohesion and soil friction 
angle respectively, and Kp is the coefficient of 
passive earth pressure. 

2.2. The computational model of earth pressure 
at rest 

0 0 0 , 1 sinvp K Kσ ϕ′= = −   (2) 

Where 0K  is the coefficient of earth pressure at 
rest, and ϕ′  is soil effective friction angle. 

2.3. The computational model of active earth 
pressure

22 , tan ( )
4 2a v a a ap K c K K π ϕσ= − = −  (3) 

Where aK  is the coefficient of active earth 
pressure.

2.4. The computational model of Chen Z.L.
(2001)

2 '(0.6 ~ 0.7) tan ( )( )
4 2z vp u uπ φ σ= − − +  (4) 

Where u  is the pore water pressure, and ϕ′  is 
soil effective friction angle. 

2.5. The computational model of Ruse. N. (2002)

1'cot ' 0.05
9 tan 'Rp c Dϕ γ

ϕ
= − + −  (5) 

Where c  and  are soil effective cohesion and 
soil effective friction angle respectively, y is the 

unit soil weight at the depth of tunnel axis, and 
D is tunnel diameter. 

2.6. The computational method of the minimal 
support pressure based on the Multilayered 
Wedge model.

To construct a wedge stability model, as 
sketched in Fig.1, which could handle 
heterogeneous soil conditions by Anagnostou 
and Kovári (1993, 1996a, 1996b), the horizontal 
slice model described by Walz (1983) for 
slurry-filled trenches might serve as a starting 
point. The failure wedge is subdivided in N
smaller bodies by W. Broere (2001), see Fig. 2, 
possibly of different thickness, inside each of 
which the soil conditions are homogeneous. The 
soil conditions would vary between these slices, 
and the conditions of horizontal and vertical 
equilibrium could lead to calculate the minimal 
support pressure. The detail infotmation about 
how to calculate the support pressure of tunnel 
face could be referenced in (2002). 
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Figure 1. Wedge-loaded model of three-dimensional 
tunnel face failure mechanism by soil silo. 
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Figure 2. Limit analysis of tunnel face failure mecha-
nism by soil silo. 
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3. RISK ASSESSMENT ON THE 
STABILITY OF TUNNNEL FACE

According to all above computational methods 
of support pressure of tunnel face, some 
different support pressure of tunnel face may be 
calculated. When large-diameter tunnels were 
designed and constructed, the factual support 
pressure at the tunnel face had to be applied to a 
value that gives as well sufficient safety against 
a collapse of the tunnel face as the against 
uplifting. So the appropriate support pressure 
should be selected through analyzing the 
mechanics of face failure for large-diameter 
tunnel.

During the excavation of tunnel face, the 
distribution of earth pressure would change with 
tunneling. The face stability is a dynamic 
condition. That is, the face stability would be 
undergone from a stable state to limit 
equilibrium and to instability even face 
collapse. So the risk about face stability of 
large-diameter tunnel could be assessed through 
the criterion for judging the face failure with the 
ratio of support pressure to vertical earth 
pressure at the centre of tunnel face (Q. F. Hu, 
2006,2007).

/ vpλ σ=     (6) 
Where p  is the support pressure at tunnel face, 

and vσ  is the vertical earth pressure at the 
centre of tunnel face. 

Figure 3. The face stability and displacement of 
tunneling when the support pressure was decreased 
gradually.

4. NUMERICAL SIMULATION AND CASE 
STUYD IN YANGZTE RIVER TUNNEL 

Yangtze River tunnel is the south crossing way 
from Pudong to Changxing island in Shanghai. 

This tunnel has about a 7.5km in length and 
15m in outside diameter. In order to illustrate 
the method of numerical analysis and risk 
assessment, the tunnel alignment pile K0+589, 
K2+373 & K7+396 were studied (Q. F. Hu, 
2006). Based on the geology investigation data 
and tunnel structure design, the computational 
parameters of soil and tunnel at diference 
locttion are shown in Table 1 & 3 . 
Table 1. The computational parameters of soil at Pile 
No. K0+596. 

thickness  c  c’ ’ qu K0Soil
type m kN/m3 kPa  kPa  kPa  
�3 4 18.7 8 27 - - - - 

�1 3.5 17.5 13 12.5 8 30.3 43 0.57 

�2 2.5 18.3 7 28.5 - - - - 

� 16.5 16.9 14 10.5 10 26.8 52 0.63 

�1 1.2 17.3 16 12 15 25.2 58 0.61 

�2 17.3 18 12 22 - - - 0.38 

�1-2 10.45 18.2 12 24 - - - 0.37 

Table 2. The computational parameters of soil at Pile 
No. K2+373. 

thick-
ness  c  c’ ’ qu K0Soil

type m kN/m3 kPa  kPa  kPa

2 2 17.3 12 14.5 9 30 52 - 

3 2 18.6 6 31.5 4 32.8 - 0.34 
9.7 16.8 10 11 10 27.4 44 0.66 

3t 2.8 18.2 11 26.5 - - - - 

3 25 18 17 18.5 21 27.4 - 0.48 

1-2 5 18.6 8 30.5 4 31.2 - 0.38 

2 9.5 19.1 4 33.5 1 34.3 - 0.33 

Table 3. The computational parameters of soil at Pile 
No. K7+396. 

thick-
ness  c  c’ ’ qu K0Soil

type m kN/m3 kPa  kPa  kPa  
3 20.5 18.4 6 30 2 34.6 - 0.34 
 7 17 15 10.5 10 25 50 0.6 
1 3 17.7 16 15 - - 54 0.56 
3 9.5 17.8 17 17.5 19 28.7 61 0.48 
3t 9 17.9 10 24.5 - - - - 
3 12.8 17.8 17 17.5 - - - - 
2 8.65 18.9 2 33 - - - - 

The different support pressures of large-
diameter tunnel face were calculated by all 
above methods. And the deformation of the 
large-diameter tunnel could be studied by the 
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different support pressure using the software 
program Flac3D. And the risk assessment (D.E. 
Søren 2004)could be given by the ratio of 
support pressure to vertical earth pressure at the 
centre of tunnel face shown as Table 4 & 6. 
Table 4. Risk assessment of different support prrssure 
applied on the tunnel face at pile No. K0+596. 

K0+589
Pile No. 

p/kPa  Risk 
pp 473.356 1.56 serious 
p0 202.891 0.67 insignificant 
pa 197.519 0.65 considerable 
pz 91.417 0.3 serious 
pR 65.804 0.22 serious 

pmin 51.75 0.17 severe 

Table 5. Risk assessment of different support prrssure 
applied on the tunnel face at pile No. K2+373. 

K2+373
Pile No. 

p/kPa  Risk 
pp 473.356 1.56 serious 
p0 202.891 0.67 insignificant 
pa 197.519 0.65 considerable 
pz 91.417 0.3 serious 
pR 65.804 0.22 serious 

pmin 51.75 0.17 severe 

Table 6. Risk assessment of different support prrssure 
applied on the tunnel face at pile No. K7+396. 

K7+396
Pile No. 

p/kPa  Risk 
pp 473.356 1.56 serious 
p0 202.891 0.67 insignificant 
pa 197.519 0.65 considerable 
pz 91.417 0.3 serious 
pR 65.804 0.22 serious 

pmin 51.75 0.17 severe 

In order to explain the failure of tunnel face 
of Yanzte River Tunnel of Shanghai, China, the 
pile No. K0+596 was set an example. As the 
support pressure of tunnel face was decreased 
from pp to p0, the +z direction displacement 
along tunnel alignment was also decreased, 
otherwise, the -z direction displacement along 
tunnel alignment was increased (See Fig.5 (a)). 
When the support pressure was decreased from 
p0 to pmin, the +z direction displacement along 
tunnel alignment was still reduced to 0m, 
simultaneity, the -z direction displacement 

along tunnel alignment was increased the 
maximum, that is face collapse or instability 
when support pressure was null. The relation of 
displacement velocity and support pressure of 
tunnel face was shown in Fig.5 (b). 

When the large-diameter was excavated by 
shield machine, the safety support pressure 
could be estimated by the displacement velocity 
of tunnel face to which was applied different 
support pressure. And the safe zone of support 
pressure of pile No.K0+589 was shown in Fig.5 
(a) and Fig.5 (b). 

0 100 200 300 400 500

0.00

0.05

0.10

0.15

0.20

0.25

0.30

0.35

0.40

-3.5

-3.0

-2.5

-2.0

-1.5

-1.0

-0.5

0.0

0.5

support pressure of tunnel face /kPa

 y = A1*exp(x/t1) + y0
R^2 =  0.99229  
y0 0.00563 0.01136
A1 0.00128 0.00273
t1 83.0378 30.67248

th
e 

fa
ce

 d
is

pl
ac

em
en

t a
lo

ng
 tu

nn
el

 +
z 

di
re

ct
io

n 
/m  +Z tunel direction

the safe zone of 
support pressure

 -Z tunel direction

th
e 

fa
ce

 d
is

pl
ac

em
en

t a
lo

ng
 tu

nn
el

 -z
 d

ire
ct

io
n 

/m

 y = A1*exp(-x/t1) + y0
R^2 =  0.9987  
y0 -0.01617 0.0208
A1 -3.26334 0.04864
t1 25.85326 1.25888

0

pmin

p150

pp

pmin

pz

p150

p0pa

pp
p0

pap100

p100pR

pR

pz

(a) the relation of displacement and support 
pressure of tunnel face 

-0.0002

0.0000

0.0002

0.0004

0.0006

0.0008

0.0010

0.0012

0.0014

0 100 200 300 400 500

0.00

0.01

0.02

0.03

0.04

0.05

0.06
  -Z tunel direction

Th
e 

ve
lo

ci
ty

 ra
tio

 o
f f

ac
e 

di
sp

la
ce

m
en

t 
al

on
g 

tu
nn

el
 -z

 d
ire

ct
io

n 
/m

/k
Pa

the safe zone of 
support pressure

 y = A1*exp(-x/t1) + y0
R^2 =  0.92302  
y0 -0.00183 0.00409
A1 0.05778 0.00684
t1 60.14356 15.00165

support pressure of tunnel face /kPa

Th
e 

ve
lo

ci
ty

 ra
tio

 o
f f

ac
e 

di
sp

la
ce

m
en

t 
al

on
g 

tu
nn

el
 +

z 
di

re
ct

io
n 

/m
/k

Pa

 +Z tunel direction

 y = A1*exp(x/t1) + y0
R^2 =  0.91533  
y0 0.0016 0.00045
A1 -0.00218 0.00035
t1 -227.89615 117.68723

(b) the relation of displacement velocity and 
support pressure of tunnel face 

Figure 4. The relation of displacement and support 
pressure of tunnel face at pile No. K0+596. 

5. CONCLUSION

There were so many method which could be 
used to calculate the support pressure of large-
diameter, and the actual support pressure was a 
value that gave as well sufficient safety against 
a collapse of the tunnel face as the against 
uplifting. So it is essential that the mechanics of 
face stability should be studied before the 
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design and construction. And the method of 
numerical analysis and risk assessment could 
provide a new approach to determinate the safe 
support pressure. The face stability of tunnel 
was a dynamic process when the support 
pressure was changed during shield tunneling. 
The numerical analysis could give an elaborate 
simulation of the displacement process while 
the support pressure was decreased gradually. 
Compared the displacement and displacement 
velocity of different support pressure, the risk of 
tunnel face stability may be assessed 
simultaneity. And the risk management of 
tunnel construction should also be paid much 
attention to consider and adopt when the large-
diameter tunnel was excavating.
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1. INTRODUCTION

Ireland’s Rail Procurement Authority is plan-
ning to construct a metro route from the city 
centre at St. Stephen’s Green northwards to 
Dublin airport, passing in the process through 
one of the oldest and most densely developed 
neighbourhoods in Ireland. How to best predict 
which above ground structures may be impacted 
and the level of their vulnerability to tunnel-
induced subsidence is a matter of debate. The 
aim of this project was to develop a method to 
incorporate a form of rapid condition assess-
ment that could be incorporated into traditional 
subsidence vulnerability evaluations. 

2. BACKGROUND

There are many types of condition assessment 
for existing structures. Arguably methods can 
be separated into two categories:  Due Diligence 
Evaluation and General Structural Integrity 
Assessment (Peraza, 2006). The Due Diligence 
Evaluation is normally required by a potential 
buyer to discover any readily apparent structural 
deficiencies. This method is superficial in 
nature, because of the limited time allocated to 
it and the focus on damage visible on the outer 
finishes covering the structural elements. Signs 
of hidden structural distress are presented by 

Peraza (2006) for most internal finishes. In the 
case of rapid assessment of a building’s external 
structure, where damage normally manifests 
itself in the form of cracks, alternative condition 
assessment methods, in the form of digital 
image analysis exist (Pourdeyhimi et al., 1995). 
In contrast, General Structural Integrity As-
sessments are typically carried out by building 
owners, who wish to identify any maintenance 
or repair items, as well as any imminent haz-
ards. Peraza (2006) divides assessment into 
three separate levels:  hands on, visual, and 
testing. Various standards are cited by Peraza 
(2006) in support of this, as well as a list of 
common tests for concrete, steel and wood for 
use when performing visual assessment or 
probing indicative damage. A similar approach 
is taken by the American Society of Civil 
Engineers (ASCE) in its two documents:  
Assessment of Existing Buildings (ASCE, 
2000) and The Condition Assessment of the 
Building Envelope (Cole and Waltz, 1995). 
These aid in the examination of both the build-
ing’s underlying structure and its external shell, 
respectively. Both standards may be considered 
general guidelines and means to assess the 
condition of any structure, regardless of its 
composition or age. The Guideline for Struc-
tural Condition Assessment of Existing Build-
ings provides approaches and methodologies for 

ABSTRACT: Traditional means to predict tunnel-induced damage for large groups of potentially affected above 
ground structures has generally focused on creating a settlement trough and estimating subsequent building 
response limited by rudimentary aspects of each building’s geometry, structural system, foundation type, and
soil bearing capacity. Historically, the procedure is done without consideration for a building’s condition. In this 
paper, a supplementary step is proposed – one focused on the building’s current state of repair. The presented 
system employs at its core a widely adopted crack evaluation scale. The main focus is application to unrein-
forced masonry buildings as they are simultaneously, disproportionately present in urban areas and vulnerable to 
tunnel movements. The proposed system is herein outlined and applied to a future tunnelling project in Ireland. 
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consideration of structures composed of wood, 
structural steel, reinforced concrete and ma-
sonry. Analysis is made through the use of 
detailed tables of the different methods of 
assessing various structural member types, 
advantages, limitations and the type of technical 
expertise required to perform these methods.  

Unfortunately, when faced with hundreds or 
thousands of structures that need evaluation (as 
is the case in many tunnelling projects), even 
the more cursory approaches outlined above 
may prove too resource intensive. Another 
scenario in which this problem arises is pre- and 
post-earthquake evaluation. To accommodate 
those situations a variety of rapid assessment 
techniques have been developed.  Prominent 
amongst them are FEMA 154 (Rojahn, 2002) 
and ATC-20. Neither requires extensive re-
sources with respect to training, equipment, or 
personnel time. 
Table 1. Crack damage scale (after Burland 1995). 

Risk
Level

Damage
Degree

Description
of Existing 

Damage

Crack
Width
(mm)

Tensile
Strain
(%)

0

N
eg

li-
gi

bl
e Hairline

Cracks < 0.1 <.05 

1

V
er

y
sl

ig
ht Fine cracks easily 

treated 0.1-1 .05-
.075

2

Sl
ig

ht

Cracks easily 
filled; several 
slight int. frac-

tures;  ext. cracks 
visible

1-5 .075-
.15

3

M
od

er
at

e Cracks may 
require cutting & 
patching; doors & 
windows sticking 

5-15 or 
>3 .15-.3

4

Se
ve

re

Extensive repair w/ 
removal & re-
placement of 

walls, esp. over 
doors & windows; 
windows & door 
frames distort; 

floor slopes 
noticeably

15-25
but also 
depends
on crack 
quantity

>.3

5

V
er

y
Se

ve
re

Major repair 
required w/ 

reconstruction;
instability danger

>25, but 
depends
on crack 
quantity

One common concern in all of these evalua-
tion systems is the presence of cracks. At the 

core of many systems has been the adoption of a 
crack damage scale developed by Burland 
(1995) as shown in Table 1. In the case of the 
Bangkok subway, this was adopted to help 
prioritize buildings to monitor during tunnelling 
(Aye et al., 2006). The difficulty with using this 
measure as a standalone indicator of both 
existing damage and overall health is that there 
are many conditions that may exist in the 
absence of any visible cracking, which would 
indicate that the building has either previously 
been or is presently distressed or that mainte-
nance has been inadequate.

To begin to bridge this disjunct, a new rapid 
assessment system was developed and applied 
to the first portion of an upcoming metro project 
in Dublin, Ireland. 

3. SCOPE AND METHODOLOGY 

The first two stations and adjoining tunnel 
of the upcoming Metro North line are situated 
directly beneath the heart of Dublin Ireland’s 
central shopping area, usually referred to as 
Grafton Street –  named for the main pedestrian 
thoroughfare traversing the zone. Grafton Street 
is one of Dublin’s most iconic streets, due to its 
rich history and the large number of retail 
outlets situated there. A recent retail survey 
found that the average price of rental space per 
square metre there is the fifth highest in Europe, 
at €8000/m2 (McGabhann, 2007). Grafton Street 
is also home to some of the oldest buildings in 
the city, with some dating as far back as the 
1700s. These structures are of great historical 
and cultural value, and the age and material 
composition of these buildings make them 
vulnerable to sustain damage due to subsoil 
movement caused by tunnelling. Taking the 
likelihood of damage, as well as the historic and 
economic importance of the area into account, it 
was decided to concentrate the study on Grafton 
Street and the neighbouring streets, an area 
encompassing some 48,000m2, 12 blocks and 
271 buildings (Fig. 1).  

Within this study area, all available building 
facades and walls were photographed with a 
Canon Powershot S80, 8 megapixel digital 
camera, with a 3.6x zoom, collecting images at 
the highest detail level available on the camera: 
3264 x 2448 pixels in conjunction with the 
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lowest compression level available on the 
camera (Superfine). 

Figure 1. Streets included within the study area. 

3.1. New scale development 

After all buildings in the study area were 
photographed, the images were examined for 
signs of distress and other indications of dam-
age to achieve a fuller vulnerability understand-
ing. Based on these findings, a series of four 
supplementary scales were developed to reflect 
protruding or loose brickwork (Table 2), re-
placed or repaired brickwork (Table 3), damage 
due to exposure (Table 4), and plant growth 
(Table 5). Similar to the Burland’s crack scale 
shown in Table 1, each newly proposed scale 
was assigned values of 0 to 5 to reflect the 
different degrees of severity possible for each 
damage category.

To help ensure uniform application of the 
scales, reference photos were identified and 
used for each damage level, where possible (due 
to the limited scope of the study area in some 
cases the more extreme damage levels were not 
present and, thus, an estimation was made as to 
what would constitute a severe risk level. 
Figures 2-3 show samples of the two reference 
photos affiliated with tables 4 and 5. 

Table 2. Protruding or loose brickwork, 

Risk Description of Existing Damage 
0 All bricks in same plane 
1 A few bricks (1-3) are noticeably out of plane; 

mortar appears to be loose, weak, missing 
around 1-3 bricks 

2 Overall, > 5 bricks appear to be slightly out of 
plane; gaps in mortar are more noticeable; just 
perceptible difference in line of brick

3 Overall up to 10% of bricks are noticeable out 
of plane; noticeable slope in masonry; windows 
lintels, doorframes etc. are noticeably tilted 

4 Overall up to 15% of bricks are missing en-
tirely; noticeably outward bulge in the wall; 
Window lintels and doorframes are at an angle 
greater than 15 degrees. 

5 > 15% of bricks are missing entirely; Sections 
of wall verge on collapse; Repair work would 
require majority of wall to be rebuilt 

Table 3. Replaced or repaired brickwork. 

Risk Description of Existing Damage 
0 None 
1 Brickwork was infilled as a result of filling a 

disused doorway or window. 
2 Replacement occurred in small clusters (i.e. 2-6 

bricks.
3 Replacement occurred in larger clusters (greater 

than 6) 
4 > 10% of the wall is comprised of replaced 

brickwork
5 > 25% of the wall is comprised of replaced 

brickwork

Table 4. Damage due to exposure. 

Risk Description of Existing Damage 
0 None 
1 Isolated, rarely occurring chipping (i.e. 1-3 

bricks)/lower perceptible damage of overall 
wall.

2 Perceptible overall damage (weathering) of 
bricks.

3 Frequent examples of significant damage (i.e. > 
5%)

4 Noticeable damage to > 15% of bricks in wall 
5 > 25% of bricks are subjected to heavy chip-

ping/spalling; bricks are heavily eroded due to 
exposure
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Table 5. Plant growth. 

Risk Description of Existing Damage 
0 None 
1 One or two examples of weeds growing in 

typical places ( i.e. top of chimney, ledge etc) 
2 The weeds growing are more numerous as well 

as being more overgrown 
3 Whole wall ensconced with vegetation 
4 Minor bush/tree growing out of masonry 
5 Major (fully grown) tree growing out of 

masonry

Figure 2. Example of plant growth at risk level 1. 

Figure 3. Example for plant growth at risk level 1 and 
damage due to exposure at risk level 3.

3.2. System weighting 

Although all scales featured values from 
zero to five, a score awarded in one category 
does no necessarily indicate the same damage 
level, as the same score given in a different 
category. An example of this would be a com-
parison between the scale used to gauge damage 
due to plant growth (Table 5) and the crack 
severity scale (Table 1). A damage score of two 
from cracking is much more significant than a 
similar score caused by plant growth. For this 
reason, scores from each category were given a 
weighting (Table 6), after which global scores 
were calculated for each building. 

For the purpose of weighting, cracking was 
considered the most important criterion, fol-
lowed by protruding/loose brickwork and 
damage due to exposure, one of which was 
considered as important as the other. Coming 
after this was the category previously replaced 
or repaired brickwork, with the last being plant 
growth, which although it weakens the mortar 
and may be seen as indication of poor general 
maintenance, is probably a relatively poor 
indicator of structural health.

Once all buildings were assessed and the in-
dividual scores were weighted, the final results 
were displayed in a Geographical Information 
System (GIS) format with respect to their 
relative proximity to the planned metro installa-
tion, as described below.  

Table 6. Weighting system. 

Scale Used Modifier/Weight Used 
Cracking 4 

Protruding/loose brickwork 3 
Damage due to exposure 3 

Replaced/repaired brickwork 2 
Plant growth 1 
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4. RESULTS

Within the new, weighted scale, the maxi-
mum damage rating was 40. Approximately 
85% of the buildings contained in the study area 
received a damage rating of 1-15 (less than 2 in 
the old scale) as opposed to the 4% scoring 
above 25 (more than 3 in the old scale). The 
Exposure scale, which includes damage such as 
spalling, chipping and weathering of bricks, 
featured the highest number of buildings exhib-
iting a damage level of 3 or higher (24%) 
followed by 21% for cracking; the others only 
had 0-8% with indicators of 3 or more.

The conclusion from this work is that one 
parameter is not a terribly good indicator of any 
other and should not, therefore, be used as a 
signifier for the global health of the structure.

One limitation of the proposed system 
should be mentioned. This is that no “confi-
dence factor” has been built into this rating 
scheme to indicate how many sides of a build-
ing were considered in the analysis. Anecdotal 
assessment of the data would indicate that 
facades were much better maintained than walls 
facing alleys; arguably this is a also a function 
of the care which went into each part of the 
original construction. As the aim of this work 
was to identify those structures most at risk, for 
the analysis incorporated herein, the rating from 
the wall with the highest damage rating was 
used as the rating for the entire building 
(Fig. 4). 

Figure 4 facilitates a more accurate appraisal 
of tunnelling risk, as traditional methods of 
subsidence trough generation to determine the 
zone of influence can be directly overlaid using 
GIS or other means. The combined approach of 
incorporating both a condition assessment and 
GIS allows for nearly instantaneous risk updat-
ing as more precise information becomes 
available about the extent and nature of the 
subsidence trough. 

Within the potential zone of influence (de-
marcated by the thin solid lines), it was deter-
mined that the area most susceptible to damage 
during the construction of the tunnel was at the 
southern end of Grafton Street (fig. 5) – an area 
already considered high risk as it is the planned 
starting point, which means the tunnellers will 
have less experience, and thus soil volume loss 

would be expected to be higher, along with the 
accompanying larger trough size. 

Figure 4. Building damage rates. 

Figure 5. Southern End of Grafton Street, with 
pentagons showing those buildings in poorest 
condition.
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5. CONCLUSIONS 

The aim of this project was to develop a 
condition based assessment of the buildings 
above the first leg of a proposed upcoming 
metro in Dublin, Ireland. Through the use of 
digital photography, an extensive catalogue 
containing approximately 2100 high quality 
images of the 271 buildings in the study area 
was created. The condition of the buildings
were assessed using a widely adopted crack 
damage scale, as well as with four new scales 
developed specifically for the rapid visual 
assessment of masonry. The five scales were 
then amalgamated, taking the relative impor-
tance of each scale into account through the 
application of a weighting system. The 
weighted values were then summed to give a 
single, comprehensive damage value for each 
structure to achieve a more panoptic evaluation 
of the damage level of the buildings.  Final risk 
assessment for the buildings could then be done 
by applying the maximum estimated settlement 
as traditionally generated, although that step 
was outside the scope of this study. 
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1. INTRODUCTION

When closely running shield tunnels with large 
diameter and close separation are driven in soft 
soil of urban area, many technical difficulties 
are encountered during the tunnel construction, 
specially in situation of that the overlying soil is 
shallow and the shield tunnels are driven 
through existing buildings. The construction 
may result in the floating of the shallow tunnel 
and the excess deformation of ground surface. 
The influence on the preceding tunnel is re-
markable during the construction of the suc-
ceeding tunnel with small space between the 
two tunnels. The influence may lead to excess 
deformation and internal stresses of the preced-
ing tunnel, even deflection of the tunnel axis. 
Consequently, settlement of the ground surface 
above the tunnels, interaction of the twin 
tunnels during the construction are analyzed on 
shallow shield tunnels with large diameter and 
small intervals. The surface settlement and 
interaction of the twin tunnles are studied using 
numerical simulation consideritng the construc-
tion procedures of shield tunnelling. The float-
ing of the shield tunnels is also considered 
because of the shallow covers of the shield 
tunnels.

2. BACK GROUNDS 

The twin shield tunnels are constructed using 
slurry shield tunnel. The external diameter and 
internal diameter of the shield tunnel is 
11360mm and 10400mm respectively. Each 
lining of the tunnel is 1.5m long with the 
thickness of 480mm. The depth from the crown 
of the tunnel to the ground surface varies from 
approximately 6m to 7m and the minimal 
separation between the shield tunnels and the 
building is only 4m. The twin shield tunnels 
embed in the saturated soft soils layer 3 and 
layer 4 and the surrounding soil of the tunnels 
performs weakly. 

The riskiest place of the shield tunneling is 
in the dense commercial center of the city. The 
twin shield tunnels are driven through 3 existing 
buildings. The minimal separation between the 
north tunnel and its adjacent building is only 
0.7m, and the south is about 5m. Bored cast-in-
place piles 850@1000 in a single row were 
taken as isolation piles in middle of the tunnels 
considering the environment protecting and 
controlling displacement of the ground and 
interaction of the twin tunnels due to the shield 
driving.

The separation of the twin parallel tunnels is 
4.5m and the depth of the overlying soil is 6.5m, 
and the separation between the tunnel and the 

ABSTRACT: Twin large diameter shallow tunnels in close space driven in urban area usually encounter diffi-
culties. The behavior of large diameter tunnels and surrounding ground as well as the effect from a thrust of
succeeding tunnel on the preceding tunnel during the construction are studied with numerical method based on a 
case study of Shanghai cross-river shield tunnels. A 2-D numerical modeling is presented to study the 3-D 
interaction of tunnels. The isolation piles between the twin tunnels are adopted to decrease the tunnels interac-
tion and the influence on the surroundings. It showed that the displacement of ground soil as well as the defor-
mation of the ground surface and the displacement of the preceding tunnel due to the succeeding tunnel could be 
controlled with the isolation piles. 

Analysis on influence of large diameter shallow shield tunneling in
close space 

Z.G. Liu, D.M. Zhang, H.W. Huang 
Key Laboratory of Geotechnical and Underground Engineering of Ministry of Education, Department
of Geotechnical Engineering, Tongji University, Shanghai, China 
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building is 1.0m in the north and 4.0m in the 
south respectively which are shown in Figure 1. 

Figure 1. Simplified cross-section of the numerical 
model

3. NUMERICAL MODELING 

3.1. Assumption in numerical modeling 

Plane non-linear elastoplastic finite element 
method was used in PLAXIS 8.2 in this calcula-
tion. PLAXIS is intended for deformation and 
stability analysis in geotechnical engineering, 
non-linear and anisotropic behavior of soil, 
behaviors of the structures, interaction between 
the soil and structure in the ground can be 
modeled effectively.

A 2-D numerical model of the studied sec-
tion was presented with the assumption of plane 
strain, Mohr-Coulomb constitutive model of 
soil, and linear model of structure. 

Horizontal displacement and settlements of 
the ground and buildings before the construc-
tion of the tunnels was neglected in the calcula-
tion.

3.2. Modeling of construction stages 

The calculation was based on the assumption of 
neglecting strain and displacements in the 
ground but gravity stress was reserved in this 
initial state. Then the foundation and structures 
above the ground level of buildings close to the 
tunnels stood. Considering that settlements of 
ground and buildings got stable before the 
shield tunneling, only the stress in calculation 
results was reversed and the displacements were 
set to 0. 

Shield tunneling is a complex process in-
cluding loading and unloading of the ground in 
front of the tunnel face, soil disturbing due to 
the shield driving, unloading due to the excava-
tion, fixing of the tunnel lining, re-consolidation 
of the ground after tunneling, pressure of 
grouting, contraction of tunnel lining after the 
shield, excess pore water pressure, decrease and 
reverting of the soil intensity and elastic 
modulus.

Floating forced on tunnel in saturated soft 
soil is remarkable because of the excavation 
unloading and existing of ground water com-
bined with back-grouitng. In Zhang’s(ZHANG, 
2004) research, floating of the tunnel was 
mainly brought on by the back-grouting. Actu-
ally, ground water value is considered in the 
calculation on account of dispersing and con-
solidation of the grouting. Floating was adjusted 
by setting the excess pore water pressure.

The calculation program totally included 
three phases of before-tunneling, tunneling and 
post-tunneling. Four cases were considered in 
the models according to the condition of isola-
tion piles and additional thrust force to the face, 
namely A1, A2, B1 and B2. Isolation piles were 
set in case B1 and case B2, but not in case A1 
and A2. The additive thrust force exceeding the 
earth pressure at rest is +30kN/m2 in case A1 
and B1, and -30 kN/m2 in case A2 and case B2.

Calculation stages in isolation piles cases 
were shown below. 

Stage 0: calculate the stress in ground of ini-
tial state; 

Stage 1: activate the surrounding buildings 
and overloading 

Stage 2: constructing isolation piles; 
Stage 3: adding thrust force on face of the 

north tunnel; 
Stage 4: excavating north tunnel; 
Stage 5: contracting north tunnel lining after 

shield;
Stage 6: adding thrust force on face of the 

south tunnel; 
Stage 7: excavating south tunnel; 
Stage 8: contracting south tunnel lining after 

shield.
Calculation stages of no isolation piles cases 

were the same with isolation piles cases except 
stage 3 which is not included in A1 and A2. 
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3.3. Determination of Calculation parameter 

Soil parameters according to the geological 
exploration report and application experiences 
are listed in table 1. 

Intensity and modules of the disturbed soil 
in calculation were 70% of the undisturbed. 

Parameters of beams, columns, plates, foun-
dation piles, isolation piles and tunnel lining are 
list in table 2. 
Table 2. Properties of beams, plate, piles and lining 

items Young’s 
modulus /MPa 

Possion’s
ratio

Column, beam, 
foundation pile

3 104 0

plate 3 104 0.15
Isolation pile 3 104 0
Tunnel lining 4 104 0.15

The calculation range of 250 100m was 
shown in Figure 2. The separation from the 
bottom of the model to the surface is two times 
length of building foundation pile and separa-
tion from the building outboard boundary to the 
model horizontal boundary is one time founda-
tion pile length.

Figure 2. Mesh of the numerical model 

Surcharg on the ground surface is 20kN/m2

in calculation and average load of the buildings 
is 15kN/m2. A free displacement boundary 
condition is adopted at the ground surface. It is 
assumed that no horizontal nor vertical dis-
placement takes place at the lower boundary, 
for it is beyond the influence of tunnel construc-
tion. The lateral displacements at left- and right- 
hand boundary are both fixed as zero. 

The meshes around buildings, twin tunnels 
and surrounding ground were refined to in-
crease the precision of the simulation. 2626 
elements and 21433 nodes were created in the 
model.

Piles were modeled by beam elements in 
plane finite element numerical model.

4. CALCULATION RESULT 

4.1. Settlements of ground surface due to shield 
tunneling

Table 3. Surface settlement above the tunnels 

 After north tunnel 
excavation

After south tunnel 
excavation

Case Maximal 
settlement

/mm

Distance
from the 
position
isolation
pile/m

Maximal
settlement

/mm

Distance
from the 
position
isolation
pile/m

A1 3.7 North 6.6 8.5 South 7.3 
A2 15 North 6.5 34.5 South 6.3 
B1 3.8(heave) North 8 8.8 South 8.3 
B2 11.8 North 8 15.1 South 10.6 

Table 1. Properties of soil layers 

Layer
No. Soild description 

Bulk
density
/kN.m-3

Young's
modulus/MPa

Possion’s
ratio

cohesion/k
Pa

internal friction 
angle/

thickness
/m

Artificial filling soil 17 10 0.3 10 16 3 
Gray mud-siltly clay 17.87 8.4 0.33 10 17.5 2.4 

j Gray clayey silt 18.78 26.78 0.3 10 17.5 1.6 
Gray mud-siltly clay 17.87 8.4 0.33 10 17.5 1.5 

Gray Silty clay 17.04 5.9 0.33 17 15.9 8.5 
1 Gray clay 18.16 14.46 0.33 27 18.3 8.5 
3 Gray silty clay 18.38 24.85 0.33 36 23.7 21 
1 Caesious-yellow sandy silt 18.98 58.45 0.3 4 25 10 
2 Yellow-gray silty fine sand 19.37 74.7 0.3 2 28 43.5 

579



Settlements of ground surface just above the 
twin tunnels in cases A1, A2, B1, B2 are listed 
in Table 3. 

Thrust force brings remarkable influence to 
the ground displacement. Ground displacement 
in cases of greater thrust force is less than the 
cases of little thrust force. Ground surface 
settlement after the preceding tunneling and the 
succeeding tunneling is 3.7mm and 8.5mm 
respectively in case A1. While in A2, ground 
surface settlement after the preceding tunneling 
and the succeeding tunneling is 15mm and 
34.5mm respectively. Thrust force affects the 
ground displacement obviously. The isolation 
piles also plays an important role to redease the 
surface settlement by avoiding the coupling of 
the surface settlements from north and south 
tunnelling.

Distribution of displacement in the ground is 
shown in Figure 3 and Figure 4. The variations 
of the ground surface above the tunnels due to 
the construction are shown in Figure 5 and 
Figure 6. If isolation piles were set in the 
middle of the twin tunnels, surface settlement 
decreases and even shows heave in B1.

Figure 3. Displacement of the structure and ground 
without isolation piles 

Figure 4. Displacement of the structure and ground 
with isolation piles 

Figure 5. settlmentt above the tunnels without 
isolation piles 

Figure 6. settlement above the tunnels with isolation 
piles

Settlement difference above the succeeding 
tunnel with isolation piles is 6.3mm, when is 
26.0mm without isolation piles. Ground defor-
mation presents a trend of symmetry in cases of 
isolation piles, and points of the maximal 
settlement are nearer the middle of the tunnels. 
Isolation piles control surface settlement and 
avoid the interaction of the twin tunnels. It also 
reinforces the ground and average the ground 
deformation.

4.2. Interaction of twin tunneling 

The maximal displacement of preceding tunnel 
due to the succeeding tunneling in A1, A2, B1, 
B2 are listed in Table 4. Displacements in 
different cases are shown in Figure 7 to Fig-
ure 10. 

Table 4. Displacement of preceding tunnel due to 
succeeding tunneling 

case Maximal horizontal 
displacement /mm 

Maximal vertical 
displacement /mm 

A1 3.2 5.4 
A2 5.8 2.6 
B1 1.3 7.4 
B2 1.7 6 
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Figure 7. Displacement of the twin tunnels in A1 

Figure 8. Displacement of the twin tunnels in A2 

Figure 9. Displacement of the twin tunnels in B1 

Figure 10. Displacement of the twin tunnels in B2 

The isolation piles and thrust force take im-
portant role during the interaciton of the preced-
ing tunnel and the succeeding tunneling. Firstly, 
smaller thrust force increases horizontal dis-

placement of preceding tunnel, but reduces 
vertical displacement. Secondly, horizontal 
displacement of preceding tunnel decreases but 
the vertical displacement increases with the 
setting of isolation piles. Thirdly, the horizontal 
displacement of the preceding tunnel almost 
equals the vertical displacement in no-isolation 
piles cases but markedly differs in isolation 
piles cases. The vertical displacement of the 
preceding tunnel dominates in isolation piles 
cases.

Isolation piles bring great influence on the 
stress of tunnel lining(Table 5). Isolation piles 
obviously reduce axial stress, shear stress and 
bending moments of twin tunnels. The stress of 
succeeding tunnel is less than the stress of 
preceding tunnel in cases of no-isolation piles, 
but greater in cases with isolation piles. Never-
theless, the stress of tunnels in B1 and B2 is 
always less than that in A1 and A2. Axial stress 
gets greater but shear stress and bending mo-
ment get less in cases of greater thrust force. 

5. CONCLUSION AND DISCUSSION 

(1)Greater thrust force reduces ground set-
tlement effectively, and isolation piles reinforce 
the ground and dominate the ground deforma-
tion, so as to make the ground deformation 
more symmetric and well-distribution. 

(2)Generally, preceding tunnel moves to the 
succeeding tunnel during the succeeding tunnel-
ing. When isolation piles were setted and the 
thrust force is enough to withsand the lateral 
earth pressure at the tunnel face, the horizontal 
displacement of preceding tunnels due to the 
succeeding tunneling is pretty small (1.3mm). 
Besides, isolation piles reduce stress of tunnel 
lining obviously. But stress of tunnel lining 
increases as the thrust force increases. Consider-
ing the safety factor adopted in the design, the 
increased stress won’t bring high risk practi-
cally.

Table 5. Stress of lining after tunneling 

case tunnel 
Axial
stress
kN/m

Shear
stress
kN/m

Bending
Moment
kNm/m

case tunnel 
Axial
stress
kN/m

Shear
stress
kN/m

Bending
Moment
kNm/m

North 573 55 152 North 518 47.5 126.5 A1 South 537 57.6 161 B1 South 529 54 150.2 
North 524 66 174 North 422.7 56 160 A2 South 504 65 184.5 B2 South 450.3 61.6 172.1 
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(3)In conclusion, isolation piles are a useful 
way to control the ground deformation, reduce 
ground settlement and the disturbing to preced-
ing tunnel and stress of tunnel lining effectively. 

(4)Ground settlement and  disturbing to the 
preceding tunnel by the succeeding tunneling 
can get acceptable if setting isolation piles and 
choosing a right thrust force. 
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1. INTRODUCTION

Construction of new objects in the vicinity of 
old buildings is often very difficult. The diffi-
culties are often connected not only with the 
direct contact of a construction site with old, 
historic infrastructure but also with complicated 
geotechnical conditions. A good example of the 
difficulties, which are often met during con-
struction in urban areas, is The Chopin Centre 
in the centre of Warsaw (Poland). The object is 
situated in Tamka St., located downwards the 
slope of Wisla River Escarpment (Fig. 1). The 
construction site is located among residential 
buildings and the new building is going to 
replace the previously demolished apartment 
house. The construction site is located close to 
very old (about 100 years old) 7-storey apart-
ment house. In the back of the building, there 
was a 7 m high retaining wall, that used to be a 
foundation of a previously existing building, 
founded on the slope. The apartment house has 
got a cellar in its whole area. The bottom of 
foundation is at depth of 1,90 m below the 
surface. The projection of The Chopin Centre 
has got trapezoid shape and size of 20÷23 × 
17 m. 

The construction is being founded at depth 
of 9,50 m below the surface and 16,50 below 
the top of the retaining wall.

The construction site is situated near the 
margin area of Wisla River slope. Although the 
slope has been changed over hundred of years 
and the old infrastructure has been existing here 
for years, the construction and further exploita-
tion of buildings is still difficult in these condi-
tions.

Figure 1. Site Layout 

2. GEOTECHNICAL CONDITIONS 

The direct subsoil of The Chopin Centre 
construction is of anthropogenic origin (I 
series). These are mainly sands and clays with 
brick debris. This anthropogenic layer is under-
lain  by  fluvioglacial  sands  (fine and medium- 

ABSTRACT: In Poland, since the beginning of 90s of 20th century the number of multi-storey constructions 
with underground part has started to grow. The increasing development, in very attractive terrains, in the centre 
of cities has caused that multi-storey constructions are located in the vicinity of old (often historic) objects. The 
example described in the paper presents problems with diaphragm walls installation in difficult geotechnical 
conditions and their influence on adjacent old buildings. According to gathered experience, the occurrence of
small damages (fissures, cracks) is unavoidable. The displacements control, appropriate technology and work
order are very essential during deep excavation realization. 

Problems with deep foundation in the vicinity of old buildings in
urban areas in difficult geotechnical conditions 

S. ukasik, M. wieca
Building Research Institute, Warsaw, Poland 
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grained), clayey in the bottom (II series). They 
overlie glacial tills of Middle-Polish Glacial
Period (Odra stage), represented by sandy tills 
and clayey sands with boulders (III series). The 
thickness of these deposits is about 7 m, and 
they are semi-permeable.

The glacial tills are overlain by the layer of 
fluvioglacial sands (medium and coarse-grained 
- IV series). According to the drillings made at 
the construction site, the thickness of these 
deposits is about 4,5 m but it may reach even 15 
m in outer part of the construction site.

Tertiary clays are here the oldest deposits. 
These clays are very important for slope preser-
vation. In described example the clays are at 
depth of 19 m below the surface, it means 10 m 
above the Wisla River level (Wisla “zero” level 
in Warsaw – 78,66 m above the sea level). The 
roof of clays inclines towards Wisla River 
(towards eastern direction) and it is character-
ized by various relative heights

In the area of the construction site the hy-
drogeological conditions are very complex.

The groundwater flows from south and 
south western direction, conformingly with the 
inclination of impermeable layers. The rain 
water is accumulated in depressions of tills roof 
(II series). This causes the formation of reser-
voirs of suspended waters. The main aquifer is 
in medium and coarse-grained sands of IV 
series. The groundwater level in IV series is of 
confined character and it stabilizes at 19,40 m 
above Wisla “zero” level. These two water 
bearing beds are in hydraulic contact because of 
the occurrence of permeable layers within 
glacial tills. This level is lower of about 0,5 – 
1,0 m than the working platform from which 
diaphragm walls where executed. 

One drilling located 15 m out of the 
construction site, which was totally dry shows, 
that hydrogeological conditions were complex. 
Table 1. Soil parameters

Soil
Type ϕ,0 c, kPa γ,

kN/m3 k (m/s) 

Sands (II) 31 0 18,0 1x10-4

Glacial tills (III) 22 20 21,0 1x10-8

Sands (IV) 33 0 19,0 8x10-4

Clay (V) 9 20 20,0 1x10-9

Figure 2.Deep excavation cross-section 
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3. EXECUTION OF DEEP EXCAVATION 

The underground part of the building was 
made in technology of diaphragm walls (see 
Figure 3). The walls, 60 centimeters thick, were 
installed at depths of 24, 19, 16 and 13 m. 
according of the magnitude of the soil pressure.  
The strongest pressure was observed from the 
slope (retaining wall) and the apartment house 
direction.

The influence of the technology of dia-
phragm walls on surrounding objects is typical. 
That was why the apartment building had to be 
protected from any possible influence. For this 
purpose, the jet-grouting technology was 
implemented. According to the execution 
project, reinforcement of foundations was 
designed along the common endwall and 
partially under longitudinal external walls. The 
underpinning under endwall was done down to 
~8,9 m and under longitudinal walls down to 
~3,2 to ~8,9 m. This allowed to obtain the fluent 
change in stiffness of a building support. A 
block of soil - concrete material under the walls 
has trapezoidal shape, with the size of 1,3 and 
4,2 m.

The drainage was designed in order to 
eliminate the effect of damming up of sus-
pended waters caused by deepening of founda-
tions and execution of diaphragm walls of a 
new construction. Damming up of groundwater 
has been observed in the cellar of the existing 
building, adjacent to the construction site. The 
existing drainage took over four times more 
water than it did before the construction was 
started. Additional direct pumping from cellars 
was necessary. 

The existing retaining wall was demolished 
because of its poor technical condition and a 
new slope was formed with an inclination of 
1:0,75.

In unstable ground conditions, the excavat-
ing of diaphragm walls usually causes the 
settlements of surrounding buildings. The 
settlements were also observed in described 
example. In Figure 3 the results of settlement 
measurements of the adjacent building are 
presented.

During deepening of the excavations sup-
ported by stabilizing fluid, especially during its 
cleaning and exchange performed before con-
crete works, the caving in of soil and sliding 

was observed inside the crevice. This effect 
made reinforcement impossible. In the 2,80 
long section made to depth 17,00 m, the failure 
was being observed during the reinforcement 
lowering to the crevice. Due to failure it was 
possible to lower the reinforcement only to 
depth of 11 m.

Further failures could have caused catastro-
phe in the stability of surrounding buildings and 
in high slope. The construction process was 
stopped. High groundwater level turned out to 
be the cause of the failure. The stabilizing fluid 
wasn’t able to balance the increased lateral 
pressure. Additional hydrogeological investiga-
tions confirmed the occurrence of limited water 
bearing bed with confined groundwater table 
stabilizing at depth of 0,50-1,0 m below the 
surface. The site dewatering could have been 
dangerous for existing buildings because of 
possible settlements induced by the drainage. 
That was why the sealing injection of sands was 
considered in the area of diaphragm walls. 

Finally, discreet decreasing of groundwater 
pressure was applied. One dewatering well was 
constructed for groundwater level fall and 3 
observation wells were built in order to monitor 
the groundwater level.

It was esteemed that about 5 m of hydro-
static pressure should have been balanced. 

Careful test pumping in the dewatering well 
in the central part of the construction site caused 
sudden decrease of groundwater table despite 
the lowest delivery of pump. After one day of 
pumping the decrease of groundwater level in 
three observation wells was about 5 m and the 
initial delivery about 1,5 m3/h was reduced 
about 50% after a few days. The decrease of 
water level of about 5-6 m was reached at 
delivery of 0,7 m3/h during test pumping in one 
well. The tests showed that the capacity of sand 
lenses and their recharge were very small. 

After test pumping, as it was expected, the 
rapid decrease of groundwater table down to 5 
m induced additional settlements of surrounding 
buildings of about 1,5 mm. 

After hydraulic pressure decrease, the exe-
cution of diaphragm walls was resumed. The 
work was started in small sections in the areas 
of the smallest soil pressure. No failure was 
observed, so the optimum technology of dia-
phragm walls could be continued. 
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4. CONCLUSION.

Caving in of narrow slurry wall excavations 
supported by bentonite fluid was caused by the 
lack of balance in hydrostatic pressure. Because 
the increase of the slurry density was not 
possible, the lowering of groundwater table of 
about 5 m and maintaining it during the crevice 
deepening was necessary. The local depression 
in groundwater table didn’t cause the significant 
increase of settlement values of adjacent build-
ing.

The settlements of the adjacent building 
have been recorded since the beginning of  the 
construction. The data are presented in graphs. 
At the end of 2007 the settlement of the build-
ing in the area of the construction site was about 
10 mm and was recognized as a limit value. It 
was assumed that settlements 18-20 mm may 
cause the damage of a typical construction 
(bricks and Klein ceiling). 

According to the comparable experience it 
was estimated that after excavation completion, 
the subsoil relaxation may occur, and may 
induce the heave of adjacent areas together with 
a building. The heave may reach even about 2-5 
mm. However, the measurements didn’t show 
more than 1 mm heave. Further settlements are 
expected during the construction development.

So far the settlements are not seen as new 
fissures or cracks on the building’s walls. 
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1. INTRODUCTION

With the technologies in use until the 1960s, 
deep excavations in thick deposits of soft clay 
commonly induced very large movements, 
exceeding, very often, 1% or even 2% of the 
excavation depth (Peck, 1969). The technical 
solutions and the understanding of the problem 
acquired in the last decades led to a remarkable 
progress in the movement control (Duncan and 
Bentler, 1998; Moormaan, 2004; Matos Fernan-
des, 2008). However, in parallel, such excava-
tions are becoming deeper and are being done 
under more daring and demanding conditions. 

It is quite clear that the feasibility of many 
future projects in urban areas, under such 
geotechnical conditions, will require a consis-
tent practice capable of keeping induced move-
ment at least one order of magnitude below the 
values mentioned above. The search for solu-
tions for an effective movement control is 
therefore a relevant topic. One of the most 
promising techniques is the combination of 
highly pre-stressed struts with soil treatment by 
jet-grouting or similar technique (Wang et al., 
2005; Matos Fernandes et al., 2007; Pereira 
2008).

That solution is studied in the paper, consi-
dering the geotechnical conditions of downtown 
Lisbon and the geometrical characteristics of a 

real case. Through a series of finite element 
analyses, the way of approaching a complete 
control of the movements induced by the 
excavation is studied. The level of efficacy is 
expressed by the volume of displaced soil, that 
is, the volume of soil crossing the vertical plan 
of the initial retaining wall geometry. 

2. PRESENTATION OF THE NUMERICAL 
STUDY

The study considers an excavation 24 m wide 
and 18 m deep in a deposit of soft clay 27 m 
thick, supported by a diaphragm wall (1 m thick 
and the toe sealed into the substratum) and by 
three levels of cross-lot steel struts. In some 
analyses, this was complemented with a jet-
grout reinforcement of a 2 m thick layer, imme-
diately below the bottom of the final excava-
tion. Figure 1 summarizes the conditions 
assumed.

The finite element analyses were performed 
with the help of the code PLAXIS 2D®, under 
plane strain conditions and in total stresses, 
assuming undrained soil behaviour. An elastic 
perfectly-plastic constitutive model with Tresca 
failure criterion was adopted for the soil, the 
soil-to-wall interface and the jet-grout. The 
structural elements were considered as linear 
elastic.

ABSTRACT: The paper presents a numerical experiment using finite elements on a deep excavation in a thick 
deposit of soft clay. In a first set of analyses, a conventional support solution is studied, with the strut pre-
stressing global force ranging from zero to a value over the total at-rest thrust. A second set of analyses consi-
ders a combination of strut pre-stressing with a jet-grout slab under the excavation bottom. The results are 
discussed with the aim of extracting conclusions on the best solution to minimize wall deflections. 

Search for null displacement of walls supporting deep excavations
in soft clay – a numerical experiment on a real case 
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Figure 1. Cross section of the excavation 

It was admitted that the wall construction 
and the jet-grouting did not affect the at-rest 
state of stress in the ground. The simulated 
construction sequence involved four excavation 
stages reaching depths of 3.0 m, 8.5 m, 13.7 m 
and 18.0 m, combined with phases of installa-
tion and pre-stressing of the strut levels, whose 
axes were assumed 1.2 m above the current 
excavation bottom. 

Table 1 summarizes the analyses performed. 
Analyses A to E represent a wide range of the 
total pre-stressing strut force, expressed as a 
percentage of the resultants of the total at-rest 
horizontal stresses and of the classical Terzaghi 
and Peck (1967) diagram, both computed  for 
the final excavation depth. Analyses AJ to DJ 
correspond to the same range of pre-stressing 
forces of analyses A to D but they include the 
soil layer treated by jet-grouting. The effective 
strut stiffness was assumed to increase with the 
pre-stressing force, following the experience in 
similar works. 

In this type of structures, when the depth of 
the first strut level is small and the overall pre-
stressing forces are high, it is common that 
beyond a given construction stage the upper part 
of the wall moves towards the supported soil, 
with the compression load on the first strut level 
becoming small or even null. Since the purpose 

of the numerical experiment was to obtain the 
maximum wall verticality, the bar-elements 
representative of the struts were assumed to be 
capable of supporting both compression and 
tensile loads. 
Table 1. Strut pre-stressing forces and stiffness 
assumed in the finite element analyses 

Pre- stressing 
(kN/m)Analyses

S1 S2 S3 

Ei / I0

  % (1) 

Ei / IT-P

% (2) 

Ke / Kt

% (3) 
A, AJ - - - 0 0 30 
B, BJ 60 200 200 20 19 80 
C, CJ 180 600 600 60 56 80 
D, DJ 180 1000 1000 95 89 80 
E 180 1200 1700 135 126 100 
(1) I0 – total at-rest horizontal force computed down 

to depth of 18 m; 
(2) IT-P – resultant of Terzaghi & Peck diagram 

(pressure at the base equal to γh – 4 cu);
(3) Ke – effective strut stiffness; Kt – theoretical strut 

stiffness.

3. INFLUENCE OF STRUT PRE-
STRESSING

The horizontal displacements of the wall at the 
end of the excavation, as well as the bending 
moment envelopes, from analyses A to E 
(without any soil treatment), are included in 
Figure 2. The influence of increasing the strut 
pre-stress on the wall movement is manifest: the 
displacements are considerably reduced and the 
depth of maximum displacement increases. 
However, the reductions are much larger above 
the bottom of the excavation. In fact, computing 
the ratio between the soil volumes correspon-
ding to the wall displacements in analyses E and 
A, that ratio is equal to 15% until the depth of 
18 m and rises to 60% between 18 m and 27 m. 

The analysis of the bending moments makes 
it possible to conclude that: i) the maximum 
positive bending moment is not particularly 
sensitive to the pre-stress magnitude; ii) nega-
tive bending moments mobilized near the wall 
toe, which are caused by the restraint provided 
by the substratum, are less for lesser wall 
displacements and, therefore, for greater pre-
stress level; iii) on the contrary, negative bend-
ing moments on the upper part of the wall are 
greater for greater pre-stress level and can reach 
about the same absolute value as the positive 
bending moments.
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(a) (b) 

Figure 2. Lateral wall displacements at completion of the excavation (a) and wall bending moment envelopes (b) 
for analyses A to E 

Figure 3 presents the comparison between 
the total at-rest horizontal stresses, the classical 
Terzaghi and Peck stress diagram and the 
apparent pressures determined from the pre-
stress loads installed on the struts (Figure 3a) or 
computed from their maximum mobilized 
compression forces (Figure 3b), considering 
their area of influence. It can be noticed that 

greater pre-stress leads to greater maximum 
mobilized forces, but also to lesser increments 
after pre-stress. It is interesting to observe that 
the Terzaghi and Peck diagram envelopes the 
apparent pressure diagrams from analysis A 
(without pre-stress) and, in practical terms, also 
the diagram from analysis B. 

(a) (b) 
Figure 3. Total at-rest earth pressures, Terzaghi & Peck diagram and (a) apparent pre-stressing applied pressures 
or (b) maximum apparent earth pressures, for analyses A to E 
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(a) (b)

Figure 4. Evolution of strut forces: a) analysis A; b) analysis E 

The strut loads as a function of the construction 
stage for analyses A and E are depicted in 
Figure 4. It should be noticed that the vertical 
scale on Figures 4a and 4b is not the same. The 
above mentioned conclusion regarding the 
maximum loads and maximum load increments 
can also be observed in this figure. It also 
makes it possible to see that in the analysis with 
greater pre-stress the first level of struts experi-
ences tension in some stages. 

4. COMBINATION OF PRE-STRESSING 
AND JET-GROUTING TREATMENT

Figure 5a presents the horizontal wall displace-
ments at the completion of the excavation from 
the analyses without any soil treatment (A to E) 
and with jet-grouting treatment (AJ to DJ). It is 
quite notable the favourable effect of the jet-
grout slab, reducing the wall movements below 
the excavation base and making them almost 
independent of the strut pre-stressing. For 
analysis DJ, which combines soil treatment with 
the pre-stressing global force of analysis D, the 
horizontal displacement of the wall is very 
small and even almost null until the depth of 
15 m. Results for analysis EJ are not presented 
because the wall would move towards the 
supported soil, due to the very high pre-
stressing force. 

As Figure 5b shows, the jet-grout slab in-
duces on the wall an uncommon bending 
moment diagram, with a peak of negative 
bending moments at the depth where, in the 

analyses without soil treatment maximum 
positive bending moments occur (see Figure 
2b). Therefore, maximum positive bending 
moments are now considerably smaller when 
compared with the ones provided by the analy-
ses without soil treatment. 

The evolution of the forces on the struts for 
calculations C and CJ is illustrated by Figure 6. 
It can be seen that soil treatment presents 
another advantage: the substantial reduction of 
the forces on the two lower strut levels. 

The horizontal (axial) stresses on the jet-
grout slab for three vertical planes, for the case 
of analysis CJ, can be observed in Figure 7. The 
wall deflection shown on Figure 5a explains the 
highly non-uniform stress distribution on the 
grout-to-wall interface, corresponding to large 
compression stresses on the top and small 
tensions at the base. On the other two vertical 
planes the stresses are almost coincident and 
their distribution in depth is more even, with 
maximum compression stresses occurring at the 
bottom. This can be explained by the fact that at 
the centre of the excavation maximum upwards 
displacements occur, which induces a convexity 
on the surface of the jet-grout slab. 

Table 2 presents the soil displaced volumes 
for all analyses. Since undrained conditions 
were assumed, the soil volume displaced by the 
wall is equal to the soil volume corresponding 
to the settlement of the soil surface. So, as a 
reference, Table 2 also includes the volumes 
from Peck (1969) chart for maximum settle-
ments of 1 and 2% of the excavation depth. 
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Analysis of Table 2 suggests the following 
remarks: i) strut pre-stress reduces the displaced 
volume to about 1/3 of that obtained when no 
pre-stress is applied; for this magnitude of 
volume reduction strut forces are, however, 
very high, and the total force is greater than the 
resultant of the earth pressures at-rest; 
ii) comparing analyses with identical pre-stress 
global force, the volume displaced is considera-
bly reduced for the case of application of soil 
treatment; iii) this reduction of the displaced 
volume is amplified with the increase of pre-

stress; iv) in fact, for null pre-stress, the dis-
placed volume for analysis AJ is 43% of the one 
obtained from analysis A; but comparing 
analyses DJ and D, this value is only 27%.

For analysis DJ the displaced volume is one 
order of magnitude below the one in Peck chart 
for the lower limit (the most favourable). It 
should, however, be noticed that this chart was 
obtained from monitoring of excavations, 
therefore including settlements due to the wall 
construction, soil consolidation and other 
sources.

(a) (b)

Figure 5. Lateral wall displacements at completion of the excavation for analyses A to D and AJ to DJ (a) and 
wall bending moment envelope for analyses AJ to DJ (b) 

Figure 6. Evolution of strut forces for analyses C and 
CJ

Figure 7. Final horizontal stresses on jet-grout in 
analysis CJ 
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Table 2. Volume of displaced soil for analyses A to E and AJ to DJ and in Peck (1969) chart

Volume of displaced soil (m3/m)

Total pre-stressing force / I0 (%)  (1) Peck chart Analyses

- 20.2 60.4 95.5 134.9 smax = 1% smax = 2% 

A - E 1.65 1.30 0.99 0.78 0.57 

AJ - DJ 0.71 0.54 0.34 0.21 - 

(1) I0 – total at-rest horizontal force computed down to depth of 18 m. 

5. CONCLUSIONS

A numerical experiment on a deep excavation in 
a thick deposit of soft clay was presented and 
discussed. This experiment focused on the 
control of the lateral wall displacement but also 
analyzed structural loads and stresses.

The first set of analyses studied a conven-
tional solution with pre-stressed struts. Their 
results reveal that very high pre-stress forces, 
closer or even higher than the total at-rest thrust, 
may provide a considerable reduction of the 
wall displacements above the bottom of the 
excavation but their efficacy to control the 
displacements beyond the bottom is not so 
clear. On the other hand, very high pre-stress 
loads naturally lead to very high strut loads, 
whereas wall bending moments do not seem 
particularly sensitive to them.

The second set of analyses shows that the 
inclusion of the jet-grout slab strongly mini-
mizes the displacements along the lower part of 
the wall, regardless of the pre-stress applied on 
the struts above. In addition, it reduces the 
maximum wall bending moments and strut 
loads, in comparison with the analyses of the 
first set with similar pre-stress forces. Further-
more, it is manifest from the results that the 
greater the strut pre-stress force the larger is the 
reduction achieved with the introduction of the 
jet-grout.

This conclusion, corroborated by some re-
cent results from real excavations (Wang et al., 
2005; Matos Fernandes, 2008), represents a 
very inspiring result! In fact, it permits to 
envisage this type of excavations being rou-
tinely carried out with induced displacements 

one order of magnitude below the one which, in 
the recent past, was considered a good perform-
ance.
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1.  INTRODUCTION 

The project is an example of creating value 
from a successful basement construction in a 
difficult urban site. This city centre location was 
surrounded by sensitive neighbouring properties 
in a busy setting and a key challenge was to 
construct a basement over the LUL Victoria line 
tunnel and within its exclusion zone.  This set 
an engineering design challenge which com-
bined innovative methods of construction, 
computer modelling of the problem and nego-
tiation of the solution with key stakeholders. 
This project innovated in circumstances where 
heavy penalties for failure were in place to 
protect the underground network. 

The development is being carried out in two 
phases (Figure 1) and this paper discusses 
geotechnical risks and numerical analysis for 
Phase I. It places particular emphasis on the 
constraints encountered during design and 
construction of such a development in an urban 
environment and describes how these chal-
lenges were addressed. 

1.1. Site setting 

The site is located within the London Bor-
ough of Westminster and is about 200m to the 
north of Oxford Circus.

Prior to development, the site contained five 
distinct buildings that were all owned and 

occupied by the British Broadcasting Corpora-
tion (BBC). The original Broadcasting House 
(OBH) building is located on the junction of 
Langham Street, Langham Place and All Souls 
Place.  To the east of OBH were two buildings, 
16-28 Langham Street and Egton House.  To the 
north of OBH were the extension to OBH 
(BHX) and the later additional extension 
(BHXX). These buildings all rose above multi-
level basements that extended up to three 
storeys below ground (OBH and BHX). 

Figure 1: Plan of original site layout showing LUL 
tunnels and proposed development phases 

ABSTRACT: This paper discusses the key constraints to building a deep basement in London and the innovative 
approach adopted in the design.  The development includes three basement levels to 14m depth and up to eleven 
upper storeys on a constrained site in London. A key challenge was to excavate within the London Underground 
Limited (LUL) exclusion zone for the Victoria line tunnel.  A detailed study and numerical analyses were carried 
out to manage the geotechnical risks to predict ground movements as well as providing a unique opportunity to 
carry out a class A prediction of the underlying Victoria Line Tunnel movements. 

Predicted Tunnel Displacement below a Deep Excavation in London
using Finite Element Methods 
M. Vaziri, T. Hartlib 
Ramboll Whitbybird, London
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1.2. Proposed development 

The proposed headquarters (Figure 2) for the 
BBC consolidates a number of separate build-
ings into a unified structure to support their 
radio, news and World Service broadcasting 
services.

The development is constructed in two 
phases (Figure 1) to allow continuous broad-
casting operation.  Phase I comprises refur-
bishment and alteration of the existing OBH 
building which occurred concurrently with the 
demolition of Egton House and 16-28 Langham 
Street and redevelopment of this part of the site.  
The new Phase I building is known as the Egton 
wing and comprises a three level deep basement 
on raft foundation and a five to seven storeys 
above ground structure. 

Figure 2: Representation of the proposed develop-
ment showing All Souls Church in the foreground. 

The Egton Wing basement is contained 
within a secant pile retaining wall on three sides 
and a sheet pile retaining wall to the north. The 
sheet pile wall provides a temporary function 
and will be removed once Phase II of the 
development is completed to create a unified 
basement.

Phase II of the project involves the demoli-
tion of the BHX and BHXX buildings and the 
subsequent construction of Phase II of the 
complex.  It will contain a three level deep 
basement and up to eleven storeys above 
ground.

2. HISTORY OF THE SITE 

Construction of OBH was completed in 
1931 and the entire building is protected by a 
Grade II listed status. The sub-basement slab is 

approximately 10.8m below ground floor level 
and the foundations are large steel grillage pad 
foundations.

On completion of the OBH building, the 
groundworks for the OBH Extension (BHX) 
building commenced were completed in the 
1950s following the Second World War. A 
second extension to OBH was completed in the 
1990s and was referred to as BHXX. 

Egton House was built during the 1930s on 
the corner of Langham Street and All Souls 
Place and rose above a basement that was 
generally about 3.5m below pavement level and 
founded on pads. 

By 1963 houses to the north of Egton House 
were demolished in advance of construction of 
16-28 Langham Street. The building had one 
level of sloping basement which was used for 
car parking and five above-ground floors. The 
building was founded on bored under-reamed 
piles to a toe depth of +14.6mOAD with bells of 
1.8m and 2.3m. 

3. GROUND CONDITIONS 

The stratigraphy encountered at the site gen-
erally consisted of Made Ground overlying 
Lynch Hill Gravel, London Clay, Lambeth 
Group and Chalk (BGS, 1994).  The Thanet 
Sand stratum was not identified during the site 
investigation (FES, 2002). The general geologi-
cal progression identified (whitbybird, 2002) is 
summarised in Table 1 and indicated schemati-
cally in Figure 3. 

Table 1: General geological progression beneath the 
site

Stratum Top of Stratum 
[mOD]

Thickness of 
Stratum [m] 

Made Ground + 27.35 to + 27.80 1.60 to 4.60 
Lynch Hill 

Gravel + 23.45 to + 26.10 4.65 to 7.60 

London Clay + 18.35 to + 19.00 18.60 to 20.70 
Lambeth Beds - 1.80 to + 0.05 21.10 to 23.70 

Chalk - 23.95 to - 22.35 Proven to 2.2m 
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Figure 3: Geological cross section of the site. 

The results of groundwater monitoring un-
dertaken during the site investigation show that 
the groundwater level is at +20.0mOD, near the 
base of the Terrace Deposits.  The pore water 
pressure increases hydrostatically with depth 
within the London Clay. The pore water pres-
sure identified from piezometers in the Lambeth 
Group suggest that the stratum is under-drained 
by the chalk strata and the pore water pressures 
reduce to 0kPa at the interface between the 
Lambeth Group and the chalk. 

4. SITE CONSTRAINTS AND RISKS 

The urban location of the site and the chal-
lenging construction proposal combine to 
amplify the risk to development.  A plan show-
ing the structures that constrain development is 
presented in Figure 1.  A key risk to the feasibil-
ity of constructing the three level basements 
was the presence of the Victoria line tunnels 
beneath the site. 

4.1. Victoria line tunnel 

The Victoria line northbound tunnel runs 
directly beneath the Phase 1 site. 

The crown of the tunnel is at +9.5mOD (ap-
proximately 18m below street level and ap-
proximately 5.1m below the bottom of the new 
basement raft (Figure 4).  The Victoria line 
southbound tunnel passes close to the east of 6-
28 Langham Street and Egton House with the 

tunnel crown at a depth of about 24m below 
ground level. 

The north and southbound tunnels were con-
structed in the late 1960s of cast-iron segmental 
linings with two distinct lining details. The 
northbound tunnel section below the site con-
sists of a knuckle jointed, flexible (i.e. no bolts), 
cast-iron lining whereas the southbound tunnel 
is of bolted cast-iron.

The demolition of the existing buildings and 
excavations for the new basements resulted in 
ground heave.  Conversely, the construction of 
the new buildings will cause some subsequent 
settlement as the loads are reapplied to the 
ground.

The heaving of the clay caused by the re-
duction in overburden pressure can be divided 
into the elastic heave which will occur imme-
diately (during construction), and the slow 
swelling and creep (long term effects) caused 
by net reduction in vertical stress in the under-
lying clay. The latter will continue for several 
years.  It was expected that the behaviour of 
the clays will be that of their undrained state 
during the construction phase with the excep-
tion of the clay layers near the tunnel, where 
the tunnel could act as a drain and the clay 
may swell more quickly. 

The main risks to the project, as a result of 
construction above the tunnel, were identified 
as:
• excavation and construction within the LUL 

exclusion zones (exclusion zone is defined 
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as 3m to either side of the tunnel and 6m 
above the tunnel crown; 

• encroachment into the dynamic envelope of 
Victoria line tunnel trains in the tunnels; 

• disruption to the operation of the Victoria 
line tunnel trains; 

• catastrophic failure by undermining the 
integrity of the tunnel; 

• construction activities damaging the tunnel 
by encroachment on the tunnel lining; 

• train-excited vibrations transmitted into 
building and affecting broadcasting opera-
tion; and 

• delays to construction programme due to 
approvals.

5. MANAGING GEOTECHNICAL RISKS 

The main activities and deliverables that 
were undertaken to manage the geotechnical 
risks during the design and construction of 
Phase I of the development are summarized in 
the following section. 

5.1. Consultation

Early on in the scheme design the risks of 
development on LUL assets were identified.  
Consequently, it was necessary to discuss the 
proposals with LUL asset engineers.  A series of 
meetings and site inspections were arranged to 
discuss the scheme and to identify issues which 
could impact the operation and integrity of the 
tunnels. This was beneficial and a continuous 
dialogue was maintained with LUL and their 
engineers throughout design development. 

Figure 4: Victoria Line northbound tunnel below Egton Wing substructure 
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5.2. Site investigation 

In order to create the ground model and to 
be able to assess the impact of development on 
the tunnels and adjacent structures the site 
investigation for the works was carried out early 
in the design phase (RIBA Stage C). 

5.3. Geotechnical analysis 

A preliminary analysis of the ground move-
ment as a result of the development above the 
Victoria line northbound tunnel was completed 
using an elastic model (Ramboll whitbybird, 
2001).  This provided a preliminary prediction 
of ground movement as a result of the demoli-
tion, excavation and construction of the pro-
posed development.  Due to uncertainties at the 
time of the preliminary analysis regarding site 
conditions, proposed building frame and likely 
construction sequence, conservative assump-
tions were made regarding the existing building 
loads and ground conditions.  The preliminary 
prediction for the crown of the Victoria line 
northbound tunnel indicated maximum short-
term heave of 40mm following demolition, 
excavation and construction of the new building 
on piled foundations. The prediction of upper 
bound heave following long-term swelling of 
the London Clay was 112mm. 

In view of the potential magnitude of 
unloading from the construction of new base-
ments and in order to reduce the long term 
ground movement it was decided to consider 
reapplying building loads to the ground using a 
raft foundation and, hence, minimising the long 
term movement of the tunnels.

As a result of the preliminary assessment of 
ground movement and consequent changes to 
the design, further analysis was required to 
justify the raft foundation solution. Finite 
element modelling (FEM), using geotechnical 
parameters based on the site investigation 
results was adopted to identify tunnel move-
ment, deformation and stress changes in the 
tunnel lining. The magnitude of movement 
predicted was used to measure the risk of 
damage to the tunnel as a result of construction 
works.

5.4. Monitoring and verification 

Considering the extent of construction ac-
tivities in relation to the Victoria line tunnels 

and in order to minimize the risks and provide 
an early indication of potential construction 
hazards on the tunnel it was agreed to monitor 
the tunnels. The other two main objectives of 
the monitoring were to: 
• verify design assumption by means of 

constantly comparing measured and pre-
dicted ground movements; and 

• identify and prevent adverse impacts when 
and if they occurred. 
Electrolevels, strain gauges and tiltmeters 

were installed in the tunnels. The layout and 
results of the instrumentation in the tunnel are 
presented in Vaziri and Steen (2008) paper. 
Survey targets were also installed in the tunnels 
for back- up manual monitoring. 

6. NUMERICAL ANALYSIS 

6.1. Prediction

Numerical analyses using the PLAXIS soft-
ware package were carried out to predict the 
displacement magnitude of the Victoria line 
tunnels, both during construction and in the 
long term following project completion. Two 
sections were used to assess the effects of the 
redevelopment on these tunnels. The location of 
these sections is indicated on Figure 5. 

The elasto-plastic Mohr-Coulomb soil 
model was used to simulate the behaviour of the 
majority of the strata underlying the site. How-
ever, the London Clay was modelled using a 
higher order (Hardening-Soil) model to simulate 
the difference in behaviour between primary 
loading and the subsequent unloading and 
reloading of the strata.  A detailed model of the 
stress history of the site was prepared to simu-
late the locked-in stresses in the ground.

The initial conditions of the analysis were 
that of a ‘green-field’ site i.e. no structures or 
tunnels present.  A small surcharge of 10kN/m² 
was applied over the whole ground surface to 
simulate the presence of a variety of low-rise 
developments, known to exist in the immediate 
area surrounding the site before the initial 
development in the 1930s. In Section 1 an 
additional load of 90kN/m² was also applied to 
simulate the 1.5m wide strip footing of 1-3 
Riding House Street. Pore water pressures were 
then allowed to dissipate to the steady state 
condition.
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Figure 5: Locations of the sections adopted for analysis 

Subsequently, the models simulated the his-
toric construction of Egton House and the 
Langham Street building.  In addition, Section 2 
included the construction of OBH and the 
Victoria line tunnels. Appropriate time periods 
were built into the model to simulate the stress 
distribution in the ground resulting from the 
construction of the various structures.

There was no construction record data avail-
able from the tunnelling of the Victoria line 
tunnel below the site.  Measurements of similar 
bored segmental tunnel construction in London 
Clay at similar sites suggest average volume 
losses of around 1.5%. This amount was 
adopted in our analysis.

Pore water pressures were allowed to fully 
dissipate to simulate the time between the 
construction  of  these  structures  and  the  new 

development.
Following the historic construction, the 

demolition of the Langham Street and Egton 
House buildings was simulated by removing 
their associated building loads, followed by the 
back-filling of their basements. Secant pile 
walls were then introduced prior to the excava-
tion for the new Egton Wing. As the excavation 
progressed, props were introduced at +27mOD, 
+23mOD and +19mOD before formation level 
was finally achieved. Figure 6 presents part of 
the finite element mesh in the vicinity of the 
excavation at the maximum dig level. 

The predicted building loads were then ap-
plied to the model of the newly constructed raft 
before the pore water pressures were dissipated 
for the last time to simulate long-term condi-
tions.

N o r th b o u n d  T u n n e l  
S o u th b o u n d  T u n n e l  

Figure: 6. Finite Element Mesh for Section 2 at Maximum Dig Level 
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6.2. Northbound Victoria line tunnel 

The results from the Section 1 finite element 
model were used to predict the longitudinal 
profiles of the northbound Victoria line tunnel 
at various stages of construction.

Figure 8 shows the predicted vertical tunnel 
movement profile at three stages of construc-
tion:

• following the maximum excavation depth 
being achieved (formation level – 
14.5mOD);

• construction completed; 
• long-term conditions (pore-water pressures 

equalised).

Figure 7: Predicted crown movement of the Victoria line northbound tunnel during and after construction 

It can be seen that, whilst the length of the 
tunnel inside the footprint of the excavation 
heaves, the lengths outside this zone settle 
slightly.

Figure 7 indicates that the analysis predicted 
about 8mm of tunnel deformation directly 
beneath the secant piles. Given the lining 
flexibility in the longitudinal direction, the 
predicted deflected profile did not give rise for 
concern.

Section 2 modelled both the north and 
southbound Victoria line tunnels. As with the 
previous analysis, the northbound tunnel was 
shown to heave. The resultant heave was 
towards OBH. This was particularly apparent 
when the excavation reached the formation 
level which is deeper at the side of OBH 
(+12.9mOD compared to +14.5mOD). 

Horizontal and vertical displacements of the 
northbound Victoria line tunnel were taken at 
the crown, invert, left and right extremities of 

the tunnel cross-section. From these results the 
corresponding distortion to the tunnel lining 
was calculated. These results are presented in 
Table 2 and Table 3. 

Table 2: Northbound tunnel vertical displacements 

Vertical Displacements (mm) Analysis
Left Right ϑ Crown Invert Δ 

Excavation
to formation 

level
27 26 1 30 20 10

End of 
construction 12 11 1 14 9 5 

Long-term 24 21 3 27 19 8 
Notes:
Positive displacement indicates heave 
Δ represents distortion on the vertical axis of the tunnel 
where positive distortion represents elongation
ϑ   represents twist on the horizontal axis where positive 
twist represents clockwise twist 
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Table 3: Northbound tunnel horizontal displacements 

Analysis Horizontal Displacements (mm) 
 Left Right Δ Crown Invert ϑ 

Excavation
to formation 

level
-12 -19 -7 -16 -16 0 

End of 
construction -11 -14 -6 -13 -13 0 

Long-term  -9 -16 -7 -13 -12 -1

Notes:
Positive displacement is to the right in the direction of travel 
in the tunnel 
Δ represents distortion on the horizontal axis of the tunnel 
where positive distortion represents elongation 
ϑ represents twist on the vertical axis where positive twist 
represents clockwise twist

The maximum heave of 30mm was pre-
dicted to occur at tunnel crown level when the 
excavation reached formation level, with the 
invert moving only by 20mm resulting in a 
10mm elongation. The western extreme of the 
tunnel was predicted to move towards OBH by 
12mm compared with 19mm for the eastern 
shoulder. Following the construction of the new 
Egton Wing, the overall tunnel heave was 
shown to have been reduced by over 50% with 
the maximum being 14mm at crown level. 

Long-term conditions were then simulated. 
In the area of the tunnel an overall unloading of 
around 100kN/m² was estimated. This is pre-

dicted to result in a corresponding long-term 
tunnel heave of 27mm at crown level with an 
associated vertical distortion of 8mm. The 
resultant distortion was not expected to have 
any adverse impact on the operation of the 
northbound tunnel. 

In order to assess the impact in terms of 
movements and stresses imposed on the tunnel 
lining, the tunnels position, dimensions and 
lining properties must be known.  Properties of 
the tunnel were inferred from available historic 
information.

Based on the guidance included within LUL 
Engineering Standard E 3322 A2, Deep tunnels 
and shafts – assessment, an interaction diagram 
was produced for the Victoria line northbound 
tunnel lining (Figure 8). 

In general, the lining was predicted to be-
have in a flexible manner (small bending 
moments were predicted). Whereas the lining 
hoop forces drop as the excavation proceeds, 
the bending moments increase. In the long term, 
as load is added, the axial forces in the lining 
increase again, while the bending moments 
remain approximately the same. 

Moment and axial force predictions for the 
northbound tunnel are plotted in Figure 8. It can 
be seen that the plotted values are within the 
limiting resistance curves of the tunnel lining. 
The lining structure was therefore not consid-
ered to be at risk from the stresses associated 
with transverse distortion. 

Figure 8: Moment and thrust diagram for the northbound Victoria line tunnel lining. 
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7. MONITORING RESULTS 

A detailed summary of the monitoring re-
sults have been presented in Vaziri and Steen 
(2008). The following section provides a com-
parison between the measured movement along 
the length of the northbound Victoria Line 
tunnel crown with that predicted using PLAXIS. 

7.1. Excavation sequence 

During June 2003, 3m of overburden was 
removed above the tunnel as excavation com-
menced.  The monitoring equipment reflected 
this unloading with a heave of approximately 
1mm at tunnel crown level.  The bulk of the 
excavation occurred between September and 
November 2003 (a further 10m) with the moni-
toring results showing an associated gradual 
heave of up to 30mm.  This heave occurred at a 
rate of approximately 3-4mm per week during 
this stage of the works.  The raft foundation was 
poured between 27 November and 19 December 
2003 which caused a 1-2mm settlement of the 
crown of the tunnel. 

7.2. Correlation of data 

The tunnel monitoring results for the period 
from pre-construction background monitoring 
to completion of excavation and raft construc-
tion were presented in a final report (Ramboll 
whitbybird, 2004).  These were compared to the 
predicted tunnel displacements to enable the 
correlation of the analysis parameters with the 

measured results for future predictions for 
subsequent construction phases. These results 
are presented in Figure 9. 

It can be observed that the predicted and 
measured results compare reasonably well. It 
should be noted that a variation of some 15mm 
occurs approximately 10m to the north of the 
excavation. This may be due to the additional 
rigidity provided by the cross-passage tunnel 
which was not modelled within the analysis. 
The presence of this structure may have pre-
vented a similar longitudinal distortion to that 
was observed at the southern boundary. 

8. CONCLUSIONS

This paper summarised the processes by 
which geotechnical risks were addressed on a 
challenging project in a difficult urban envi-
ronment.  In particular the impact of construc-
tion activities on the Victoria Line northbound 
tunnel were accurately quantified by numerical 
analysis and this was later confirmed by con-
tinuous live monitoring of the tunnels.  The 
monitoring results have been reviewed consis-
tently since November 2002 and now that 
construction works have been completed for 
Phase I, the client no longer sees the business 
need to continue monitoring.  Since the data is 
so invaluable, it was agreed to transfer the 
package to Southampton University to continue 
the monitoring, carry out research into the long-
term response of the ground and the tunnel and 
make the data available to the industry. 

Figure 9: Comparison between predicted and measured displacements of the northbound Victoria Line Crown 
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1. INTRODUCTION

On 9August 2004, as a result of leakage on 
diaphragm walls, excavation failure of a MRT 
underground station was occurred and triggered 
several buildings collapsed. Several investigat-
ing tasks were conducted in an effort to analyze 
possible failure causes. Among these efforts, 
special engineering properties of local non-
plastic silty sand were initially recognized as 
one of the primary factors related to such 
construction defects and thus led to the con-
struction failure.

Resistivity Imagine Profiling (RIP) method 
has recently become a popular tool in soil 
exploration. They have advantages in 
investigating ground water distribution, 
geological structures and soil profile over large 
area. Applications of RIP method to investigate 
specific underground structures are not yet 
developed in the past. In recent forensic 
investigation work of underground geotechnical 
structures, the authors modified the 
conventional 2D RIP technology to 3D stereo 
array in order to examine performance or verify 
condition of underground geotechnical 
structures such as pile foundations and 

diaphragm walls, and had obtained promising 
results.

In the presented study, RIP method was 
applied to both check the quality of diaphragm 
walls and the effectiveness of different remedial 
ground treatment. RIP method was found to be 
able to identify locations of the defected 
diaphragm wall units, as well as to give clear 
indication of effectiveness of different ground 
improvement method like JSG and CCP. In the 
following paragraphs, basic site information 
and accident details of the studied failure are 
firstly presented. Result of the RIP test is then 
introduced to illustrate condition of diaphragm 
wall units as well as performance of different 
grouting technology applied. Finally, 
discussions of the observation are hoped to 
provide helpful suggestions to countermeasures 
of similar engineering problems. 

2. STUDIED CASE

2.1. Basic Information 

O1 Station of Kaohsiung Mass Rapid Transit 
(KMRT) system, is a terminal station at the 
western end of the KMRT Orange line (Figure 

ABSTRACT: In an effort to investigate a construction failure of a MRT underground station that led to several 
buildings collapsed, 3D resistivity image profiling was carried out to check the quality of diaphragm walls and
the effectiveness of different remedial ground treatment. This paper presents the geophysic methodology applied
as well as results of the investigation. 

Applications of 3D Resistivity Imagine Profiling Method on Detect-
ing Defects and Repairing Performance of Diaphragm Walls for
Deep Excavation 

Wei F. Lee 
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1).  Figure 2 shows the layout of O1 Station 
which is 287m in length and 16m in width. The 
station is connected to a section of tunnel at its 
eastern end. Excavation for the station was 
carried out to a depth of 20m by using the cut-
and-cover method of construction.  Diaphragm 
walls of 800mm in thickness were installed to a 
depth of 39m in Zones A and B and walls of 
1000mm in thickness were installed to a depth 
of 37.5m in Zones C and D.  The excavation 
design is summarized in Figure 3. 

On 9 August 2004, a sinkhole was quickly 
formed behind Panels S58 to S60 on the south 
side caused by uncontrolled leakage of the 
diaphragm walls when excavation already 
reached a depth of 15m.  Four linked apartment 
buildings (3-story) collapsed resulting from the 
extended ground failure and served ground 
subsidence (Figure 4) and. Execavation work 
was stopped right after the failure. 
Countermeasures were soon taken to improve 
the watertightness of diaphragm walls. 
However, server leakage was again occurred 
shortly in Zone B after the excavation work 
being resumed in July 2005.  These two 
successive construction failures have drawn 
engineers’ attentions to investigate the defect 
pattern of diaphragm walls as well as 
performance of applied countermeasures. 

2.2. Ground Condition 

The site was a salt pan a century ago.  It was 
also used for fish farming till the completion of 
the Kaohsiung Harbor in the beginning ot the 
20th century.  The area was reclaimed by using 
the soil dredged from the harbor and soon 
became the city center as the city government 
moved in.  Subsoils on site is the typical silty 
sand and sandy silt interlayers. These deposits 
are young sediments with high water contents 
and low plasticity. Such soils can easily be 
softened once disturbed, or liquefied when 
subjected to steep hydraulic gradients and, 
therefore, failures of guiding trenches were 
quite common during installation of diaphragm 
walls.  Figure 5 shows the soil profile 
summarized using numbers of boreholes 
collected before and after the failure event (Ho 
et al, 2005). As shown in the Figure 5, soil 
deposited at the depth where construction 
failure occurred is mostly the sandy silt or silty 
sand with fine contents ranged from 20% to as 

high as 60%.  Soil properties adopted in designs 
are listed in Table 1. 

Ground water table is 1 to 3m below the 
ground surface. On account of the formation of 
subsoils as well as special site location as 
shown in Figure 1, ingression of sea water 
increased the high chloride content in 
groundwater. It has been suspected that the 
quality of diaphragm walls may deteriorate as a 
result of chloride attack and, therefore, 
chemical contents are routinely determined in 
major projects to check whether groundwater is 
aggressive. Table 2 shows the results of 
chemical tests on soils and Table 3 shows the 
results of tests on groundwater in boreholes in 
the section of route between O1 and O2 
Stations. As shown in the Tables, chemical 
contents of the groundwater indicated that 
ready-mix concrete produced without special 
potion design for chemical resistance might 
result in material deterioration within very short 
period of time (TCRI, 2006).

In many cases, jet grouting piles were 
installed to prevent guiding trench of diaphragm 
walls from collapsing.  However, necking that 
reduced the sectional areas of diaphragm walls 
as well as sludge pockets inside the diaphragm 
walls that provided leakage paths are still 
frequently occurred. In the presented case study, 
additional ground treatments were applied 
behind defective diaphragm walls in order to 
both increase the stiffness of the retaining 
structures, as well as to stop possible leakage 
paths of groundwater into the excavation area. 

3. RISISTIVITY IMAGINE PROFILING 
METHOD AND ITS APPLICATIONS 

3.1. RIP method 

RIP is one of traditional geophysical surveying 
technology, which has developed for many 
years. It has recently become a popular tool in 
soil exploration and has advantages in 
investigating ground water distribution, 
geological structures and soil profile over large 
area because of high sensitivity for water. In 
recent forensic investigation work of 
underground geotechnical structures, the 
authors modified the conventional 2D RIP 
technology into 3D stereo array in order to 
examine performance or verify condition of 
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underground geotechnical structures such as 
pile foundations and diaphragm walls, and had 
obtained promising results (Figure 6). Table 4 
shows the typical values of resistivities of 
different types of geomaterials.  As can be 
noted, the resistivities of cemented material 
such as concrete or grout vary from 10,000 ~ 
40,000 ohm-m, while those of porous and 
moisture material such as saturated sands, silts 
and clay vary from 15 to 1,000 ohm-m.  Also 
indicated in Table 4,  the resistivity of sea water 
is as low as 1 to 5 ohm-m.  It is therefore 
possible to identify defectsin diaphragm walls, 
to tell ground with different level of treatments, 
and to locate possible water leaking paths 
accordingly.

3.2. Test plan 

In this study, RIP tests were carried out in order 
to identify the the integrity of diaphragm walls 
as well as effectiveness of different ground 
treatments that were applied  after the failure 
for remediation. Diaphragm wall panels S72MF 
to S74MF which were concluded by pumping 
test as one of the potential defected wall units 
were selected for 3D cross-hole resistivity 
image profiling testing. The selected test wall 
panels were first treated by JSG columns. 
However, effectiveness of JSG treatment was 
found not to provide satisfied water sealing for 
following excavation. CCP was again added at 
panel connection to enhance watertightness. 
RIP tests were performed before and after the 
CCP treatment. Figures 7 and 8 show the 
schematics of layouts of RIP testing in stereo 
and plane views.

To perform the RIP test, electrodes were in-
stalled on both sides of target wall units to a 
depth of 40m in order to cover full wall depth 
and treated ground. Total six boreholes were 
drilled to install electrodes so that a 
4mX4mX40m column of ground condition 
could be “visualized”. Potential electrodes were 
installed at 1m intervals in vertical direction. 
Electrical current was applied to the ground 
through two current electrodes and electrical 
fields were then generated within the probing 
area.  The resulting voltage difference between 
two potential electrodes was measured to 
determine the resistance of the ground. Resis-
tivity measurements were then input into 
commercial computer software to produce 2D 

and 3D imagines of resistivity distribution of 
tested ground (Hwang et al, 2007). 

4. RIP TEST RESULTS 

Figure 9 shows the RIP image columns before 
the after the CCP treatment. The imagines were 
presented in colored contour. Cold colors, from 
green to deep blue, represent low resistivity 
materials like saturated sand or clay. On the 
contrary, warm colors, from yellow to red, 
represent high resistivity material such as grout 
or cemented soil. As shown in the figure, 
location and condition of diaphragm wall panels 
could be clearly identified in the 3D imagines. 
Before the CCP treatment, it could be seen that 
wall panel had a permeable fragment below the 
depth of GL-30.33m. It also found that CCP 
treatment had in fact improve the watertightness 
of the diaphragm wall with apparently increased 
volume coverage of high resistivity zone. The 
permeable fragment that showed before CCP 
treatment was also found to be improved in the 
post-CCP treatment 3D imagine. 

The 3D RIP imagine columns were further 
sliced into 2D imagines at different locations to 
have closer views of the quality of wall panels 
and effectiveness of ground treatments. Figures  
10 and 11 show the 2D imagine slices those 
were prepared parallel (XZ sections) and 
vertically crossing (YZ sections) the tested wall 
panels accordingly. As illustrated in Figure 7, 
XZ sections at location where Y=2.0 to 2.5 
represent the body of the examined diaphragm 
wall panels. X=3.5 of YZ sections represent the 
joint between wall panels where leakage is most 
likely to occur. As shown in figures, the 2D RIP 
slices of Y=2m and Y=2.5 clearly indicate 
scattered permeable portions at depth of 30m 
before CCP treatment. Nevertheless, the post-
treatment RIP slices show that the possible 
defects had effectively improved. Similar result 
could be also shown in Figure 11. The 2D slices 
of X=3.5 show distinguished difference of 
water permeability at adjacent location of panel 
joint. In summary, effectiveness of different 
ground treatments for diaphragm wall defect 
mitigation could be clearly verified through the 
3D RIP method.
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5. DISCUSSION AND CONCLUSIONS 

3D RIP tests conducted in this study were found 
to be very successful in detecting underground 
structures and effectiveness of different ground 
treatments. Test results show that the inspected 
diaphragm wall units had a possible sludge 
pocket below the depth of GL-30.33m that 
might lead to potential leakage. Test results also 
indicate that CCP method had better 
performance in improving watertightness and 
ground voids of treated ground than JSG 
method. However, this outcome might be a 
consequence of accumlated grouting.

The newly developed 3D RIP technology 
was concluded to be capable of identifying 
possible diaphragm wall defects as well as 
performance of different soil treatment applied 
in good engineering scales. It could be applied 
to similar engineering problems with adequate 
planning and execution. 
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Figure 1. Location of O1 station. 

Figure 2. Layout of O1 station. 

Figure 3. Excavation design of O1 station. 
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Figure 4. Damages caused by construction failure. 

Figure 5. Soil profile of studied case. 

Table 3.  Basic soil properties adopted in design of 
diaphragm walls. 

 Unit 
weight
KN/m3

C’
kPa

Su
kPa

SF 20.1 0 28  
CL 18.9 0 27 18 
SM 20.2 0 32  

CL/SM 19.5 0 29 85 
CL 19.5 0 28 113 

Table 2.   Results of chemical tests on soils. 

Hole Depth,
m PH Organic Cl-

(%)
SO4

-2

(mg/kg)
SO3

-2

(mg/kg)
OA-1 20 7.7 7.38 0.053 2176 5.1 
OA-3 13 9.5 3.96 0.038 99.6 11.9 
OA-4 15 8.3 5.29 0.11 324.7 7.5 
OS-1 16 8.3 1.8 0.049 341.4 159 
OS-2 16 8.3 1.8 0.049 323.3 2.6 

Table 3.   Results of chemical tests on groundwater. 

Hole Depth 
 m 

PH Cl-

(mg/l)
SO4

-2

(mg/l)
SO3

-2

(mg/l)
Ca+2

(mg/l)
Ca+2

(mg/l)
OA-1 15 7.9 180 112 <2.5 59.7 80.3 
OA-3 15 7.2 5030 680 <2.5 113 2480 
OS-1 17 6.8 15800 2450 <2.5 984 5530 
OS-2 15 7.7 17300 2450 <2.5 1030 4780 

Figure 6. 2D and 3D arrays of RIP test. 

Table 4  Resistivities of different material 

Material Typical Resistivity
( -m)

Sea water 1 ~ 5 
Clay (saturated) 15 ~ 30 
Silt (saturated) 30 ~ 200 
Sandstone 100~ 800 
Sand (saturated) 200 ~ 1,000 
Gavel (saturated) 1,000 ~ 5,000 
Sand (dry) 5,000 ~ 20,000 
Concrete Cemented 
Grout 10,000 ~ 40,000 
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Figure 7. Schematic drawing of the RIP test. 

Figure 8. Layout of the RIP test area. 

Figure 9. 3-D Columns of RIP Test Results. 

Figure 10. RIP imagine slices in YZ direction. 

Figure 11. RIP imagine slices in XZ direction. 
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Session 5 

APPLICATION OF STATE-OF-THE-ART 
GEOTECHNOLOGIES IN CONGESTED 
URBAN AREAS. USE OF MONITORING 
AND THE OBSERVATIONAL METHOD 





1.  INTRODUCTION

Traffic congestion and environmental con-
straints intensify the utilization of underground
spaces in urban areas. Construction projects are
being carried out more and more frequently
under difficult conditions: several constraints
and potential conflicts associated with nearby
infrastructure or other uses of space; high
potential third imparty impact; unfavourable
geology involving soft ground or mixed face
conditions.

The increasing demand for urban
underground space has promoted technological
progress in the last decade, particularly in the
field of mechanised tunneling. The construction
methods used in shallow soft ground tunneling
beneath the water table must ensure control of
the ground at the tunnel heading and,
additionally, prevent seepage flow towards the
working face. Slurry and EPB shields fulfill
these goals for a wide range of geological and
hydrogeological conditions by providing
support to the tunnel face continuously during
excavation. Modern closed shields limit the
need for costly and time-consuming ground
improvement measures such as grouting or
artificial ground freezing.

Technological developments have decreased
construction times and costs and this, in turn,

has raised demand. It is interesting to note,
furthermore, that the development of large
diameter closed shields (today's largest
machines exceed 15 m in diameter) does not
change only the way structures are constructed
but it also affects the layout of the structures
itself. For example, the rail tunnel in Figure 1
incorporates the platform level functions
thereby reducing construction interferences
between tunnels and stations.

As shown by recent successful projects,
improvements in soil conditioning methods and
in the technology of additives have extended the
traditional range of applicability for closed
shields (typically, fine-grained soils for EPB
shields, coarse-grained soils for slurry shields).
This has led to the impression that the ground is
in general not the key parameter for machine

Figure 1. Platform level (Barcelona Metro)

ABSTRACT: The paper discusses the issue of shield tunneling under suboptimal geological conditions from a
geotechnical and a contractual perspective. The increasing demand for urban underground spaces has promoted
considerable technological progress in the field of mechanised tunneling. On the other hand, closed shields are
applied more and more frequently under geological conditions that are beyond their optimum operational range.
In order to reduce the risk to an acceptable level, additional measures such as ground improvement are often
necessary. For ensuring tender price comparability, the cost of these measures should be estimated in the pre-
tender design and be included - separately for the different shield types - in the bill of quantities.

Some remarks concerning EPB and slurry shields

G. Anagnostou
ETH Zurich, Switzerland
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Figure 2. Face support: (a) EPB shield; (b) slurry
shield

type selection - an attitude cultivated sometimes
by the TBM industry itself. On the other hand,
the set-backs experienced in some large projects
underline the need for a careful evaluation of
the pros and cons of the various face support
types for a given geotechnical environment.

2. GEOTECHNICAL CONSIDERATIONS

The importance of the geology is clearly re-
flected in the recommendations from major
professional organisations (e.g., AFTES 2000,
BTS 2005, DAUB et al 1997 & 2000). The
evaluation of the different closed shield types
types is particularly demanding when the
geology changes frequently along the alignment
(thereby necessitating frequent changes of
operation mode) or when the ground conditions
are beyond the optimum operational ranges both
of EPB and slurry shields over long portions of
the alignment. Closed-shield operation under
sub-optimal ground conditions involves a higher
probability of failure or of inadmissible settle-
ment. In many cases additional measures such
as ground improvement will be necessary in
order to reduce the risk to an acceptable level.
Urban environments are particularly adverse in
this respect, as the lack of free spaces at the
surface may limit the feasibility of any addi-
tional measures or increase their cost considera-
bly. For a concise discussion of the importance
of systematic risk management in the context of
urban tunneling, the reader is referred to Kovári
and Ramoni (2006).

A detailed discussion of the mechanics of
face support with closed shields is given in
Anagnostou and Kovári (1994, 1996). The
stability of the tunnel face and the deformations
of the ground in EPB tunneling depend for
given ground conditions on the face support
pressure. In a fine-grained, low-permeability
ground (the typical soil for EPB application),
the face support pressure is equal to the total
stress prevailing in the muck within the working
chamber. In the case of a coarse-grained muck
(e.g. consisting of the chips generated when
tunnelling through weak rock), the ground
response is controlled by the joint effect of the
effective stress s' acting on the tunnel face and
of the pore pressure p in the working chamber
(Fig. 2a). A high pore pressure p reduces the
magnitude of the destabilizing seepage forces
acting within the ground towards the face and is
favourable also regarding surface settlement
because it limits pore pressure relief and
consolidation of the ground. Consequently, the
higher the pore pressure p , the lower the
necessary effective support pressure s', and vice
versa. However, these two parameters are
difficult to control in practice as they depend on
the characteristics of the excavated ground, the
way the ground is mixed in the work chamber,
the rotational speed of the screw conveyor and
the excavation advance rate. So, the ground
response to tunneling by an EPB depends to a
large degree on the complex interplay of
geotechnical and operational factors.

With the exception of extremely coarse and
poorly graded gravel soils (Fig. 3), slurry
shields provide a support pressure which is
independent on the nature of the ground.
Contrary to the situation with EPB shields, face
support is determined by only one parameter
(the slurry-pressure, Fig. 2b) and, moreover,
this parameter can be regulated directly. As
EPB shields support the face with the excavated
muck itself, the geology is decisive not only for
the shear strength and stiffness of the ground
ahead of the face but also for the spatial
distribution and the fluctuation over time of the
pressure within the working chamber. EPB
shields are thus more sensitive to deviations
from the optimum ground conditions than slurry
shields and will likely require more additional
measures than slurry shields in the case of a
variable geology. In addition, EPB shields are
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more prone to wear, thereby necessitating more
frequent maintenance in the working chamber.
Safe access to the cutter head may also require
additional measures depending on the lengths of
the drives and the spacing of shafts.

On the other hand, a comparative
assessment should take into account, that the
consequences of a face failure in the case of a
slurry shield will likely be more serious than
with an EPB shield, because of the larger
volume of the ground that can enter
uncontrollably into the working chamber
through displacement of the slurry. Particular
attention in this respect deserves the
underground of old cities as it involves a higher
probability to encounter unidentified cavities
such as aqueducts or ancient wells during
excavation (Fig. 4). When encountering such
cavities, the slurry pressure drops to that of the
ground water and, if the ground is lacks
sufficient cohesion, the face collapses.

It should be noted, however, that a slurry
pressure in excess to the ground water pressure
is required for maintaining stability only for
tunneling through granular or very low cohesion
ground. If the ground has some strength (e.g.,
weathered but not completely decomposed
weak rock), hydraulic equilibrium between
chamber and ground suffices for stability (Fig.
5). An excess pressure may be, nevertheless,
still necessary in order to reduce settlement
depending on the stiffness of the ground and on
the sensitivity of the buildings. Else the slurry
shield might be operated even without
bentonite, i.e. only with pressurized water.

Figure 4. Collapse of an old well  filled by pottery
(Athens Metro)

Figure 3. De-stabilization due to deep slurry infiltra-
tion into an extremely coarse ground (Anagnostou
and Kovari 1994)

Figure 5. Necessary slurry excess pressure �p at limit
equilibrium as a function of the cohesion c (�' = 11
kN/m3, �slurry = �water, computational method after
Anagnostou and Kovári, 1994)
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3. CONTRACTUAL CONSIDERATIONS

In many geotechnical situations, both EPB and
slurry-shield tunneling may be feasible but in
combination with additional measures (Fig. 6).
The locations and the quantities of the
additional measures should be evaluated
separately for each type of face support, as one
and the same ground may be favourable for the
one mode of operation but unfavourable for the
other.

A rigorous and unbiased evaluation of the
additional measures is very important,
particularly when considering that, for non-
geotechnical, but nevertheless important
reasons, EPB shields are often, almost by
default, the first choice: Slurry-shield tunneling
in urban environments is generally problematic,
due to the limited space available at the surface
for separation plants or muck disposal. This, in
combination with the lower capital costs and the
simpler operation of EPB shields creates a bias
in favour of the latter, although slurry shields
allow for a better control of the pressure in the
working chamber under mixed face conditions
or when tunneling through weak rock.

The machine selection should take into
account, besides the capital and operational
costs, also the costs and the time needed for the
additional measures. Estimates of the
appropriate quantities for complex geological
formations are fraught with uncertainties.
Procurement methods such as design-build with

Figure 6. Execution of grouting (Kovári and Ramoni,
2006)

a lump sum do shift a considerable portion of
the geological risk to the contractors, and
experience from a number of projects shows
them to be unsuitable: they may lead to high
contingencies in the bids or, as happens more
often, to project delays or poor quality work
including unacceptable settlements or even
collapses. The limited time available for bid
preparation, in combination with the quite
understandable calculated optimism of the
tender phase, do not allow for a cautious as-
sessment of the necessary additional measures.

4. CLOSING REMARKS

Leaving the decision about the machine type to
the market is undoubtedly advantageous.
Nevertheless, the quantities of additional
measures should be estimated by the owner or
his engineers in the pre-tender design and be
included - separately for the different types of
face support or modes of operation - in the
tender documents or in the bill of quantities.
Failing this, tender price comparability will be
lost.
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1. INTRODUCTION

1.1 Relevance of the topic 

Redevelopment on urban or industrial sites is 
frequently complicated by soil and/or ground-
water contamination remaining from previous 
site usage.  Some contamination is often left in-
place if the contaminated zone is underlain by 
an adequate clay aquitard which protects any 
underlying sand or rock drinking-water aquifer. 
Foundation piling are commonly needed for 
support of major redevelopment structures 
given this geologic scenario, especially when 
the clay aquitard is weak.  Environmental 
regulatory agencies, however, are concerned 
that piles penetrating the aquitard might provide 
pathways for transport of contaminants to the 
aquifer.  They have required such protective 
measures as leaving an intact barrier by stop-
ping the piles 1 to 2 meters above the aquifer, or 
casing and grouting the piles through the 
contaminated zone.  The former can require 2 to 
3 times the total length of piles for the project, 
and the latter can easily cost as much per pile as 
the pile it protects.  Is this expenditure justified 
or is it an economic waste? 

1.2 Previous investigations 

The first work on this topic known to the 
authors was that of Hayman, et.al., (1993).  That 
limited model pile study measured transfers of 
organic solvents through a pile/soil system 
using 1.3 cm diameter round steel and wood 
piles with pointed tips pushed through clay 
(model aquitard) into an underlying sand bed 
(model aquifer).  The test arrangement used by 
Hayman, et.al., (1993) was similar to that of the 
later series described below (See Figure 1).  The 
Hayman study concluded that there was virtu-
ally no transfer along the pile near the pile/soil 
interface, and only a negligible amount was 
transferred by the soil plug formed at the pile 
tip.

The most comprehensive work to date has 
been the series of model pile and analytic 
studies performed at the University of New 
Orleans (UNO), which is described in Boutwell, 
et.al. (2000), Boutwell, et.al. (2005), and Sat-
yamurthy, et.al. (2008).  These test series used 
2.5 cm diameter x 30 cm long flat-tipped model 
piles including round wood (treated and un-
treated), round steel, “H”-steel, square and 
round precast concrete, and drilled, cast-in-
place concrete piles; most were pushed (or 

ABSTRACT: A common urban redevelopment problem involves foundation piles at contaminated sites under-
lain by a clay aquitard below which is a sand or rock aquifer.  Cost-efficient piling must bear in the aquifer. 
Concern that piles would breach the aquitard and cause aquifer pollution has led to expensive and often unneces-
sary countermeasures.  Contaminant transfer can occur via four mechanisms:  pervious pile, chemical-bearing 
pile, direct transfer (soil plug at pile tip), or conduit formation (vertical pathway near pile/soil interface).  Bench-
scale studies show these mechanisms are eliminated with economical procedures.  Material selection can negate 
the first two.  Pointed pile tips counteract direct transfer.  Conduit formation is blocked by lateral soil pressure 
when round, displacement-type piles are used. 

Environmentally protective foundation piles for contaminated 
urban and industrial sites 

G.P. Boutwell 
Ardaman & Associates, Baton Rouge, LA, USA 

M.S. Nataraj 
University of New Orleans, New Orleans, LA, USA 

R. Satyamurthy 
Ardaman & Associates, Orlando, FL, USA 
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drilled)  through the clay to the bottom sand bed 
but some terminated above the bottom sand bed.  
Figure 1, taken from Satyamurthy, et.al., 
(2008), illustrates the basic test configuration 
for the UNO model test series.  Most of these 
tests were conducted first with water as the 
permeating fluid and then later with sodium 
chloride brine. The latter permeant was used in 
lieu of organic solvents for two reasons.  First, 
changes in brine content of the effluent could be 
measured easily by changes in the electrical 
conductivity of the effluent.  Secondly, labora-
tory safety was improved by avoiding hazard-
ous chemicals.  The results of these studies form 
the basis for this paper. 

Kamon, et.al. (2005) pursued a different ap-
proach.  Their study used a clay sample slightly 
smaller in diameter than the enclosing per-
meameter, thus forming a known vertical 
annular space.  Then, water flow was measured 
as the vertical pressure on the sample was 
increased.  Their results showed that the annular 
space closed at a vertical effective pressure 
about equal to 3 times their soil’s cohesion.  
The vertical permeability after closure was 
virtually the same as that of the intact clay.  By 
way of reference, the accepted value of vertical 
effective pressure required to close an open 
borehole is 5 times the cohesion. 

2. MECHANISMS OF CONTAMINANT 
TRANSFER

Both Hayman, et.al. (1993) and the various 
UNO studies identified four typical mechanisms 
of transfer.  All except Direct Transfer require a 
vertical hydraulic gradient from the contami-
nated zone to the aquifer in order to effect 
transport.  These mechanisms apply directly to 
piles driven to the aquifer and are discussed 
below.  The situation for piles which do not 
completely penetrate the aquitard differs and is 
discussed separately herein. 

2.1 Wicking 

This occurs when the pile is more pervious than 
the clay aquitard.  Contamination enters the pile 
laterally in the contaminated zone and flows 
within the pile itself to the aquifer.  It was 
observed by both Hayman, et.al. (1993) and 
Boutwell, et.al. (2000) for untreated wood piles.  

The obvious remedy is to use a less permeable 
pile, such as concrete, steel, or treated wood. 

2.2 Leaching 

This would be possible if the pile itself con-
tained undesirable chemicals, which will leach 
out of the portion of the pile exposed in the 
aquifer.  An example would be wooden piles 
treated with a biocide to prevent rotting.  This 
potential mechanism has not been evaluated in 
the model tests.  Again, the remedy is obvious:  
do not drive treated piles to the aquifer; rather, 
use “clean” piles instead. 

2.3 Direct transfer 

This potential mechanism requires that the pile 
be driven through a stratum having contamina-
tion at the time of driving.  It is a natural conse-
quence of bearing capacity theory, where a 
conical (or pyramidal) plug of soil develops just 
below the pile tip and is carried down as the pile 
tip advances.  The sides of the plug slant down 
and towards the pile center at 45o in a clay, 
yielding a plug volume (V) of about 0.15D3,
where D is the pile diameter.  The pore water 
volume (Vw) is, of course, the total volume 
times the soil porosity.  In theory, this plug can 
carry a maximum possible volume of chemicals 
equal to its pore water volume times the chemi-
cal concentration.  The actual value will be less, 
since some of the plug is wiped off as the pile 
tip enters stronger material; this would be 
expected in a normally consolidated clay.  
Hayman, et.al. (1993) observed Direct Transfer 
equaling about 5% of the maximum possible 
volume, which would be expected since they 
used pointed pile tips.  The UNO studies had no 
measures to determine the amount of Direct 
Transfer.  However, bearing capacity theory and 
the Hayman study show how to counteract this 
possibility.  A pointed tip on the pile replaces 
porous contaminated soil with impervious steel 
or concrete (typically).  From bearing capacity 
theory, this leaves little or no volume available 
to transfer contaminants.  The cost of obtaining 
a flat-tip end-bearing on a pointed-tip pile is 
about 1 to 2 pile diameters of extra pile length. 
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2.4 Conduit Formation 

The concern here is that the clay at or near the 
pile/soil interface is disturbed or cracked by the 
advancing pile, thus forming a pathway of high 
permeability for flow from the contaminated 
zone down to the aquifer.  In essence, this is a 
radial cavity expansion problem.  The pile tip 
pushes clay aside as it penetrates.  This causes 
an increase in radial stress and a decrease in 
tangential stress in the clay around the pile.  The 
increase in radial stress produces an increase in 
pore-water pressure.  Absent any effective 
cohesion, the tangential effective stress can drop 
to zero and vertical cracking results.  Observa-
tions by Massarch, quoted in Satyamurthy, et.al. 
(2008) show that sufficient pore-water pressure 
dissipation occurs in a few minutes to hours so 
as to return the tangential effective stress to a 
positive value and close the cracks.  The perme-
ability test results of Kamon, et.al. (2005) 
indicate no adverse effect on clay permeability 
after the cracks close.  Thereafter, the pile is 
sealed to the soil by the high radial pressure.  
Cavity expansion theory indicates that the 
sealing pressure should be equal to the overbur-
den pressure plus 5 to 6 times the soil’s cohe-
sion (Boutwell, et.al., 2000),  At the 20 meter 
depth in a typical normally consolidated clay, 
the sealing pressure exceeds 300 kPa.  The 
UNO test series evaluated Conduit Formation 
for several types of piles. The results and 
lessons learned follow. 

3. RESULTS OF UNO MODEL PILE TEST 
PROGRAM

The UNO test series included eight model piles 
fully penetrating the model aquitard, plus two 
tests on model piles which penetrated only 80% 
of the model aquitard.  As shown on Figure 1, 
each test chamber had 3 concentric zones for 
flow and brine content measurement.  All of the 
comparisons discussed below are based on 
measurements made from the center zone, 
which should be most representative of any 
effects of the piles on flow characteristics.  The 
data has been normalized for both flow and 
brine transport.  The flow data was converted to 
Relative Flow RF = Qp/Qnp where Qnp is the 
long-term flow rate in the first phase of the test 
(no pile) and Qp is the same for the second 
phase after the pile had been inserted or, in the 

case of cast-in-place piles, drilled and con-
creted.  The brine flow (third) phase of the tests 
was analysed by defining the “breakthrough 
time” (tb) as the time at which the increase in 
brine content (as measured by effluent electrical 
conductivity) reached half its maximum, long-
term increase.  This was compared with the 
breakthrough time (Tb) for the test with no pile.  
The measure of transport rate for this conserva-
tive tracer (chloride) is the Relative Break-
through Time TR = tb/Tb. 
Table 1  Results of UNO Model Tests 

Pile Type RF RT 
No Pile 1.0 1.0 

Steel Pipe 0.9 1.1 
Steel “H” 11. 0.6 

Round Wood, Treated 4. 0.6 
Round Wood, Untreated 90. 0.3 

Sand Pile 400. 0.1 
Precast Concrete, Round 0.4 3.0 
Precast Concrete, Square 1.8 0.1 

Cast-in-place Concrete, Round 21. 0.8 
   
Precast Concrete, Square* 1.8 3.6 
Cast-in-Place Concrete, Round* 6.3 3.0 

*Partial Penetration (80%) of Aquitard 

The results of the UNO model pile tests are 
presented in Table 1.  Figure 2 contains a 
graphical presentation of the Relative Flow 
data, and Figure 3 illustrates the Relative 
Breakthrough Time data.  These figures were 
taken from Satyamurthy, et.al., (2008). 

Figure 1.  Schematic of the model test chamber 
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Figure 2.  Relative Water flows from center ring 

Figure 3.  Relative breakthrough times (brine) 
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3.1 Fully-penetrating piles 

The UNO tests were basically a form of fixed-
wall permeability test.  Variability is a charac-
teristic of such tests.  However, some trends are 
apparent from Table 1 and Figures 2 and 3.  The 
untreated wood pile, although having the same 
geometry as the treated wood pile, exhibited 
over an order of magnitude more flow.  This 
confirms the “Wicking” mechanism and the 
similar results of Hayman, et.al. (1993).  The 
round driven piles made of low-permeability 
materials all exhibited minor increases in flow, 
less than ½ order of magnitude.  The square 
precast concrete pile showed over 4 times the 
relative flow of the round precast concrete pile.  
The steel “H” pile, not a displacement-type pile, 
had a relative flow increase exceeding 1 order 
of magnitude.  The cast-in-place round concrete 
pile showed a high relative flow, over 1 order of 
magnitude.

The Relative Breakthrough Time results on 
Figure 3 tended to reflect the Relative Flow 
results on Figure 2.  That is, those tests with low 
relative flows also had longer breakthrough 
times.

The round cast-in-place concrete model pile 
did not perform as well as the comparable 
driven piles.  Yet, boreholes and groundwater 
monitoring wells at contaminated sites are 
successfully sealed by cement slurry grouting, a 
process similar to concreting cast-in-place piles.  
The resolution may lie in the different fluid 
pressures developed by the wet concrete.  The 
fluid pressure of the concrete in the test piles 
(0.3 meters long) is roughly 6kPa at the base.  
For a 20-meter deep drilled pile in the field, the 
fluid pressure at the base becomes about 240 
kPa.  Intuitively, one would expect a better seal 
in the field than in the low-pressure model test 
situation.

3.2 Partially-penetrating piles 

As expected, partial penetration of the aquitard 
reduced the relative flow.  However, this was 
not observed in the tests with square precast 
concrete model piles, probably due to a testing 
anomaly.  Flow from partially penetrating piles 
was analysed by radially symmetric FEM 
modeling in Satyamurthy, et.al. (2008).  Vari-

ous ratios of pile permeability to clay perme-
ability were checked, as well as various per-
centages of aquitard penetration.  Even with a 
pile permeability 100 times that of the aquitard, 
the relative flow increased by a factor of less 
than 2 at a pile penetration of 95% of the 
aquifer thickness.  Hence, while leaving a 
relatively thin intact clay below the pile tips is 
effective at reducing contaminant flow, it is not 
much more so than normal conduit sealing by 
lateral pressure.  The pile capacity, however, 
can easily drop to ½ or less of a pile driven to 
firm end-bearing in the aquifer. 

3.3 Open-Ended Piles 

Steel pipe piles are occasionally driven open-
ended, that is, without a bottom plate.  Large 
precast concrete piles are often made with 
hollow centers to save weight.  These configu-
rations could lead to concerns that they would 
produce lesser radial expansion.  However, soil 
entering the open space has downwards friction 
against the internal walls of the pile, plus 
upwards force from end-bearing at the tip.  As a 
result, a relatively immobile internal soil plug 
develops after a penetration of about 8 to 10 pile 
internal diameters.  Further driving in a uniform 
soil behaves as though the pile tip were plugged 
and full cavity expansion/sealing pressures 
develop.  In a clay whose strength increases 
with depth, this phenomenon continues; the 
internal plug just gets longer.  It is possible that 
some or all of the contaminated soil becomes 
encased within the pile and held there by the 
increasing plug length as the pile penetrates 
stronger clays.  In this case, neither Direct 
Transfer nor Conduit Formation would act. 

4.  IMPLICATIONS FOR PRACTICE 

Both theory and the model tests lead to the same 
implications for achieving environmentally 
protective foundation piles on contaminated 
sites.  First, the piles must be made of environ-
mentally clean materials of low permeability, 
i.e., wooden piles (of the common types) can be 
a problem for wicking or contaminated pile 
material and should be avoided.  Driven piles 
should be displacement-type round or nearly 
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round piles, such as steel pipe or precast con-
crete.  The latter should be round or octagonal 
in cross-section, not square.  The “H” pile test 
results suggest that proper interface sealing does 
not develop for non-displacement piles, and the 
somewhat high flow for the square pile indi-
cates that stress concentrations at the corners 
may interfere with sealing. 

Drilled piles should have temporary casing 
through the contaminated zone to avoid seepage 
of chemicals into the excavation.  Most likely, 
when the concrete fluid pressure approaches 
some as-yet unknown value, drilled piles will 
seal adequately.  No recommendations can yet 
be made for augercast piles. 

Overall, the simple recommendations given 
above preclude the necessity for the expensive 
special measures sometimes suggested out of 
excessive caution. 
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1. INTRODUCTION 

Soft clays are generally categorised as problem-
atic soils due to their poor bearing capacity and 
susceptibility to excessive settlements. They are 
often ignored in favour of sites with better 
quality soils for reduced technical difficulties 
and project costs (Pinto and da V. Oliveira 
2003).

Apart from the limited strength and high 
compressibility, Christoulas et al (1987) in-
cluded poor permeability as a typical character-
istic of sost soils like clay. Others have de-
scribed the soils as being normally consolidated 
or slightly over-consolidated and subject to 
maximum overburden pressure of 100-150 kPa 
(Hight et al 1987), as well as containing organic 
and organominerals with poor litification 
(Amaryan 1993). 

To make construction possible on these 
soils, an effective method is ground improve-
ment with cement stabilisation. Dry cement 
powder is added and thoroughly mixed with the 
soil to form a composite of better strength and 
reduced compressibility. Chan (2007), Kita-
zume (2005) and Feng (2002), for instance,  
have conducted compressibility studies on 
cement-stabilised clays with emphasis on 
various aspects.

1-D compression test with an oedometer is 
widely used to examine the improved com-
pressibility of stabilised clays. However the test 
is rather time-consuming with possible com-
pounding experimental errors, especially in the 
monitoring of settlements pre-yield (Chan 
2006).

The electrical resistivity method, on the 
other hand, offers a non-destructive means of 
assessing the improved characteristics of stabi-
lised soils (e.g. Chan 2008, Tamura et al. 2002 
and Staab et al. 2004). The non-destructive test 
was reported to produce reliable data in a time 
and cost saving manner. By establishing the 
correlation between 1-D compressibility and 
resistivity, the non-destructive test can be used 
for monitoring the improved stiffness of stabi-
lised soils. This study explored the relationship 
between these two parameters for a cement-
treated Malaysian soft clay. 

2. MATERIALS AND METHODOLOGY 

2.1. Materials

The clay used was retrieved from the 
RECESS’s test site located in the southern 
region of Peninsular Malaysia. It was character-
ised as a marine clay and the properties are 

ABSTRACT: Soft clays with low strength and high compressibility can be pre-treated prior to construction with
cement stabilisation, where dry cement powder is mixed with the clay to form a stronger and stiffer soil matrix. 
This study was conducted to examine the compressibility of a cement-stabilised Malaysian soft clay, in conjunc-
tion with the electrical resistivity method. The clay was first thoroughly mixed with small quantities of cement, 
formed into standard oedometer specimens and cured for 7 days. Next the resistivity of the specimens were 
measured before they were subjected to the oedometer test. Results showed that resistivity measurements can be 
potentially used to monitor the improved compressibility of cement-stabilised clay. 

Compressibility study of cement-stabilised clay using the electrical
resistivity method 

C-M Chan 
Research Centre for Soft Soils (RECESS), Faculty of Civil and Environmental Engineering,
Universiti Tun Hussein Onn Malaysia. 
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given in Table 1. The clay was remoulded at its 
natural water content before being formed into 
test specimens. 
Table 1.  Properties of clay (Chan 2006) 

Average water content 74 % 

Bulk density 1.36 Mg/m3

Specific gravity, Gs 2.66 

Liquid limit, LL 77 % 

Plastic limit, PL 31 % 

Plasticity Index, PI 46 % 

Clay fraction  28 % 

Activity 1.64 

Ordinary Portland cement was used as the 
stabilising agent. Dosages of 0-20 % cement, by 
dry weight of the soil, were added to the wet 
clay and mixed using a mechanical mixer. The 
argument for the small dosages put forward by 
Feng (2002) was that stabilised soils may be 
overly-designed to cater for bearing capacity 
when only small amounts of cement were 
needed to keep the settlements within the 
acceptable range, Less cement also means 
reduced costs, a prospect favourable to all 
parties involved in a construction aproject.

2.2. Methodology

The wet clay was first hand-mixed with cement 
before using a mechanical mixer for further 
mixing to form a uniform mixture. The mixture 
was next pressed into a standard oedometer ring 
measuring 75 mm diameter and 20 mm high. 
The specimen was then carefully trimmed on 
both ends to ensure flat contact surfaces during 
the compression test. 

The specimens were cured for a week on the 
raised platform in a tighly sealed plastic bucket 
partially filled with a weak bleach solution. The 
bleach was mainly to prevent fungal growth on 
the specimens. 

Upon curing, the specimens were first sub-
jected to the electrical resistivity test. The 
electrical resistivity (ρ) is computed based on 
Ohm’s law, with the asumption that the electric 
field is one dimensional. Apparent electrical 

resistivity for the Wenner array is calculated 
with:

(1)

where V and I are the measured voltage and 
current respectively, while a is the electrode 
spacing (Staab et al 2004).

As the specimens were assumed homoge-
nous within the depth of investigation of the 
resistivity probe for this study, a was assumed 
to equal . Loke (2001) reported that the 
resistivity of wet soils is lower than sandy soils, 
an observation relevant to the work considering 
that cement-stabilised clay specimens were 
dryer and most possibly consisted of lumps of 
clay-cement comparable to ‘granular materials’ 
like sand.

After the resistivity measurement, the 
specimens were put through the 1-D compres-
sion test. The test procedure was as prescribed 
in Part 5 of BS 1377 (1990), with special care 
taken to ensure that both ends of the specimen 
were as flat as possible to minimize bedding 
error in the compression test (see 2.1). 

3.   RESULTS AND DISCUSSIONS 

3.1. Compressibility

Compression curves of all the specimens are 
shown in Figure 1. The addition of cement can 
be seen to significantly reduce settlements at 
every loading stage. However the specimen 
with 20 % cement was apparently far from 
attaining its yield stress (σy’) and was clearly in 
an overconsolidated condition. Also, the negli-
gible settlement endured at maximum 400 kPa 
suggest that 20 % of cement could improve the 
clay’s stiffness by as much as 85 %. The overly 
consolidated condition of the specimen made it 
impossible to objectively determine the com-
pression index (Cc) and yield stress (σy’),
explaining the seemingly off-positioned data 
points in the respective plots. 

Comparing the curves of specimens with 5, 
10 and 15 % cement content, the reduced final 
settlements were found to to be proportionate to 
the cement contents, i.e. approximately 0.65 

a
I
V

a πρ 4=
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mm for every extra 5 % of cement addition, 
equivalent to 3.25 % settlement. The com-
pressibility was improved by about 10 times 
based on the recorded final settlement of the 
unstabilised clay specimen. 

The compression and swelling indexes (i.e. 
Cc and Cs respectively) were plotted against 
cement content in Figure 2. Both the Cc and Cs
values dipped with increased cement addition in 
the clay (excluding the 20 % cement specimen 
whose Cc could not be identified with confi-
dence), pointing that settlement and swelling 
were markedly reduced with cement stabilisa-
tion.

Note that the swelling pattern for all stabi-
lised specimens was almost parallel to that of 
the 0 % cement specimen, suggesting that post-
yield, where most of the cement bonds were 
broken, the stabilised material reverted to the 
unstabilised clay’s compressional behaviour. 
Nevertheless the plastic strain incurred did 
reduce with increased cement content. 

Figure 4. R and σy’ – cement content. 
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The Cc - Cs plot in Figure 3 shows that the 
two parameters are linearly related to one 
another, where Cc is 9.26 times that of Cs. The 
ratio suggests that most of the strain in the 
vertical displacement was of plastic and irre-
versible nature. 

In Figure 4, the yield stress (σy’) can be seen 
to improve by about 3 times between the unsta-
bilised and 15 % cement-stabilised specimens. 
The improvement was due to cementation 
bonding the clay particles, providing higher 
resistance against application of stresses.

3.2. Resistivity

In the combined plot of σy’ and resistivity 
(R) against cement content in Figure 5, the R 
values clearly show a trend similar to that of the 
failure stress with cement content, where both 
display an upward pattern. This goes on to 
suggest that there could be a close relationship 
between the two parameters as discussed in the 
following section. 

3.3. Compressibility - Resistivity
Figure 6 shows σy’ versus R, and the data 

points were well fitted with an exponential 
regression line, i.e. σy' = 9.3134e0.0066R. The 
correlation was apparent despite the sparse data 
available. With the establishment of this chart, it 
is possible to estimate the yield stress of the 
cement-stabilised clay without having to con-
duct a time-taxing oedometer test. 

4.   CONCLUSIONS 
The compressibility bahaviour, electrical 
resistivity pattern and compressibility - resistiv-
ity relationship were explored in this study. 
Resistivity was found to display potential as a 
monitoring tool of the improved compressibility 
of stabilised soils. However it is necessary to 
perform more thorough tests to confirm the 
correlation between the two parameters. Effort 
should also be directed towards close monitor-
ing of the compressibility bahavious of stabi-
lised soils using the non-destructive resistivity 
method.
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1. INTRODUCTION

The construction of structures on areas with soft 
and incapable soils necessitates the improve-
ment of the soil conditions for decreasing 
settlement and disaster. The application of using 
electroosmosis to improve the soil was demon-
strated by Casagrande (1952). Since then, the 
process has been applied to the ground im-
provement in some areas (Casagrande et al., 
1961; Bjerrum et al., 1967; Fetzer, 1967; Lo and 
Ho, 1991).

To enhance the effect of electroosmotic 
improvement, the injection of chemical 
solutions into soil during electroosmosis was 
adopted, which makes use of interaction 
between the chemical solutions and soil 
particles, such as cation exchange, water 
adsorption, and particle cementation, under the 
influence of electric field (Gray, 1970; Katti, 
1967; Srinivasaraghavan, 1994; Ozkan, 1999; 
Lefebvre and Burnotte, 2002; Alshawabkeh and 
Sheahan, 2003; Chien, 2003; Mohamedelhassan 
and Shang, 2003; Burnotte, Lefebvre, and 
Grondin, 2004; Paczkowska, 2005). It is found 
from the literatures that injection of solutions 
during electroosmosis was effectively to 
enhance the effect of electroosmosis. However, 
the increase of strength is quite limited by using 
injection during electroosmosis. The 

improvement area is also limited, mostly 
occurring in the near anode or cathode region. 
Since the increase of undrained shear strength 
was not enough by using electroosmosis with 
injection of chemical solutions, the cementation 
between clay particles should be forced to occur 
during electroosmosis. Hence, the appropriate 
chemicals solutions and injection procedure still 
have to be found to increase effect of soil 
improvement.

This paper presents the development of soil 
improvement methods, based on electroosmosis 
with the injection of chemical solutions. 
Different chemical solutions were used as the 
injection material during electroosmosis to 
increase the effect of treatment and to expect 
occurrence of chemical reaction between 
chemical and soil particles.

2. EXPERIMENTAL CELL 

The schematic diagram of this experimental 
apparatus is depicted in Fig. 1.The electroosmo-
tic cell used was made up of 280 mm in diame-
ter and 330 mm in height plexiglas tube, 
bounded by a top and bottom plexiglas plate 
(Fig. 1). Plexiglas was used because of its 
electrical and hydraulic impermeability. The 
loads were applied through a loading rod placed 
on top of the soil by using room connected to a 

ABSTRACT: The objective of this paper is to study soil improvement using the electroosmosis with injection of
chemical solutions for decreasing settlement and disaster in urban underground construction. A series of labora-
tory tests using the developed experimental cell were performed. Results of tests indicated that very stiff piles, 
approximately 5-6 cm, surrounding the anode, were formed with the injection of calcium chloride solutions first 
and then sodium silicate solutions during electroosmosis. The stiff piles were mainly due to pozzolonic reac-
tions, leading to the cementation between two chemical solutions and soil particles. Results of vane shear tests 
showed that the undrained shear strength of soil after treatment was increased by an average of approximately 
195% except for the area of stiff piles. 

Soil Improvement using eleectroosmosis with injection of chemical
solutions in urban underground construction 
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compressor through a special regulator valve. 
The top plate was bored with holes for connect-
ing drained tubes and 200 mm apart, at the top 
was provided for electrodes installation. On the 
bottom plate was laid out with monitor instru-
ments and drained tubes. Both electrodes were 
connected to a DC power supply device. Drain-
age could be controlled through drained tubes at 
both ends of the cell during consolidated stage. 
Tubular stainless steel pipes were used as 
electrodes, with the holes drilled along surface 
of the pipe to inject (the anode) and drain (the 
cathode) during electroosmotic stages. Several 
O-rings were fastened onto both ends of the cell 
to house electrodes, and porous disks. 

Figure 1. Schematic configuration of the electroos-
motic cell. 

3. DESCRIPTION OF SOIL SPECIMEN 

The soil used in this study was the Taipei silty 
clay. The soil was ground into soil powder, 
which then passed through 40 sieve to make 
remolded samples. The reconstituted sample 
was prepared by applying a consolidation 
pressure to the remolded sample. The remolded 
sample was made by adding a sufficient amount 
of distilled deionized water to the soil powder 
until its water content was 1.5 times greater than 
its liquid limit. The remolded sample was then 

thoroughly mixed in a mechanical mixer and 
transferred in layers into the testing container. 
The reconstitution pressure of 100 kPa was 
used.

4. TEST PROCEDURE 

A total of 8 electroosmotic tests were 
performed. First, the soil sample was subjected 
to 100 kPa vertical pressures until it reached 
90% degree of consolidation by observing 
porewater pressure. Secondly, the effect of 
electroosmotic treatment with the injection of 
chemical solution was investigated by applying 
direct current using the voltage gradients of 50 
V/m under the vertical pressure of 100 kPa. The 
soils were treated by injecting chemical 
solutions at the anode and drained from the 
cathode during electroosmosis. After 
completion of injection, the electroosmosis was 
still processed until finish of treatment time. 
During treatment, the settlement was monitored 
and the drained water was observed at the 
cathode. The soil properties, at different 
locations of the test specimen, as indicated in 
Fig. 2, were determined before and after the 
electroosmotic with injection test.

Figure. 2 Plan view and profile of laboratory vane 
shear tests. 

Table 1 shows the type of chemical 
solutions, injection time, and treatment time for 
each test. For description, the symbol “EO”
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Table 1. Summary of electroosmotic test. symbol “EO7_C1hr” denotes injection of 
calcium chloride solution for one hour under 

denotes pure electroosmosis. For example, 
“EO1” denotes pure electroosmosis for a period 
of 1 day. The symbol “EO7” denotes 
pureelectroosmosis for a period of 7 day. The 
electroosmosis, and then pure electroosmosis 
(without injection) until day 7. The symbol 
“EO7_C2_N2” denotes injection of calcium 
chloride in days 1 and 2 and following injection 
of sodium silicate in days 3 and 4 under 
electroosmosis, and then pure electroosmosis 
until day 7. 

5. IMPROVEMENT RESULTS 

5.1. Effect of chemical type 

Three types of chemical solutions were used 
during treatment in this series of study, 
including CaCl2 (EO1_C1hr), KCl (EO1_K1hr), 
and NaCl (EO1_A1hr). For comparison, the test 
EO1 was also performed. The undrained shear 
strength after treatment for each test was 
determined by laboratory vane shear test. Fig. 3 
shows the test results for samples of EO1, 
EO1_C1hr, EO1_K1hr, and EO1_A1hr with 
regard to the distance from the anode, 0.05 m, 
0.1 m, and 0.15 m. It can be seen from the 

figure that the undrained shear strength of the 
soil using the electroosmotic test with the 
injection was better than that of electroosmosis 
without injection. The effect of improvement 
for the CaCl2 solution was larger than those of 
the KCl and NaCl solution. Fig. 3 also shows 
that for either pure electroosmosis or 
electroosmosis with injection tests, the soil near 
the anode, e.g., at the distance of 0.05 m from it, 
has the best improvement result. Such 
improvement result decreased with the increase 
of distance from the anode. For example, the 
soil at the distance of 0.1 m and 0.15 m 
improved little in strength for all tests. This may 
be due to the reasons that one day treatment for 
electroosmosis-chemical injection tests is not 
enough to reach a satisfactory improvement 
result.

5.2. Effect of different injection time 

Because the effect of improvement by injecting 
the calcium chloride solution during 
electroosmotic tests was obvious, the calcium 
chloride solution was adopted as an injection 
solution for further study. As listed in Table 1, 
the injection time for tests of EO7_C1hr and 
EO7_C7 was separately one hour and 7 days 

type of chemical solutions 
(ml)

Injection time 
(day)

Test No. 

NaCl
(a)

KCl
(a)

CaCl2
(a)

Na2SiO3
(b) NaCl KCl CaCl2 Na2SiO3

Treatment
time
(day)

Drained
water from 
the cathode 

(ml)
(c)

Drained water 
from the soil 

(ml)
(c)-(a)-(b)
or (c)-(a) 

EO --- --- --- --- --- --- --- --- 1 65 65 

EO1_A1hr 40 --- --- --- 1/24 --- --- --- 1 128 88 

EO1_K1hr --- 40 --- --- --- 1/24 --- --- 1 153 113 

EO1_C1hr --- --- 40 --- --- --- 1/24 --- 1 170 130 

EO7 --- --- --- --- --- --- --- --- 7 523 523 

EO7_C1hr --- --- 40 --- --- --- 1/24 --- 7 683 643 

EO7_C7 --- --- 2000 --- --- --- 7 --- 7 2300 300 

EO7_C2_N2 --- --- 400 400 --- --- 2 2 7 1637 837 
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and their injection volume was separately 40 
and 2000 ml. 

Fig. 4 shows the test results for tests of EO7, 
EO7_C1hr, and EO7_C7 with regard to the 
distance from the anode, 0.05 m, 0.1 m, and 
0.15 m. It can be seen from the figure that the 
improved strength of the soil for test EO7_C1hr 
was better than those of tests EO7 and EO7_C7. 
The amounts of drained water from the cathode 
and settlement-time relations are shown in Figs. 
5 and 6 for these tests, respectively. 

The test EO7_C7 was kept to inject the 
calcium chloride solution until the end of 
electroosmotic test. The amount of injection 
was mostly equal to drained water from the 
cathode as shown in Table 1. It can be also seen 
from Fig. 5 that the increasing rate of drained 
water was not reduced throughout the 
electroosmotic test. The 4.3 mm settlement, 
which was relatively small, was measured as 
shown in Fig. 6. The increase of undrained 
shear strength was little, as shown in Fig. 4. 
These test results indicate that constantly 
injecting the calcium chloride solution to 
throughout the test will cause little effect for 
soil improvement. 

Fig. 4 shows that the improved strength of 
the soil for test EO7_C1hr was larger than those 
of other tests. Table 1 also indicates that the 
amount of drained water from the soil of test 
EO7_C1hr (643 ml) was about 1.2 times than 
that of test EO7 (523 ml). As shown in Fig. 6, 
the 6.1 mm settlement for test EO7 and 7.3 mm 
settlement for test EO7_C1hr were measured. 
Moreover, test EO7 requires 5 days to achieve 
zero drain whereas test EO7_C1hr only 3 days 
to achieve zero drain as shown in Fig. 5. Fig. 6 
also indicates that the settlement after 5 days 
and 3 days of test for EO7 and EO7_C1hr 
achieve stable. Test EO7_C1hr certainly 
achieved larger drained water, shorter treatment 
time, and higher shear strength, compared with 
test EO7. Therefore, it can be inferred from the 
above test results that pure electroosmosis is 
required after injection of chemical solutions. 
However, we can see from the Fig. 4 that the 
improved area was still limited to the anode and 
the improved strength was also not enough. 

5.3. Effect of calcium chloride and sodium 
silicate

In this series of study, the calcium chloride 
solution was injected first, then following the 
injection of the sodium silicate solution. The 
test procedure was denoted as EO7_C2_N2. 

The test result indicates that very stiff piles, 
approximately diameter of 6 cm, surrounding 
the anode were found, as shown in Fig. 7. Fig. 8 
shows the test results for test of EO7_C2_N2 
with regard to the distance from the anode, 0.05 
m, 0.1 m, and 0.15 m. It can be seen from the 
figure that the strength of the soil using the 
electroosmotic test with the injection of the 
calcium chloride solution, following by the 
injection of sodium silicate solution, was larger 
than those of the only injection of calcium 
chloride solution during electroosmosis 
(EO7_C1hr). The average increase of undrained 
shear strength of the test EO7_C2_N2 was 
about 195% except for the area of stiff piles. 
The improvement area was also expanded to the 
cathode. Table 1 also indicates that the amount 
of drained water from the soil of test 
EO7_C2_N2 (837 ml) was about 1.3 times than 
that of test EO7_C1hr (643 ml). Fig. 9 shows 
the amount of drained water reached the zero 
drain condition after 6 days for test 
EO7_C2_N2. Fig. 10 also indicates that the 
settlement curve becoming stable for test 
EO7_C2_N2 was after 6 days. The 10.8 mm 
settlement was measured for test EO7_C2_N2 
about 1.5 than that of test EO7_C1hr (7.2 mm). 

Figure. 3 Variation of undrained shear strength with 
distance for different chemical solutions. 
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Figure. 4 Variation of undrained shear strength with 
distance for the CaCl2 solution for different injection 
time.

Figure. 5 Variation of electroosmotic water transport 
with time for the CaCl2 solution for different injec-
tion time. 

Figure. 6 Variation of settlement with time for the 
CaCl2 solution for different injection time. 

Figure. 7 A pile, approximately 5-6 cm diameter, was 
formed near the anode due to cementation between 
calcium chloride and sodium silicate solutions. 

Figure. 8 Variation of undrained shear strength with 
distance.

Fig. 9 Variation of electroosmotic water transported 
with time. 
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Figure. 10 Relationship of settlement and time. 

6. DISCUSSION

When calcium ions and silicates are injected 
into the soils, in addition to the effects of pure 
electroosmosis, the increase of cations in the 
soil due to injection of calcium ions and 
silicates will result in the increase of the electric 
conductivity, which causes more adsorbed 
water, along with the cations, to migrate the 
cathode, leading to increase of amount of 
drained water and undrained shear strength. 
Moreover, the two stabilization mechanisms- 
ion exchanges and pozzolonic reactions are also 
responsible for strength increases due to 
injection during electroosmosis. The ion 
exchanges of calcium ions in surface of soil 
particles lead to flocculation and coagulation of 
soil particles into larger colloids (Diamond and 
Kinter, 1965). The pozzolonic reaction, 
resulting from a chemical reaction between 
calcium and silicates or aluminates, leads to the 
formation of cementing agents, consisting of 
calcium silicate hydrate and calcium aluminate 
hydrate (Diamond and Kinter, 1965). The first 
process is relatively fast but provides a minor 
stabilization effect. The second process, i.e., 
cementation, causes the clay particles to bind 
together and hence there is an increase in the 
particle size of the clay particles. Soils may be 
strengthened by bonding with cementing agent 
(Calcium silicate hydrate and Calcium 
aluminate hydrate. Hence, very stiff piles with 

diameter of 5-6 cm, surrounding the anode, will 
be formed for test EO7_C2_N2. Moreover, the 
region of improvement (from anode to cathode) 
can be effectively extended to the cathode by 
using increase of injection time for calcium 
chloride solution and sodium silicate solution 
from 1 hr to 2 day. 

7. DISCUSSION

A series of laboratory tests for strengthening of 
the soft silty clay using the electroosmotic 
injection were performed to assess the 
effectiveness of treatment. In this study, the 
calcium chloride solution was injected, and then 
followed by the sodium silicate solution during 
electroosmotic treatment, which causes 
cementation between soil particles under 
electric field. The undrained shear strength of 
the soil was increased significantly. Besides, the 
following conclusions may be drawn: 

1. Two stabilization mechanisms- ion 
exchanges and pozzolonic reactions are 
responsible for strength increases owing to 
injection of calcium chloride solution and 
sodium silicate solution during electroosmosis. 
The ion exchanges of calcium ions in surface of 
soil particles lead to flocculation and 
coagulation of soil particles into larger colloids. 
The pozzolonic reaction, resulting from a 
chemical reaction between calcium and silicates 
or aluminates, leads to the formation of 
cementing agents, consisting of calcium silicate 
hydrate and calcium aluminate hydrate. Hence, 
very stiff piles, with diameter of 5-6 cm, were 
formed near anodes due to the effect of 
cementation between the two chemical solutions 
and soil particles under the electric field. Except 
areas of stiff piles, the average undrained shear 
strength was increased by 195 % and the 
improvement area can also be expanded to the 
cathode for a treatment period of 7 days with a 
voltage gradient of 50 V/m 

2. The electroosmotic time can be certainly 
shortened, the region of improvement can be 
effectively extended to the cathode, and the 
amount of drained water from the cathode be 
increased by injecting specific volumes of 
calcium chloride solution and sodium silicate 
solution during electroosmosis and then pure 
electroosmosis after injection, leading to 
increase of efficiency of electroosmosis. 

630



However, if the calcium chloride solution was 
injected continuously until the end of 
electroosmotic test, the strength of soil would 
not be increased.Units of measurement, 
properly abbreviated and bracketed, should be 
placed at the top of columns or in side headings 
rather than in the body of the table. 
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1. INTRODUCTION

The top most soil layers found in all areas of 
Northeastern part of Thailand were mainly loess 
or wind-deposited soil (Fig.1). From geological 
characteristics, loess is known as one of the 
major problematic soils because of its collapse, 
loss in strength and sudden decrease in volume 
of voids. The loess deposits in Thailand can be 
classified into two colors, red loess and yellow 
loess (Phien-wej et al. 1992). Lithologically and 
mineralogically of these two units are similar 
but difference only in oxidation states. The 
thickness of loess layer found in Thailand 
ranges from a few meters to about 6 m. Thick 
loess deposits are found in high elevation areas 
including Khon Kaen, which is one of the 
biggest economic centers of the Northeastern. 
The soil was firstly considered as a good 
bearing layer but it was found later that wetting 
of the soil by small amount of water has caused 
the severe settlement of foundation and damage 
of the structures (Udomchoke, 1991 and 
Gasaluck and Veerasiri, 2002). In this study, 
properties of natural and improved Khon Kaen 
loess are presented. The strength characteristic 
of improved loess by emulsified asphalt are 
primarily reported. Since the loess was found in 
abundance, this research was focused on the 
potential of improved loess to be used as a 

highway base coarse or as a construction 
material for civil works. A laboratory of 
physical, index and engineering properties of 
natural and improved loess were reported and 
discussed. 

Figure 1. Loess terrain in Khon Kaen city 

2. MATERIAL DESCRIPTION 

Basic, index and engineering properties of Khon 
Kaen loess are summarized in Table 1. The soil 
is silty fine sand (SM). The loess consists of 
65% sand, 30% silt and 5% clay. Udomchoke 
(1991) studied the microstructure of this soil 

ABSTRACT: The purpose of this study is to evaluate the compressive and tensile strengths of improved Khon 
Kaen loess by emulsified asphalt (EMA). The improved unit can be used as a highway base coarse. The stabi-
lized loess samples were tested by unconfined compression, indirect tensile, and CBR tests. The improved 
capacities are extensively reported. Based on the highway standard of Thailand, the base coarse must have a 
CBR value greater than 80%. It is found from the study that stabilized loess by adding 4.5% of EMA can provide 
a strength equivalently to crush rock.

The Capacity of Improved Loess by Emulsified Asphalt as a High-
way Base Coarse

W. Gasaluck, P. Punrattanasin, S. Houngjing 
Department of Civil Engineering, Khon Kaen University, Khon Kaen, 40002 Thailand 
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and found that Khon Kaen loess consists of 
well-sorted fine sand grains but poorly sorted 
silt and clay particles. Sand grains have smooth, 
sub-rounded surfaces indicating eolian origin. 
The oedometer test is used for the determination 
of the consolidation characteristics of soil. From 
the tests it was found that the compression 
index of undisturbed loess is 0.0135 with 
maximum past pressure of 1334 kPa. Soil 
samples

Table 1. Basic and engineering properties of Khon 
Kaen loess (after Gasaluck and Punrattanasin, 2003 
and Punrattanasin, 2005).

Properties Khon
Kaen loess 

Soil classification (USCS) SM 
Specific gravity 2.60 
Natural dry unit weight (kN/m3) 15.3 
Natural water content (%) 5 – 12 
Liquid limit (%) 16.0 
Plastic limit (%) 13.0 
Plasticity index (%) 3.0 
Optimum moisture content (%) 10.0 
Maximum dry unit weight (kN/m3) 21.1 
Coefficient of permeability (cm/s) 2.80 x 10-6

The emulsified asphalt (EMA) was selected as a 
potential additive to mix with the loess. The 
asphalt used was cationic asphalt emulsion type 
css-1h which is the slow-setting type with the 
maximum mixing stability and low viscosity. 
Table 2 shows properties of this asphalt. To mix 
with an additive, oven-dried soil was prepared 
in laboratory. Soil samples were collected from 
the local site in Khon Kaen University. Table 3 
summarizes the percentage of water content and 
percentage of additive that provide the maxi-
mum dry density of loess in modified Proctor 
test. Various water contents starting from 0% to 
about 8% were used in the mixed design. The 
average optimum moisture content (OMC) of 
about 7% and an average maximum dry density 
of 2.16 t/m3 were found for all samples. Figure 
2 shows the relationship between amount of 
water and percentage of additive used in the 
mixed design. 

Table 2. The properties of cationic asphalt emulsion 
type css-1h. 

SpecificationProperty Unit 
Min Max 

Result

Vicossity
at 25° C sec 20 100 34 

Storage
stability 24 
Hrs.

% wt. - 1 0.6 

Settlement
after 5 days % wt. -  3.6 

Sieve test % wt. -  0.01 
Particle
charge test - Positive 

Cement
mixing % wt. - 2 0.1 

Residue by 
distillation % wt. 57 - 63.1 

Oil distillate %
vol. - - 0.0 

Penetration
25° C, 100 
g, 5 sec 

0.1
mm 40 90 78 

Ductility 25°
C, 5 cm/min cm 40 - >150

Solubility in 
trichloroethy
lena

% 97.5 - 99.59 

Table 3. The results of compaction test with various 
water contents and emulsified asphalts. 

w EA OMC Max. Dry Density 

(%) (%) (%) (t/m3)

0 7.3 6.5 2.16 

1 6.4 6.7 2.14 

3 4.4 7.2 2.13 

5 2.2 6.9 2.14 

7 0.5 7 2.13 

7.8 0 7.8 2.12 
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Figure 2. The relationship between amount of water 
and percentage of additive used in the mixed design. 

3. DETAILS OF TEST 

Loess samples with various additive contents 
were compacted by modified proctor compac-
tion method. Figure 3 shows the Harvard 
Miniature Apparatus used in the compaction 
processes. The samples were then tested in 
laboratory to evaluate the compressive and 
tensile capacities. Unconfined compression test 
was selected as a method to find the compres-
sive strength and indirect tensile test, IDT, was 
selected and used to test the tensile capacity. 
California Bearing Ratio (CBR) test was also 
performed to evaluate the suitability of im-
proved loess by emulsified asphalt as well. The 
CBR test procedures were based on the 
AASHTO T193 standard. Table 4 tabulated the 
details of test. 

Figure 3. Harvard Miniature Apparatus

Table 4. Details of test 

Type of sample Method of test 

Natural loess (dry) Unconfined compres-
sion test 

Loess at natural water 
content

Unconfined compres-
sion test 

Improved loess Unconfined compres-
sion test 

Improved loess Indirect tensile test 

Improved loess California Bearing 
Ratio Test (CBR) 

4. RESULTS AND DISCUSSIONS 

4.1 Strength of natural loess 

From unconfined compression tests of loess at 
dry stage, it was found that an average uncon-
fined compressive strength, qu of 924 kPa was 
found from the stress-strain curve in Fig. 4. The 
stress-strain curve in Fig. 5 indicated an average 
strength of 120 kPa for the loess at a water 
content of 10%. It is clearly from the results that 
an extra water content can cause and effect to 
the strength of the natural loess. About 10 times 
of reduction in strength was investigated.

Figure 4. Stress-strain curve of loess at dry stage. 

4.2 Compressive and tensile capacities of 
improved loess 

Results from unconfined compression test 
and indirect tensile test of stabilized loess are 
shown in Table 5. It can be interpreted from the 
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results that no significance in reduction of 
tensile strength, σT was found when the EA 
values have been increasingly. An average 
tensile strength of 1.8 ksc was found. For 
compressive strength of improved loess, the 
reduction of capacity was found when the 
higher amount of emulsified asphalts was 
added. Figure 6 shows the relationship between 
compressive and tensile strengths of improved 
loess versus the amount of emulsified asphalt, 
EA.

Figure 5. Stress-strain curve of loess at a natural 
water content of 10%. 

Table 5. The compressive and tensile strengths of 
improved loess. 

W EA Dry density 
(t/m3)

σT qu

(%) (%) UC IDT (ksc) (ksc) 
0 7.3 1.78 1.92 0.59 1.03 
1 6.4 1.85 2.01 0.84 1.97 
3 4.4 1.94 2.08 1.29 3.93 
5 2.2 2.03 2.17 1.28 5.53 
7 0.5 2.12 2.24 2.08 7.40 

7.8 0 2.14 2.26 1.71 8.07 

4.3 CBR values

California bearing ratio tests were run based on 
the AASHTO standard and the results show in 
Table 6. The testing results performed with 
varying EA contents were reported. It was 
found in Fig.7 that the maximum CBR value of 
130% was occurred at an EA content of 4.5%. 

Based on the Highway Standard of Thailand, 
the base coarse must have a CBR value greater 
than 80% so that the stabilized loess by adding 
4.5% of EA can properly provide a strength 
equivalent to crush rock. It can be concluded 
that 4.5% of EA is suitable to stabilize the loess 
and the strength is strong enough as a road base 
coarse. The next three series of samples with 
different percentage of admixture and curing 
times were then carried out. The objective of 
test was to observe the effect of curing time to 
the CBR value. The CBR tests were done like in 
the previous series by under two conditions; 
unsoaked and soaked conditions. Figures 8 and 
9 show the results between %CBR and curing 
times of unsoaked and soaked conditions, 
respectively. It was found in Fig. 8 that the CBR 
values were increased after getting longer 
curing times. It was also found in Fig.9 that 
CBR value was decreased by half after soaking. 

Figure 6. The relationship between strength and EA 
of improved loess 

Table 6. % CBR of samples under soaked and 
unsoaked conditions. 

CBR (%) W (%) EA (%) 
Unsoaked Soaked 

0 7.4 120.0 90.0 
1 6.4 100.0 73.3 
3 4.4 130.0 83.3 
5 2.2 112.0 86.7 
7 0.5 86.7 85.3 

7.8 0.0 73.3 58.7 
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Figure 7. The relationship between %CBR and %EA 

Table 7. % CBR of samples under soaked and 
unsoaked conditions at different curing times. 

% admixture % CBR N
o.

Cur-
ing
time

(days)

Water
(%)

EMA un-
soake

d

soa
ked

0 2 7.3 83 89 
3 2 7.3 55 51 
7 2 7.3 223 81 
14 2 7.3 273 57 

1

28 2 7.3 240 47 
0 4 5.5 63 42 
3 4 5.5 55 41 
7 4 5.5 121 54 
14 4 5.5 275 93 

2

28 4 5.5 212 52 
0 6 2.3 85 77 
3 6 2.3 250 109 
7 6 2.3 263 97 
14 6 2.3 265 97 

3

28 6 2.3 282 93 

5. CONCLUSIONS

The characteristics of improved Khon Kaen 
loess by mixing the soil with emulsified asphalt 
have been investigated in laboratory. The results 
of basic, index and engineering properties of 
Khon Kaen loess under various conditions are 
firstly reported. The research primarily focused 
on the capacity of this improved soil under 
various conditions. The unconfined compressive 

strength, tensile capacity and CBR value were 
reported. Since the loess was found in 
abundance, this research was focused on the 
potential of improved loess to be used as a 
highway base coarse or as a construction 
material for civil works. It is found from the 
study that stabilized loess by adding 4.5% of 
EMA can provide strength equivalently to crush 
rock.

Figure 8. The relationship between % CBR and the 
curing time (1) 

Figure 9. The relationship between % CBR and the 
curing time (2) 
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1. INTRODUCTION

In recent years, due to the rapid development of 
urban areas, many public facilities such as the 
mass rapid transit systems and underground 
sewerage systems have been constructed. 
Because of the disruptive effects of the cut-and-
cover method, it is becoming more popular to 
employ the underground tunneling to pass 
beneath heavily trafficked commercial areas.

Ground settlement usually happens with the 
progress of shield tunneling. Possible reasons 
for ground movement to occur are associated 
with the loss of soil due to excavation. Attewell 
et al. (1986) discussed the following types of 
soil volume loss that might happen around a 
shield machine: (1) face loss; (2) shield loss; (3) 
post-shield and pre-grout loss; and (4) post 
grout loss. All these four kinds of soil 
movement will propagate to the ground surface 
in the form of ground subsidence.

This paper studied the rate of ground 
settlement as a result of shield tunneling by 
analyzing the time-settlement data monitored in 
the field. Fang et al. (1993) suggested that the 
time-settlement relationship due to tunneling 
with an Earth-Pressure-Balanced (EPB) shield 
can be modelled by a hyperbolic model. Based 
on 40 sets of field data, the range of the 

parameter a of the hyperbolic model was 
investigated for different kinds of soil 
conditions. The time-settlement relationship 
estimated with the hyperbolic model was 
compared with the field data monitored at lot 
CC277 of the Taipei Rapid Transit Systems. 

2. MAXIMUM SETTLEMENT DUE TO 
SHIELD TUNNELING 

Based on field data, Peck (1969) suggested that 
the surface settlement trough over a single 
tunnel can usually be approximated by the error 
function or normal probability curve as follows: 

−⋅= 2

2

max 2
expS(y)S

i
y ,  (1) 

Where S(y) is the settlement at offset distance y 
from the tunnel centerline, Smax is the maximum 
settlement above tunnel center line, and i is the 
distance from the inflection point of the trough 
to the tunnel centerline. In Peck’s (1969) study, 
no information was provided concerning how to 
evaluate the maximum settlement Smax for the 
error function. 

Based on 94 cases in Japan after 1965, 
Fujita (1982) statistically analyzed the long-
term maximum surface settlements caused by
shield tunneling.

ABSTRACT: This paper studied the rate of ground settlement as a result of shield tunneling by analyzing the 
settlement-time data monitored in the field. A hyperbolic model was proposed to estimate the surface settlement-
time relationship due to shield tunneling. The time-settlement relationship estimated with the model was 
compared with the field data obtained at lot CC277 of the Taipei Rapid Transit Systems (TRTS). Field data 
indicated that during the passage of the first and second tunnels, the settlement measurements obtained were in 
good agreement with the settlement range estimated with the hyperbolic relationship. 
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Table 1. Predicted maximum surface settlement (after Fujita 1982) 

His major findings are summarized in Table 
1. By using this table, the range of Smax can be 
evaluated for different types of shield machines 
driven through different soils, with or without 
additional measures (such as grouting). 

It should be emphasized that all the results 
in Table 1 came from well-performed tunneling 
operations. If the workmanship of the tunneling 
crew is not adequate, the loss of ground may be 
dramatic and catastrophic and the Smax becomes 
unpredictable.

3. HYPERBOLIC TIME-SETTLEMENT 
RELATIONSHIP

Based on field data, Fang et al. (1993) 
suggested that the time-settlement relationship 
due to shield tunneling can be estimated with 
the hyperbolic model as follows: 

bta
t
+

=(t)S   (2) 

where S(t) = surface settlement above the 
tunnel centerline in mm; t = time in days; a and 
b are hyperbolic constants.

Figure 1 (a) shows the time-settlement 
relationship monitored at the Tonnohji-Benten 
Giant Sewer project. Kitamura et al. (1981) 
reported that the tunnel diameter was 6.75 m 
and the tunnel centerline was located at the 
depth of 11.5 m. It is clear in Figure 1 (a) that 
the time-settlement relation can be properly 
described with the hyperbolic model. However, 
how to determine the hyperbolic constants a 
and b remained a problem. Equation (2) can be 
rewritten as: 

abtt +=
(t)S

  (3) 

If the measured data were plotted on a graph 
with t/S(t) as vertical coordinate and t as 
horizontal coordinate, a straight line could be 
determined by linear regression. In Figure 1 (b), 
constant b was the slope of the straight line and 
constant a was the vertical coordinate intercept. 
The hyperbolic constants a and b thus 
determined were indicated in Figure 1 (b) and 
the hyperbolic curve based on the constants was 
illustrated in Figure 1(a). 

3.1. Prediction of Hyperbolic Constant b 

It is also interesting to study how to 
determine the hyperbolic constants a and b 
before excavating the tunnel. For the hyperbolic 
model expressed in equation (2), as time 
approaches infinity, the L’Hopital’s rule could 
be used to determine the ultimate settlement as 
Smax = 1/b.This indicates that the reciprocal of b 
stands for the long-term settlement due to 
tunneling. The long-term surface settlement 
Smax and the hyperbolic constant b can be 
roughly approximated with Table 1 proposed by 
Fujita (1982). 

3.2. Prediction of Hyperbolic Constant a 

The hyperbolic constant a represented the rate 
of ground subsidence during primary 
settlement. A small a value indicated that the 
primary settlement would be completed in a 
relatively short period. 

Predicted settlements and maximum errors (mm) 
Additional
measures

Type
of

soil
Open
shield

Blind
shield

Slurry
shield

EPB
shield

Clay 100±30 40±20 40±20 60±25 
Clay and sand 100±30  90±30 20±10 Not adopted 

Sand  40±25 20±10 
Clay  30±20 Adopted
Sand 40±30 
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(a)

(b)

Figure 1. Determination of hyperbolic constants a 
and b; (a) Relationship between time t and t/s, (b) 
Monitored and calculated time-settlement 
relationship

Many factors associated with construction, such 
as the timing of backfill grouting, and factors 
associated with ground properties, such as the 
rheological characteristics of soil, would 
significantly affect constant a. 

Based on the time-settlement relationship 
reported in 40 cases at different parts of the 
world, Chien (1998) analyzed the range of the 

hyperbolic constant a. In Table 2, the parameter 
a changed with the soil type (clay, soft clay or 
sand), shield type (open, slurry or EPB shield), 
and additional measures (adopted or not 
adopted). For example, if the shield tunnel was 
driven in clay with an EPB shield without any 
additional measure, the parameter a varied from 
0.15 to 0.25 day/mm. If the tunnel was 
excavated with a slurry shield machine, the 
parameter a would change from 0.19 to 0.57 
day/mm.

In a cohesionless soil, if no additional 
measure was adopted, tunneling with an EPB 
shield would induce the parameter a to be 0.05 
to 0.11 day/mm. The tunneling with a slurry 
shield would cause the parameter a to be 0.06 
day/mm. Since a small a value indicated that 
the primary settlement would be completed in a 
relatively short period, it was clear in Table 2 
that the rate of ground settlement due to shield 
tunneling in a cohesionless soil was faster than 
that in a cohesive soil. 

4. COMPARISON OF FIELD DATA WITH 
HYPERBOLIC MODEL 

To justify the applicability of the proposed 
model, the time-settlement data obtained at the 
Taipei Rapid Transit Systems, Chung-ho Line, 
lot CC277 were compared with the hyperbolic 
estimation.

4.1. Introduction of Lot CC277 

To alleviate the traffic problem that has long 
plagued the Taipei metropolitan area, the Taipei 
Rapid Transit Systems network was approved 
by the Taiwanese government in 1986. 
Currently the network spans 76.6 km with 69 
stations and regularly carries 1.15 million 
passenger trips a day.

The Chung-ho Line tunnels were 
construccted in an alluvial Sung-Shan 
fromation of the Taipei basin. In Figure 2, the 
down-track and up-track tunnels were bored 
through clayey soils with low plasticity. The 
ground water table was located at about 2.0 m 
below ground surface. In Figure 3, the EPB 
shield adopted was made in Germany by 
HERRENKNECHT. The shield machine was 
6.19 m-long, had an outer diamater of 6.27 m,
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Table 2. Recommended parameter a for hyperbolic model (day/mm) (after Chien 1998) 

Type of shield machine 
Additional
measures

Type
of

soil
Open
shield

Slurry
shield

EPB
shield

Clay  0.19~0.57 
(4 cases) 

0.15~0.25
(13 cases) 

Soft clay 0.19 
(1 case) 

 0.05~0.09 
(5 cases) 

Not
adopted

Sand  0.06 
(2 cases) 

0.05~0.11
(6 cases) 

Clay 0.73 
(1 case) 

 0.16~0.36 
(2 cases) 

Soft clay 0.11~0.21 
(2 cases) 

Adopted

Sand 0.01~0.33 
(2 cases) 

0.35~0.87
(2 cases) 

 Note : Soft clay means SPT N 4, or marine clay, or sensitive clay 

Figure 2. Geological profile at SM322 Section (after 
Moh & Associates 1998) 

and the shield was thrust in the ground by 20 
hydraulic jacks.

Pre-cast reinforced-concrete segments 
shown in Figure 4 were used for tunnel lining. 
The segmens were 1.0 m-long, 0.25 m-thick, 
has an outer diameter of 6.1 m and an inner 
diameter of 5.6 m. Figure 5 shows the 
completed tunnel was protected by the 
assembled R.C. segments.To minimize the 
ground loss due to tail void closure, backfill 
grouting had been conducted during tunneling. 
In Figure 2, the down-track tunnel was bored 
first and then the up-track tunnel was bored. 

The ACS (Advanced Control System) 
computer-assisted program was used along with 
the ZED laser guiding system to maintain the 
proper alignment during tunneling.

Figure 3. Cutter Disc of the EPB shield for tunneling 

Figure 4. Lining segments to be used for tunnel 
protection
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Figure 5. Tunnel protected by the assembled R.C. 
lining segments 

Figure 6. Completed shield tunnel in the work shaft 

Figure 6 shows the completed shield tunnel in a 
work shaft.

4.2. Settlement due to a Single Tunnel 

To investigate the ground movement due to 
tunneling, an instrumented monitoring section 
was arranged as indicated in Figure 7. Surface 
settlement markers (SM 318 through SM 325) 
were installed in a section transverse to the 
tunnel centerline. It should be noted that the 
surface marker SM322 was located on top of 
the centerline of both the up-track and down-
track tunnels. 

The time-settlement data monitored at 
SM322 as a result of the construction of the 
tunnels were plotted in Figure 8. In Table 2, for 
the tunnel driven with an EPB shield in clay, 
without adopting any additional measure, the 
hyperbolic parameter a varied from alow = 0.15 
day/mm to ahigh = 0.25 day/mm. In Table 1, the 
maximum ground settlement above the tunnel 
centreline Smax changed from 35 mm to 85 mm. 
The corresponding hyperbolic parameter b 
varied from bhigh = 1/35 1/mm to blow = 1/85 
1/mm. By introducing ahigh and bhigh, and alow

and blow into Equation (2), the upper and lower-
bound time-settlement relationships could be 
established as indicated in Figure 8. During the 
passage of the first tube (down-track), the field 
measurements were in good agreement with the 
settlement range estimated with the hyperbolic 
relationship. The measured data fell near the 
lower settlement values estimated with the 
hyperbolic model. This indicated that the 
quality of construction of the down-track tunnel 
was fairly good. 

Figure 7. Location of tunneling and surface marker 
SM 322 

Figure 8. Measured and predicted time-settlement 
relationship at SM 322 
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4.3. Settlement due to Twin Tunnels 

The ground settlement due to the construction 
of the second tube (up-track) was estimated 
with the same procedure as that for the first 
tube. If the interaction of the two tunnels was 
neglected, by the method of superposition, the 
surface settlement due to the second tunnel was 
added to that due to the first tunnel as shown in 
Figure 8. In the figure, during the passage of the 
second tube, the field measurements obtained at 
SM322 were also in good agreement with the 
range estimated with the hyperbolic 
relationships.

5. CONCLUSIONS

Based on the study of this paper regarding the 
time-settlement relation due to shield tunneling, 
the following conclusions were drawn: 

(1) Base on field measurements, it was 
found that the time-settlement relation due to 
shield tunnelling could be properly described 
with a hyperbolic model. 

(2) The hyperbolic constant a represented 
the rate of ground subsidence during primary 
settlement. A small a value indicated that the 
primary settlement would be completed in a 
relatively short period. 

(3) The rate of ground settlement due to 
shield tunneling in a cohesionless soil was 
faster than that in a cohesive soil. 

(4) Field data obtained at lot CC277 of 
TRTS indicated that during the passage of the 
first and second tunnels, the field measurements 
were in good agreement with the settlement 
range estimated with the hyperbolic 
relationships.
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1. INTRODUCTION

Solidification and stabilization are waste 
treatment processes that are intended primarily 
to reduce the mobility of waste constituents. 
Solidification is the change in the physical state 
and Stabilization is the modification of the 
waste such that it is converted to less soluble, 
mobile or toxic form (Reddi and Inyang, 2000). 

After the application of the encapsulation 
technique some tests become necessary for the 
analysis of the method effectiveness, which 
consist of chemical and physical analyses of the 
encapsulated material. Chemical analyses are 
performed on basis of leaching tests and 
chemical extraction. Physically, unconfined 
compression tests, hydraulic conductivity, 
durability, and others are necessary. 

Several leaching procedures have been 
developed to test wastes and treated soils; 
amongst them there is the column leaching test, 
which is able to simulate the water or fluid flow 
through the pores of the granular material. One 
advantage in analyzing wastes with the column 
leaching equipment is the simulation of the real 
condition that happens on field (Knop, 2003). 

According to (Lin et al. 2001), the study of 
the behavior of encapsulated soils trough 
leaching tests is essential to determine the 
environmental risks of the treated material. For 

(Cocke, 1990) the leaching test is one of the 
most important test to determine the 
effectiveness of the encapsulation of 
contaminated soils. 

This work aims to show the potential and 
effectiveness of the encapsulation technique, 
investigating specifically the chemical behavior 
of the treated and non treated soil, based on 
column leaching tests performed on a 
contaminated soil by acid oily sludge
encapsulated by Portland cement. 

2. METHODOLOGY

2.1. Materials

The soil used in this research is a silty soil 
derived from the metropolitan area of Porto 
Alegre, southern Brazil. This soil is classified as 
clayey silt (ML) according to the Unified Soil 
Classification System. The specific gravity of 
the soil is 27.2 kN/m3. Figure 1 shows the grain 
size distribution of the soil.

Portland cement of high initial strength was 
adopted as cementing agent for the 
encapsulation of the contaminated soil.

The contaminant used was an acid oily 
waste, a sludge derived from the re-processing 
of lubricating oils used in vehicles. Distilled 
water was used as the percolating liquid. 

ABSTRACT: This work aims to study the use of the encapsulation technique, also known as 
solidifications/stabilization, in a soil contaminated in laboratory with increasing quantities of an industrial 
residue containing heavy metals, using Portland cement as the encapsulating agent. The methodology consisted
in carrying out geotechnical characterization of the soil and column leaching tests for the soil previously and 
after encapsulation. The results showed that the encapsulation technique is efficient in treating soils 
contaminated by heavy metals. 
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2.2. Testing Program 

For the column leaching tests 10% and 20% of 
cement was adopted, based on the weigh of 
solids. The specimens were molded with 
parameters obtained from Standard Proctor 
compaction curves, obtained for 10 and 20% of 
cement content. For each Portland cement 
content, increasing combinations of acid oily 
sludge were adopted, in the quantities of 0%, 
2%, and 6%, regarding the soil weight. 
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Figure 1. Grain size distribution of the soil. 

2.3. Methods

The specimen preparation was carried out 
according the following steps: after the soil, 
cement and water were weighed, the soil and 
cement were mixed until the mixture acquired a 
uniform consistency. The water was then added 
continuing the mixture process until a 
homogeneous paste was created. All the 
materials were weighed with a resolution of 
0.01 gf. The specimen was then statically 
compacted in five layers directly inside the 
cylinder where the test was going to be 
performed, measuring 10.0 cm of diameter and 
30.0 cm of height.  The control of the density 
was effectuated monitoring the height and the 
weight of each layer. At the end of this phase, a 
small portion of the mixture was also taken for 
moisture content determination.  The specimens 
were cured during 3 days.

The column leaching tests were based 
essentially in the procedures described by 
ASTM D 4874 (1995).  This is a column 
method using reagent water in a continuous up-

flow mode to generate aqueous leachate from 
waste materials. 

Some requirements for column leaching 
tests apparatus are detailed in the ASTM D4874 
(1995). It is suggested that the columns, 
connections, top and end caps were made of 
contaminant resistant materials, like glass, PVC 
and steel. 

In the same way, the porous discs must be 
resistant to the chemical action. One of the most 
important points according to ASTM standard is 
the permanent cleaning of the equipment: 
columns, connections, pipes, porous discs and 
valves.

The equipment used in this research, 
detailed by Knop (2003), is shown in Figure 2. 

Figure 2 –Column leaching tests equipment – 
ENVIRONGEO/UFRGS.

The water percolated and collected in the 
column leaching tests were chemically analyzed 
following the methodologies recommended by 
(APHA, 2005).

The following parameters were analyzed:  
Aluminum, Cadmium, Zinc, Magnesium and 
pH.

3. RESULTS

3.1. Column leaching tests 

Analyzing Figures 3, 4, 5 and 6 is possible to 
observe that the concentration of heavy metals 
and pH of the leachate keep a direct relationship 
with the quantity of acid oily sludge and cement 
content of the specimens.
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It was observed for the specimens with 0% 
of cement, pH varying between 0 and 2; for the 
specimens with 10% of cement, pH between 10 
and 12 and for the specimens encapsulated with 
20% of cement, the pH observed was over 12.   
The Portland cement, as expected, modified the 
pH of the leachate. For this reason, the 
precipitation process of heavy metals possible 
occurred, making them less soluble, considering 
that some hydroxides, oxides, carbonates and 
phosphates precipitate in alkaline conditions.
The reference levels were based on the results 
obtained for the natural soil – background 
levels, compared with intervention values 
established for subterranean waters determined 
by the environmental agency of the state of São 
Paulo, Brazil (CETESB, 2001). 
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Figure 3 – Aluminum concentration versus pH in 
contaminated and encapsulated specimens. 
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Figure 4 – Cadmium concentration versus pH in 
contaminated and encapsulated specimens. 

It was observed that Cadmium, after 
treatment, was not detected or was below the 
detection limit of the method utilized. 
According to (McLean and Bledsoe, 1992), this 
occurs because the Cadmium is absorbed by the 
soil or is precipitated for pH values higher than 
6.0.
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Figure 5 – Zinc concentration versus pH in 
contaminated and encapsulated specimens. 
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Figure 6 – Magnesium concentration versus pH in 
contaminated and encapsulated specimens. 

3.2. Evaluation of contaminants reduction 

The evaluation of the contaminant reduction 
was calculated based on the available heavy 
metals present in the leachate before and after 
the treatment.

The percentage of reduction or reduction 
rates were calculated through the equation 
suggested by (LaGrega et al.  2001).
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Elevated reduction rates imply in satis-
factory results of the encapsulation process. 

( )
( ) 100RatesReduction ×−=
CNT

CTCNT
(1)

where:
CNT: Concentration of non treated parameter  
CT: Concentration of treated parameter  

The tables 1 and 2 present the reduction 
rates calculated for the contaminated and treated 
specimens with 10% and 20% of cement, 
compared with the specimens with the same 
amount of contaminant, without the addition of 
cement.

Table 1. Reduction rates of contaminated soil with 
2% of acid oily sludge, encapsulated with Portland 
cement.

Reduction Rate (%) 
Parameter 10% of cement 

2% of sludge 
20% of cement 
2% of sludge 

Aluminum 91.18 95.29 

Cadmium 96.00 100.00 

Zinc 99.97 99.99 

Magnesium 98.29 99.36 

Table 2. Reduction rates of contaminated soil with 
6% of acid oily sludge, encapsulated with Portland 
cement.

Reduction Rate (%) 
Parameter 10% of cement 

6% of sludge 
20% of cement 
6% of sludge 

Aluminum 80.25 95.80 

Cadmium 95.71 100.0 

Zinc 99.97 99.99 

Magnesium 99.93 99.99 

Is observed that the specimens contaminated 
with acid oily sludge and encapsulated with 10% 
and 20% of cement presented good reduction 
rates, practically all of them over 90%.

When comparing the influence of the 
cement content, as expected, it is possible to 
observe that the specimens containing 20% of 
cement presented a higher reduction rate than 

the specimens encapsulated with 10% of 
cement.

4. FINAL CONSIDERATIONS 

From the data presented in this work, and 
bearing in mind the limitations of this study, the 
following conclusions can be drawn: 

• The higher is the cement content, the higher 
is the leachate pH and smaller is the 
concentration of heavy metals in specimens 
contaminated by 2% and 6% of acid oily 
sludge and treated with 10% and 20% of 
Portland cement, probably due to the 
precipitation process and/or absorption due 
the elevated pH of the environment.

• From the calculation of reduction rate of 
the pollutants it can be confirmed that the 
addition of Portland cement is efficient in 
encapsulating heavy metals. 

• The column leaching equipment can be 
used to test all kinds of soils, contaminants 
and encapsulating agents, showing to be an 
efficient tool for the efficiency analysis of 
the encapsulation technique. 

ACKNOWLEDGEMENTS

The authors express gratitude to CNPq 
(Universal Project 2007, 470971/2007-0 and 
Research Productivity 300832/2004-4) for their 
financial support to the research group and for 
the doctorate scholarship to the first author of 
this research. 

5. BIBLIOGRAPHICAL REFERENCES 

American Society for Testing and Materials (ASTM). 
Standard test method for leaching solid material 
in a column apparatus: D 4874 – Philadelphia, 
1995.

American Public Health Association (APHA). 
Standard Methods for the Examination of Water 
and Wastewater. 21th ed. Baltimore. 2005. 

Cocke, D. L. The binding chemistry and leaching 
mechanisms of hazardous substances in 
cementitious solidificatins/stabilization systems. 
Elsevier, Jornaul of Hazardous Materials, 
Amsterdam, v.24, p.231-253, 1990. 

650



Companhia de Tecnologia e Saneamento Ambiental 
(CETESB). Relatório de estabelecimento de 
valores orientadores para solos e águas 
subterrâneas no Estado de São Paulo. Diário 
Oficial do Estado de São Paulo. São Paulo, 232 
p. 2001. 

Knop, A. (2003). Encapsulation of contamined soils 
by hydrocarbons. M.Sc. Thesis, Federal 
University of Rio Grande do Sul, Porto Alegre, 
Brazil. (in Portuguese). 

Lagrega, M. D.; Buckingham P. L.; Evans, J. C. 
Hazardous waste management and environmental 
resources management. 2nd Edition, 1157p. 
2001.

Lin, X.D.; Poon, C.S.; Sun, H.; Lo, I.M.C; Kirk, 
D.W. Heavy metal speciation and leaching 
behaviors in cement based solidified/stabilized 
waste materials. Journal of Hazardous Materials. 
v. A82. p. 215-230. 2001. 

Mclean, J. E.; Bledsoe, B. E. Behavior of metals in 
soils. EPA/540/S-92/018, USEPA, 24p. 1992. 

Reddi, L.N.; Inyang, H.I. Geoenvironmental 
Engineering – Principles and Applications. NY. 
494p. 2000. 

651



652



1. INTRODUCTION

Geophysical tests based on the generation and 
propagation of seismic waves are widely used in 
Earthquake Geotechnical Engineering. Seismic 
in-situ tests are often the only way to determine 
soil stiffness in undisturbed conditions, espe-
cially for coarse soils, in which undisturbed 
sampling is problematic. The shear modulus can 
easily be derived if the velocity of propagation 
of shear waves and the soil density are known. 
The shear wave disturbances, as they travel 
through the soil media, map out dilational and 
rotational strains. Hence, Vs is currently used as 
one of the important factors in site characteriza-
tion. Shear wave velocity structure could be 
ascertained through invasive techniques like 
down hole, up hole, cross hole and non invasive 
methods such as Spectral Analysis of Surface 
Wave (SASW) method and Multichannel 
Analysis of Surface Wave (MASW) method 
(park et al., 1999 and Xia et al., 1999), utilizing 
theoretically proven relation between Rayleigh 
and Shear wave velocity as shown in Eq.1. 

VR=0.9VS  (1) 

Multi channel analysis of surface wave 
method is a non-invasive method developed to 

estimate shear wave velocity profile from 
surface wave energy. Measurements of phase 
velocity of Rayleigh waves of different fre-
quencies can be used to determine a velocity 
depth profile. In the SASW method, the disper-
sion curve is obtained by using a two-receiver 
test configuration. But in MASW multi -station 
recording permits a single survey of a broad 
depth range and high levels of redundancy with 
a single field configuration. Multi channel 
analysis of surface waves overcomes the draw-
backs associated with SASW method. Multista-
tion technique increases the reliability of the 
results and shortens the execution time both in 
the field and during interpretation for surface 
wave tests.  In the recent years, MASW method 
attracted researchers all over the world. MASW 
method is powerful, rapid and cost effective 
tool for constraining shallow wave velocity 
structures. This tests were done in Delhi at 118 
locations by spreading multiple geophones for 
estimating 2D velocity profiles.

In this survey spacing between the geo-
phones and source increment had been made 
equal to 6 meters. The McSeis-SX 48 digital 
seismograph of 48 channels for the first time in 
the country is used in this study. Frequency of 
the equipment ranges from 4.5 to 4600Hz. 
Geophones of 4.5 Hz are used in the survey and 

ABSTRACT: After the Bhuj earthquake the national capital region of Delhi attracted major attention of several 
scientific studies in the recent times. Since Delhi falls in zone IV (IS 1893: 2002) with high seismic activity, 
there is a great need for site characterization and seismic hazard mapping of the area. Multi Channel Analysis of
Surface Wave (MASW) tests were done in Delhi at 118 sites in predefined grids of 2kmX3km each.. This test 
carried outdone using 48 channel digital seismograph with 4.5 Hz geophones.and two dimensional shear wave 
velocity models at every 5m depth from ground surface was developed. It is observed that the value of Vs is 
ranging from 400 to 480 m/s in the rocky sites, it is 120 to 250m/s in trans Yamuna region and 250 to 370m/s in
western side of the area. The shear wave velocity values are exactly matching with the geological and geotechni-
cal characteristics of the subsoil strata
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they are connected to the seismograph with 
connecting cables. A wooden hammer of 11 kg 
weight is used as a source for creating the 
energy. Fixed receiver configuration is used and 
source is placed between each receiver and at 
both ends of the survey line. Data for each site 
is recorded and saved in the equipment. The 
acquired data is then transferred from the 
seismograph for the analysis using SeisI-
mager/SW software. The two dimensional 
velocity model is generated for all test locations 
and the average shear wave velocity up to 30m 
(VS30) is also calculated. 

2. GEOLOGICAL AND GEOTECHNICAL 
DETAILS OF DELHI

Delhi has interesting geology on account of its 
being the end of exposed ancient Aravali 
mountain ranges extending NE in this area. 
Delhi and its adjoing region is surrounded in the 
north and east by Indo-Gangetic plaines, in the 
west by the extension of the great Indian Thar 
desert and in the south by the Aravali ranges. 
The quarzites are bedded and highly jointed 
with pegmatite intrusives. The alluvial deposits 
belong to the Pleistocene period, i.e., older 
alluvial deposits and of recent age i.e., newer 
alluvium. Older alluvium deposits consists of 
mostly inter bedded lenticular and inter finger-
ing deposits of clay, silt and sand along with 
kankar (Rao, 2003).

Based on the collected borehole data, soil 
profiles are made covering almost entire region 
to study the sub soil heterogeneity. Generally in 
trans-Yamuna, silt is very predominant. Grain 
size distribution curves are also drawn at 4 
different depths for north, south, east, west and 
central blocks in Delhi. In the eastern block the 
soils are sandy silts/silty sands with high per-
centage of medium to fine sand. The areas like 
Noida, Mayur Vihar, Yamuna Vihar, Abdul 
Fazal Enclave, Geeta Colony which falls in the 
eastern block has very soft soil deposits and 
high water table. Northern and Western blocks 
have silty sands with reasonable percentage of 
clay. The areas like Rohini, Punjabi Bagh, 
Paschim Vihar, Janakpuri, Dwarka which falls 
in these blocks. The south and central blocks 
have gravelly sands with percentage of gravel 
(Ghitorni, Maidan Garh, Sat Bari,). Rao & 
Neelima (2004) explained the geotechnical 
properties of Delhi soils in detail. 

3. MASW TESTING

MASW technique has been developed in 
response to the shortcomings of SASW. The 
simultaneous recording of 12 or more receivers 
at short (1-2m) to long (50-100m) distances 
from an impulsive or vibratory source gives 
statistical redundancy to measurements of phase 
velocities. Multichannel data displays in a time 
variable frequency format also allow identifica-
tion and elimination of non fundamental mode 
Rayleigh waves and other coherent noise during 
the analysis process. The field setup, acquisition 
process and analysis procedure are explained 
below in detail. 

3.1 Field Study 

This MASW test is done in Delhi at various 
locations by spreading multiple geophones for 
estimating 2D Velocity profiles. Figure 1 shows 
the field set up of the MASW test. In this survey 
spacing between the geophones had been made 
equal to 6 meters. All the geophones are con-
nected to the seismograph and the source is 
shifted with 6 m increment. An additional 
geophone is used as a trigger geophone to 
intialize the recording. The generated Rayleigh 
wave data are recorded at all shot points. 

3.2 Data Acquisition 

The 48 channel signal enhancement 
seismograph is used for acquisition of the 
seismic data. Geophones of 4.5 Hz are used and 
they are connected to the seismograph with 
connecting cables as shown in Fig. 1.  

Figure 1. Sketch  of MASW Test Spread 
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A wooden hammer of 11 kg weight manu-
ally impacted on 165cm2 aluminum plate is 
used for creating the energy. Fixed receiver 
configuration is used and the source is placed 
between each receiver and at both ends of the 
survey line. Around 13 shots are created at each 
test location in the present study. Data for each 
shot is digitally recorded and saved in the 
equipment. Figure 2 shows the multichannel 
records (shot gathers) of the geophones at JNU 
campus with source at mid point of the survey 
line. The acquired data is then transferred for 
the analysis. The following are the recording 
parameters (Table 1) during the acquisition 
process.
Table 1. Seismic data recording parameters 

Recording system: McSEIS-SX 48 
Sampling Interval: 500 μs
Memory: 2kb 
Recording Format: SEG-2 
Pre trigger: ON 
Stack mode: Summation 
Geophones: 12 geophones of 4.5 Hz 

frequency
Geophones array: Linear with geophone 

spacing of 6m 
Source: 11kg sledge hammer on 

165cm2 metal plate 
Source array: Source is shifted with 6m 

interval
Offset distance : 3m 

Figure. 2. Multichannel Records (Shot Gathers) at 
JNU Campus with Source at Mid Point of the Survey 
Length

SeisImager/SW software has three more 
softwares i.e., Pickwin95, WaveEq and 

GeoPlot. Figure 3 gives the flowchart with the 
detailed steps involved in the analysis of surface 
wave data for getting two - dimensional shear 
wave velocity model. 

Figure. 3. Flowchart for the Analysis of Surface 
Wave Data Using SeisImager/SW 

The first step in the analysis is making the 
file list in which all waveform files and source 
receiver configuration are mentioned and then 
cross correlation CMP gather is calculated. 
Dispersion curves are calculated by converting 
it into frequency domain and then checked. 
Generation of a dispersion curve is one of the 
most critical steps for generating an accurate 
shear wave velocity profile. Dispersion curves 
are generally displayed as phase velocity versus 
frequency. This relation can be established by 
calculating the phase velocity from the linear 
slope of each component of the swept frequency 
record. Figure 4 shows the phase velocity 
curves of JNU campus. The 1D shear wave 
velocity profiles are calculated using non linear 
least square method using the dispersion data.

Figure.  4. Phase Velocity Curves for JNU Site 
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An intial velocity model should be defined 
such that Vs at a depth Zf is 1.09 times the 
measured phase velocity Cf at the frequency 
where wavelength λf satisfies the relationship

Zf = a λf (2)

where a is a coefficient that changes with 
frequency slightly and is based on extensive 
modeling. Finally 2D velocity model can be 
generated in Geoplot.

4. RESULTS AND DISCUSSIONS

Surface wave profiling using this MASW 
method will provide a non destructive, quick 
(data from 2 sites can be acquired in one day) 
and accurate shallow subsurface image of the 
shear wave velocities. Here the velocity model 
for three sites with varying soil thickness is 
explained. Figure 5 gives the 2D VS model at 
JNU Campus (rocky site), Sector 51 Noida (soft 
soil site) and IIT Campus (medium soil cover). 
JNU campus is located on the weathered quartz-
ite with shear wave velocities ranging from 300 
to 500 m/s vertically below from the surface 
(Fig.5a). Where as Figure 5(b) corresponds to 
the Sector 51, Noida falls in trans Yamuna 
region. This soft soil sites with high sedimen-
tary thickness registered low shear wave veloci-
ties. The Fig. 5(c) is the 2D velocity model at 
IIT campus. Also, The field shear wave velocity 
from MASW test is compared with the esti-
mated values using the empirical formulae 
developed. It is observed that the experimental 
shear wave velocity and the empirically esti-
mated values are almost equal up to 20m depth. 
But at depths greater 20m, Vs from MASW test 
are slightly higher than the calculated value 
using empirical formulae developed.

(a)

 (b) 

(c ) 

Figure 5. Two Dimensional Velocity Model (a) JNU 
Campus, (b) Sec-51, Noida and (c) IIT Campus 

It is clear that this method is useful for geo-
technical engineers/seismologists who need a 
quick assessment of site characterization or a 
reliable velocity structure, which is used in 
earthquake ground motions. Empirically this 
site classification can be used for estimating site 
amplifications.
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